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Abstract

Modern tall residential Reinforced Concrete Shear Wall (RCSW) buildings in Metro Vancouver
are exposed to a considerable hazard due to the proximity of various seismic sources, such as the
Cascadia Subduction Zone (CSZ), and the presence of Georgia sedimentary basin, which can
amplify the intensity of ground motions at medium-to-long periods. Current building codes do not
account for basin amplification effects, they intend to ensure life-safety in extreme earthquakes
and do not explicitly minimize damage to building components that preserve building
functionality. This study aims to provide insights into the expected loss and functional recovery
time of tall RCSW buildings in Metro Vancouver under a variety of earthquake intensities. To this
end, nonlinear models of archetype RCSW buildings are developed for eight different locations in
Metro Vancouver. These models are subjected to ground motions representative of a range of
hazard levels as per Canada’s 2015 National Seismic Hazard Model, which neglects basin effects,
as well as a suite of simulated ground motions of M9 CSZ earthquake scenarios, which explicitly
accounts for basin amplification. The structural responses are employed to conduct a loss
assessment using a well-established methodology and a downtime assessment using a recently
developed framework. Loss estimates show that the mean loss ratios under the M9 motions vary
between 1.4% and 32% across Metro Vancouver and range from 0.7% to 14% for the range of
hazard levels considered in this study. Downtime estimates show that the functional recovery time
of buildings subjected to the M9 motions can range from 175 to 543 days and vary between 164
to 491 days for the range of hazard levels considered. The archetype buildings do not meet the
robustness criteria of ensuring that there is a probability of less than 10% of not achieving

sheltering capacity under the functional level earthquake (~ 475 year return period). Similarly, the
iii



archetype buildings do not meet the rapidity criteria of observing less than a 10% probability of
not achieving functional recovery within four months after the functional level earthquake.
Downtime deaggregation shows that the main contributor to functional recovery time is attributed

to slab-column connection damage.



Lay Summary

This thesis provides insights into the time it will take modern residential tall Reinforced Concrete
Shear Wall buildings in Metro Vancouver to achieve functional recovery when subjected to
different earthquake ground motion shaking intensities. To this end, advanced analyses are
performed on robust analytical models of such buildings under different earthquake types and
intensities. Results of these analyses are used to estimate the earthquake-induced economic loss
attributed to seismic damage throughout the building. Also, the time required for the buildings to
regain functionality after being subjected to an earthquake is estimated. These predicted building
downtimes are used to evaluate the building performance against different resilience-based
performance metrics. In addition, important factors which contribute to economic loss and

functional recovery time of the buildings are identified.



Preface

This thesis is the original, independent work of Parsa Taghvaei. The author was responsible for
the literature review, model development, computational analysis, data processing, and
presentation of results. The thesis has been drafted and revised by the author based on review

comments by Dr. Carlos Molina Hutt and Dr. Jose Centeno.

Vi



Table of Contents

AADSTFACT. ...t ii
LAY SUMIMBEY ...ttt sttt st s st e s R e e e b e e e bt e e e kb e e e bt e e e nbe e e enbeeennneeennes v
PIETACE. ...ttt Vi
TabIE OF CONTENTS ......cviiiieiee ettt nr e vii
LISE OF TADIES ..t b et bbb n Xi
I TS A0 1o U] TSR Xii
ACKNOWIEAGEIMENTS ...ttt ettt e s e ae et e e re e e beebeeneesreeeeenes XX
D LTo [[or=1 4 0] o IR TSP T TP P PP PSPPI xxii
Chapter 1: INTrOAUCTION .......ooiiieie ettt e e e esreeeennes 1
1.1 Background, AiIms and ODJECLIVES .........ccciveiiiiiiiiieic et 1
I Y/ T i aToTo (o] oo VOSSO 7
1.3 TRESIS SEIUCTUIE ..ottt 9
Chapter 2: LIterature REVIEW .........cccuiiieie ettt te et sra e ste e sreenne e 12
2.1  Reinforced Concrete Shear Wall Buildings..........ccccoveiiiiiiiciieie e 12
2.2 Archetype DESCHIPLION .....ccuviiiiic ettt 15
2.3 Deep Sedimentary Basin EffeCtS .........ccccovoiiiiiiicii i 20
2.4  Simulated M9 CSZ Earthquakes and Georgia Sedimentary Basin.............c...cccccceueene.. 22
2.5 Nonlinear Modeling of Reinforced Concrete Shear Wall Buildings.............cccccoveenn. 27
2.6 Damage and LOSS ASSESSIMENT .......ccuuiiieiieeiieeitee st esteeseeese e st e sbeeseeesreesaeasreesaeanreens 34
2.6.1 Performance-based Earthquake ENQINEEring..........cccouevvieiiiiiiiiie e 35
2.6.1.1 Assembling Building Performance Model.............ccccoeviiiiiiiiiicic e 36

vii



2.6.1.2 Define Earthquake Hazards ..........ccccceeveriereiieieese e 37

2.6.1.3  Analyze BUilding RESPONSE........ccviiiiieiieie et 38
2.6.1.4 Develop Collapse Fragility .........ccceeveiiieiieiiiie e 38
2.6.1.5 Calculate PErfOrmanCe..........cooeoeiiiieieiic e 38
2.6.2 Loss Assessment of Tall RCSW BUIldINGS .......cccovvevieiieiieiicic e 40
2.7 DOWNTIME ASSESSIMENT ...ttt 42
2.7.1 Background on Downtime ASSESSMENT .........ccveieieereerieiieseeseeseeseesie e sre e 42
2.7.2 Downtime ASSESSMENt FIaMEWOIK .........ccciviiiiiiiiiiiiieieese e 46
2.7.2.1 Recovery States and Post-Earthquake Usability..............cccccocevvveiiiiniiiincnn, 47
2.7.2.2 Impeding Factor DElays..........ccoveiiiieiieieee e 49
2.7.2.3  BUIldINg REPAIN TIME ...veoiieiiiiiccie ettt sre e 51
2.7.2.4  Robustness and RaPIAity..........cccciieieiiieiieie e 53
Chapter 3: Structural Analysis Model Development and Validation................cccccoveveieenenn, 56
3.1 OPBNSEESPY ...ttt e e e s e e nr e e e nrae e e 56
3.2 BUIIAING MOUEL ..ot re et 57
3.2.1 Reinforced Concrete Shear Wall Model ... 60
3.2.1.1 Constitutive Material MOEIS ..........cocooiiiiiiiiiiiieee e 64
3.2.1.1.1  Concrete MOdel .........oooiiiiicee e 64
3.2.1.1.2  StEel MOUEN ... 66
3.2.1.2  Material ReQUIANIZAtION ........ccueeiiiiiiciie e 68
3.2.1.3  SNEAI RESPONSE .....teiiiiiiteitie sttt ettt ettt e et et e e sbe e teesneeenes 69
3.2.1.4 Nonlinear Model Validation ... 70
3.2.2  P-Delta EffECES ..o 72



3.2.3  BaASEMENT MO ...ttt e e e e e aeens 73

3.2.4  Damping ASSUMPLIONS......cueiieiieeieiiesieeieseeseeee e ste e ssaesreeresraesreeteaseesreenneeneens 75
3.2.5  ANAIYSIS SEHINGS....cuviiieeiiiieie et e s sre e e s te e e areenreereenee e 76
3.2.6  SOIVING CONVEIGENCE ISSUES ....cvveiveeieeieeiesieesieeiesiee e estesseestaesaesnaesseesteaneesraesreenee e 77
Chapter 4: Seismic Hazard and Ground Motion Selection ...........ccccceveiieveeie e ieece e, 79
4.1  Scenario and Intensity-Based Seismic Performance ASSeSSMENtS .........ccccevvevvererennnnn. 79
4.2  NBC 2015 Ground IMOLIONS. .......ccueiiiiriiieiiniesieise et 80
4.3  Simulated M9 CSZ Earthquake Ground MOLIONS...........ccccviieiieieee e 83
Chapter 5: Nonlinear Simulation of Structural RESPONSE ...........cccevveieiieieee e, 85
TS 1 (0] 4 YA B 1] 1 0 - £ o SRR 86
5.1.1 TransSient Drift RALIO ........ccoiiiiiiiiiieii s 86
5.1.2 ReSidual DFift RALIO ......ccviiiiiieiiiiiieis e 89
5.1.3 Racking and Damageable Wall Drifts ............ccccoceiiiiiiie i 92
5.1.3.1  Racking Drift RAtIO........c.cccveiiiiiiiie e 94
5.1.3.2 Damageable Wall Drift RAtio ..........ccccoevveiiiieceece e 98

5.2 Peak FIoor ACCEIEIatioN...........ccoouiiiiiiiiiiieiiee e 100
5.3 WA SETAINS.....ouiiiiiiiieieie ettt 103
5.3.1 CoNCrete COMPIESSION .....ccuveviiiieiieeiteeee st e ste e e e este s e steesresreesbeentessaesaeeseeseesreeneens 103
5.3.2  SHEEI TONSION. ..ottt 106

5.4 Wall SNEAI FOICE......ciiiiiiiiiii e 109
55  Summary of Structural RESPONSES ........cciiiiiieiiiiit et 112
Chapter 6: Damage and L 0SS ASSESSIMENT .........ccviiiiiiieiie et sre e 114
6.1 Building Performance MOodel.............cooviiiiiii e 114



6.2 LL0SS ASSESSIMENT RESUILS ... ettt e e et ee e e e e e anaa 122

Chapter 7: DOWNEIME ASSESSIMENT .......cviiieieeie ettt e e e e e sre e enes 132
7.1  Downtime to Different RECOVEIY STAtES ........cceiveviieiieiieiiee e 133
7.2 DOWNLIME TIaJECIONY ..eouviiueeieeieseeste ettt e ettt e et e e st este e e s e e sreeeesreeareeneeas 136
7.3 RobUStNESS anNd RAPIAILY ......cc.vcieiiiiiecie s re e 145
7.4  Downtime Deaggregation .........cccoveiiiiieiieieerie e steesie e sre e sre e e e e e e e 148
7.5  Summary and ReCOMMENALIONS ........c.eiieriveiiiiesie e 155

(O gF=T 0] (=] gt T O] g Tod (1] [0 13O 157
8.1  SUMMArY OF FINAINGS....cviiieiiieic et 157

8.1.1 Summary of Nonlinear Analysis RESUILS ...........cccccviiiiiiiicicec e 157
8.1.2 Summary of L0sS ASSESSMENt RESUILS ......ccvecvviiieeieiic e 158
8.1.3 Summary of Downtime AsSSeSSMENt RESUILS .........ccccveiieiiiieiecie e 160

8.2 FULUIE STUTIES ...ttt 162
RETEIBINCES ...t 165



List of Tables

Table 2.1. Dynamic properties of the archetype RCSW (Eksir Monfared et al., 2021). ............. 17
Table 2.2. Summary design of the coupling beams (Eksir Monfared et al., 2021)...................... 18
Table 2.3. Summary design of the walls (Eksir Monfared et al., 2021). ........cccccvevvieivecieenene, 19

Table 2.4. Locations of study within Metro Vancouver including coordinates, Vs30, Z2.5, and
SA(T=3s) corresponding to the NBC 2015 2475-year return period spectrum and the average of
the simulated ground motions of M9 CSZ earthquakes (Eksir Monfared et al., 2021)................ 24

Table 2.5. Recovery states, building condition, and associated repair class for downtime

estimation (Molina Hutt et al., 2022)..........ccoeoiiiiiiiec e 48
Table 3.1. Modal analysis FESUILS. ........cueiieie et 58
Table 4.1. Ground motion records database. ...........ccoviireiiiieiei e 80
Table 4.2. Scenario-SpecifiCc PEriOd FANQE. ......cviiiecece et 81

Table 5.1. Summary of peak of the means of structural responses for all locations and hazard
LIS, bR Rt bbbt 112
Table 6.1. Components considered in the building performance model of the RCSW building
L (0] 01=1 1 01T TSP ROSROSON 116
Table 6.2. Collapse probabilities at different sites in the scenario-based assessment. .............. 119
Table 7.1. Median downtime realization to different recovery states (shelter-in-place,

reoccupancy, and functional recovery) under the scenario and intensity-based assessments. ... 136

Xi



List of Figures

Figure 1.1. Population density of British Columbia in 2017 (Environmental Reporting BC, 2018):
(a) Population of different Regional Districts across British Columbia; (b) Population density map
(population per km2) of British COlUMDIA.............ccoiiiiiiic e 3
Figure 1.2. Research MethodolOgY. ......cc.ciueiuiiieiieir ettt 7
Figure 2.1. Examples of reinforced concrete shear wall cross sections (Moehle et al., 2011).... 13
Figure 2.2. Schematic of a core reinforced concrete shear wall system (Moehle et al., 2011). .. 14
Figure 2.3. Target yield mechanism of coupled reinforced concrete shear wall systems (Moehle
BE AL, 20L1). w.vereeeeeeeeeeeeeeee e e eseeee e et e s s ettt e et ettt e e 14
Figure 2.4. Archetype RCSW building: (a) isometric view; (b) superstructure plan view (Eksir
Monfared et al., 2021)......cueiieieeie et e e re e re e e e e re s 16
Figure 2.5. Reinforcement layout of the walls (Eksir Monfared et al., 2021). .........c.ccccoovevieennens 19
Figure 2.6. Variation of Z>s across southwest British Columbia, selected locations of study
throughout Metro VVancouver as well as geographical distribution of reinforced concrete shear wall
(RCSW) buildings (> 8 stories) constructed since 2000 (Eksir Monfared et al., 2021). .............. 23
Figure 2.7. Variation of the simulated ground motions of M9 CSZ earthquakes response spectra
in Vancouver against the design response spectrum (i.e. 2475-year hazard) (adopted from Eksir
Monfared et al., 2021)......cc.ciiiieeie et e e nte e nre e e re s 25
Figure 2.8. Variation of the simulated ground motions of M9 CSZ earthquakes response spectra
against the design response spectra (i.e. 2475-year hazard) in different locations (adopted from

Eksir Monfared et al., 2021). ......vooiiiiieiie e 26

xii



Figure 2.9. Different approaches to simulate the nonlinear response of RCSW: (a) zero-length
hinge model; (b) fiber-type beam column element; (c) beam-column element with flexure-shear
interaction; (d) fiber-shell element; (e) layered-shell element; (f) 3D continuum elements (NIST,
2017b). Note that BE means boundary element. ............ccccvvieiieiiiie i 28
Figure 2.10. Modeling of RCSWs using fiber-type beam column element model: (a) sample shear
wall; (b) Fiber-type beam column element Model. ..o 31
Figure 2.11. Regularized material response (Pugh, 2012).........cccccoeiieiiiiieiiieie e 34
Figure 2.12. First generation performance-based earthquake engineering methodology (after
Holmes)(Moehle & Deierlein, 2004). ........ccoiieii it sre e 35
Figure 2.13. Flowchart of FEMA P-58 performance assessment methodology (FEMA, 2018). 36
Figure 2.14. Flowchart for performance calculation in each realization (FEMA, 2018). ........... 39
Figure 2.15. Sequencing of impeding factor delays for downtime estimation (Molina Hutt et al.,
2022). oo eeeeeree ettt ettt ettt ee ettt e et 49
Figure 3.1. Schematic of the (a) building plan and tributary area of the walls and columns; (b)
OpenSeesPy analytical MOGEL. ..........c.oouiiiiiece e 59
Figure 3.2. Variation in the axial force in different integration points along the height of the shear
wall with different nuMber of €leMENES. ..o 61
Figure 3.3. Possible configurations of the fiber-discretized wall sections of each cantilevered pier
in the building model: (a) C-shaped configuration; (b) I-shaped configuration. The steel bars are
not shown for clarity and the red zones are the boundary regions............cccccovvvevieiiecieenee s, 62
Figure 3.4. Sensitivity of moment-curvature response of the wall to the number of fibers. Default
number of fibers refers to the case where 12 and 30 divisions are considered in each flange and

web Of the Wall, FESPECLIVEIY. ......ooiiiiic e s 63

Xiii



Figure 3.5. Stress-strain relation of the Concrete02 material in OpenSees (Mohd Yassin, 1994).

Figure 3.6. Steel material model stress-strain relation (Menegotto & Pinto, 1973). .......c........... 68

Figure 3.7. Sectional analysis results of each cantilevered pier at the grade level of the building:

(a) Moment-curvature response; (b) extreme tension steel fiber. ... 69
Figure 3.8. Section aggregator command in OpenSees (OpenSeesWiki, 2016)..........c.cccevvennens 70
Figure 3.9. Shear wall calibration reSUILS.............cooiieiiii e 71
Figure 3.10. Equilibrium force for Yura derivation (Geschwindner, 2002). ..........ccccceeevveieennens 72

Figure 3.11. Story shear for different values of (a) basement diaphragm stiffness; and (b) basement
wall stiffness under a simulated ground motion of M9 CSZ earthquake in Delta. Note that the
default basement stiffness is used in this study for nonlinear time-history analysis. ................... 74
Figure 3.12. Percent of critical damping at different periods for mass, stiffness, and Rayleigh
Proportional damMPING. .......ceoiiii et re e nre e e re s 75
Figure 4.1. 10% in 50-year target spectra, individual ground motions spectra, and average spectra
for seismic sources: (a) Crustal, (b) Intraslab, (c) Interface. ........ccccocvveiiieiiicceee e, 82
Figure 4.2. Design target spectrum, individual ground motions spectra, and average spectra for
M9 motions in the locations of interest across Metro Vancouver area: (a) Delta; (b) Richmond; (c)
Burnaby; (d) Surrey; (¢) New Westminster; (f) Vancouver; (g) North Vancouver; (h) West
W ANCOUVET . ...ttt bbb bbb bbbt bt e b e e b e b e ene e 84
Figure 5.1. Comparison of the transient drift ratios associated with the scenario-based assessments
and average response of each hazard level considered in the intensity-based assessments. Sites

flagged with an * indicate locations where some time-history analyses resulted in collapse. Refer

Xiv



to Table 6.2 for exact collapse probabilities. Results shown are the average of non-collapse time-
NISTONY BNAIYSES. ...ttt et e e e e e e s be e teeseesbeebeaneesreesteaneenreeneens 87
Figure 5.2. Transient drift ratios associated with each seismic source for different hazard levels in
the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-year
MOtIONS; () 100-YEAr MOTIONS. ......eeitieieieesie et ceese e et a e e te e b e s e e sbeeeesneesaeeeeas 88
Figure 5.3. Comparison of the residual drift ratios associated with the scenario-based assessments
and average response of each hazard level considered in the intensity-based assessments. Sites
flagged with an * indicate locations where some time-history analyses resulted in collapse. Refer
to Table 6.2 for exact collapse probabilities. Results shown are the average of non-collapse time-
NISTOMY ANAIYSES. ...t ettt e et e e e e st e e teere e s be e beaneesbeeneaneenteeneeas 90
Figure 5.4. Residual drift ratios associated with each seismic source for different hazard levels in
the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-year
MOtIoNS; () 100-YEAr MOTIONS. ......eiivieieiiesie ettt sre e re e te et e s e sreeneeneesteeeeas 91
Figure 5.5. ldealized schematic of the building deformation to illustrate damageable drift
calculations (Molina Hutt et al., 2022). .......ccccoeiiiiiec et 93
Figure 5.6. Comparison of the racking drift ratios associated with the scenario-based assessments
and average response of each hazard level considered in the intensity-based assessments. Sites
flagged with an * indicate locations where some time-history analyses resulted in collapse. Refer
to Table 6.2 for exact collapse probabilities. Results shown are the average of non-collapse time-
RISTONY ANAIYSES. ... ittt et e s a e et e e s be e e beesbe e e be e s reeereenneeanes 96
Figure 5.7. Racking drift ratios associated with each seismic source for different hazard levels in
the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-year

MOtIONS; (d) 100-YEAr MOTIONS. ......cciiiiiiiiiie ittt e s e e be et aeereenne e 97



Figure 5.8. Comparison of the damageable wall drift ratios associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses resulted
in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the average of
NoN-collapse tiMe-hiStOry aNalYSES. .......ccveiiiieiiee e sre e 98
Figure 5.9. Damageable wall drift ratios associated with each seismic source for different hazard
levels in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-
year motions; (d) 100-YEar MOLIONS. ......cecuiiiiieeieieece ettt sre e sre e sreenee e 99
Figure 5.10. Comparison of the peak floor accelerations associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses resulted
in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the average of
non-collapse time-hiStory aNalYSES. ........cveiieii i 101
Figure 5.11. Peak floor accelerations associated with each seismic source for different hazard
levels in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-
year motions; (d) 100-YEaAr MOLIONS. ........ccviiiiieieeie ittt e e sae e sraesaesaesreeneen 102
Figure 5.12. Comparison of the peak concrete compressive strain associated with the scenario-
based assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses resulted
in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the average of

non-collapse time-hiStory anNalYSES. .........coiiiiiiiii e 104

XVi



Figure 5.13. Peak concrete compressive strain associated with each seismic source for different
hazard levels in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c)
475-year motions; (d) 100-YEar MOLIONS. ........cciveiiirieieeieeeeseese e se et sreeste e sreesaeseesreeeens 105
Figure 5.14. Comparison of the peak steel tensile strain associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses resulted
in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the average of
non-collapse time-hiStory aNalYSES. ........cveiieii i 107
Figure 5.15. Peak steel tensile strain associated with each seismic source for different hazard levels
in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-year
MOtIoNS; (d) 100-YEAr MOTIONS. .......ciieeieiie ittt e e sbe e sraereenne e 108
Figure 5.16. Comparison of RC pier shear demand associated with the scenario-based assessments
and average response of each hazard level considered in the intensity-based assessments. Sites
flagged with an * indicate locations where some time-history analyses resulted in collapse. Refer
to Table 6.2 for exact collapse probabilities. Results shown are the average of non-collapse time-
RISTOIY @NAIYSES. ...ttt e st e et e s e sa e e saeere e s beebeeneesaeereenee e 109
Figure 5.17. RC pier shear demand associated with each seismic source for different hazard levels
in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-year
MOtIoNS; (d) 100-YEAr MOLIONS. .......civieiiiie ittt st beesae e sraeeeenee e 111
Figure 6.1. Comparison of the EDPs obtained from Monte Carlo simulation and time-history
analysis for 2475-year motions: (a) transient drift ratio; (b) racking drift ratio; (c) damageable wall

drift ratio; (d) peak floor aCCeIEration. ..........cccuvoiuiiiie i 120

XVii



Figure 6.2. Residual drift ratio histograms for 2475-year motions obtained from: (a) time-history
analysis; (b) Monte Carlo SIMUIALION. ...........ccoiiiiii e 122
Figure 6.3. Mean loss ratio for the intensity- and scenario-based assessments. ..............c......... 123
Figure 6.4. Variation of loss ratio for intensity-based assessments with (a) 2475-year; (b) 975-
year; (c) 475-year; (d) 100-year return periods and scenario-based assessments at (e) Delta; (f)
Richmond; (g) Burnaby; (h) Surrey; (i) New Westminster; (j) Vancouver; (k) North Vancouver;
(1) WESE VANCOUVEL . ..ottt ettt sttt et te et e ne e be et e e st e nbeeneenteabeenteaneesnaenreenee e 124
Figure 6.5. Percentage of collapse, irreparable, and repairable realizations for the intensity- and
SCENAII0-DASEA ASSESSIMENTS. ...evviiiiiiteitisieetier ettt sttt sttt b et st e b e e e s e eesbesbesbesrenreas 125
Figure 6.6. Loss deaggregation for the intensity- and scenario-based assessments. ................. 126
Figure 6.7. Loss vulnerability function for the intensity- and scenario-based assessments. ..... 127
Figure 6.8. Repairable loss deaggregation for the intensity- and scenario-based assessments. 129
Figure 7.1. Downtime to different recovery states for the median realization of the intensity- and
SCENAII0-DASEU ASSESSIMENTS. ...cveiieieiteitieeeiie e et st ettt re et e et e st besbeese e es e eenbesbesbearenneas 133
Figure 7.2. Recovery trajectories for each repair path to functional recovery of the median
realization of the scenario-based assessment in New Westminster. Numbers in round brackets, (),
indicate the duration of the impeding factor. The letter in square brackets, [ ], indicate the repair
paths affected by each impeding factor delay. ..........ccoveiieiiiciicc e 138
Figure 7.3. Recovery trajectories to (a) functional recovery; and (b) shelter-in-place recovery
states for the median realization of the intensity- and scenario-based assessments. .................. 140
Figure 7.4. Recovery trajectories to functional recovery state for all realizations of the intensity-

based assessments with (a) 100-year; (b) 475-year; (c) 975-year; (d) 2475-year return periods and

XViii



scenario-based assessments in (e) Delta; (f) Richmond; (g) Burnaby; (h) Surrey; (i) New
Westminster; (j) Vancouver; (k) North Vancouver; (1) West VanCouver.............cccccceevvevvesneenne. 142
Figure 7.5. Variation of downtime to achieve the functional recovery state for the intensity-based
assessments with (a) 2475-year; (b) 975-year; (c) 475-year; (d) 100-year hazard levels and the
scenario-based assessments at (e) Delta; (f) Richmond; (g) Burnaby; (h) Surrey; (i) New
Westminster; (j) Vancouver; (K) North Vancouver; (1) West VanCouver.............ccccccevvvevvesneenne. 144
Figure 7.6. Percentage of realizations for where the criticality of the immediate post-earthquake
recovery state is greater than that of target recovery state of: (a) shelter-in-place, (b) reoccupancy,
and (c) functional recovery for the intensity and scenario-based assesSments. ..........cccccvevveennene 146
Figure 7.7. Downtime to achieve Functional Recovery (FR), Reoccupancy (RO), and Shelter-in-
Place (SiP) recovery states for the intensity- and scenario-based assessments. ............c.cccc....... 147
Figure 7.8. Mean downtime to achieve functional recovery state for the intensity- and scenario-
based assessments including contributions from collapse, irreparable damage, and repairable
(0T L T To TSP URPSROSON 149
Figure 7.9. Percentage of repairable realizations in which a component incurs damage that hinders
either of recovery states for the scenario-based assessments in (a) Delta; (b) Richmond; (c)
Burnaby; and for the intensity-based assessments with (d) 2475-year; and (e) 475-year hazard
LIS, bR Rt bbbt 152
Figure 7.10. Deaggregation of mean downtime to functional recovery for repairable realizations
for the scenario-based assessments in (a) Delta; (b) Richmond; (c) Burnaby; and for the intensity-

based assessments with (d) 2475-year; (e) 975-year and (f) 475-year hazard levels. ................ 154
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Chapter 1: Introduction

1.1 Background, Aims and Objectives

Southwest British Columbia is recognized as the most earthquake-prone region of Canada
(Earthquakes Canada, 2021). The presence of various active faults in this region can cause different
types of tectonic plate movements and contributes to a significant seismic hazard (Earthquakes
Canada, 2021). The Cascadia Subduction Zone (CSZ), which is located approximately 120 km
from Metro Vancouver, is a significant contributor to the seismic hazard of the region. Megathrust
earthquakes in the CSZ are produced as a result of the movement of the Juan de Fuca Plate toward
and underneath the North American Plate (City of Vancouver, 2021). Geological records indicate
the last large-magnitude (~M9) earthquake in the CSZ occurred in 1700, causing severe damage
locally (Arima et al., 1991) and a tsunami that impacted the coastlines of Japan (Rogers et al.,
2015). Shallow crustal earthquakes are another hazard contributor in this area. These earthquakes,
which are more frequent than large-magnitude CSZ earthquakes, can also be highly damaging (e.g.
the 1946 Vancouver Island earthquake) and pose a considerable risk due to their proximity to
Vancouver (City of Vancouver, 2021). These motions happen within the continental North
American plate to a depth of 35 km as a result of fault movement in crusts (Wang, 2020). The
Deep intraslab earthquakes, which can produce less damaging ground motions due to their deep
hypocenter (around 50 to 60 kilometers (Wagstaffe, 2016)), but with a similar frequency of
occurrence to that of crustal earthquakes, are another contributor to the seismic hazard in the
region. These intraslab events are caused by an extension of the subducting Juan De Fuca Plate
that has already moved under the Strait of Georgia and the mainland coast (Wagstaffe, 2016). The

2001 Nisqually earthquake is an example of an intraslab earthquake (Wagstaffe, 2016).
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Metro Vancouver Regional District is the most densely populated area in British Columbia
(Environmental Reporting BC, 2018). Figure 1.1 illustrates the population densities in different
Regional Districts of British Columbia in 2017 reported by the provincial government
(Environmental Reporting BC, 2018). The high population density in Metro Vancouver has led to
a high concentration of buildings and infrastructure in this region. This high exposure (people and
assets), coupled with the regional seismicity, contribute to a considerable regional seismic risk.
Among the multi-faceted earthquake risks facing Metro Vancouver, the large number of tall
residential buildings are of special concern due to their size and high occupancy loads where
significant damage to even a single building can cause disproportionately harmful impacts on the
community (Molina Hutt et al., 2021). Most modern tall buildings in Metro VVancouver adopt a
Seismic Force Resisting System (SFRS) composed of Reinforced Concrete Shear Wall (RCSW)
in the form of a centralized core. According to Emporis (2020), more than 500 tall buildings (>8
stories) have been built in Metro VVancouver since 2000, out of which almost 90% are RCSWs.
Studies on recent earthquakes (e.g. the 2010 Maule earthquake (Chile) and the 2011 Christchurch
earthquake (New Zealand)) demonstrate the efficacy of RCSW buildings in ensuring the life-safety
of building occupants (Ji et al., 2017). Nevertheless, the damage level observed in these buildings
required considerable repair costs and times, leading to a long-lasting loss of occupancy and a slow

recovery of the community (Goretti et al., 2017).
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Figure 1.1. Population density of British Columbia in 2017 (Environmental Reporting BC,
2018): (a) Population of different Regional Districts across British Columbia; (b) Population
density map (population per km2) of British Columbia.

Tall buildings in Metro Vancouver are particularly vulnerable to long period ground motions
caused by distant, large magnitude subduction earthquakes, such as those generated by the CSZ,
due to the effects of the Georgia sedimentary basin, a large elongated northwest oriented forearc
basin underlying the Strait of Georgia (Dash et al., 2007) containing deposits distributed over an
area of approximately 25,000 km? (England & Bustin, 1998). Previous studies, such as Choi et al.
(2005); Marafi et al. (2017); and Morikawa & Fujiwara (2013), highlight that long-period spectral
accelerations of recorded motions in deep sedimentary basin sites (such as the Georgia sedimentary
basin) are higher than those in outside of basin sites. Because tall buildings are characterized by
long periods of vibration, the vulnerability of these structures to ground motion shaking is
compounded by the presence of deep sedimentary basins. Despite evidence of past large-

magnitude CSZ earthquakes, through native oral histories and paleo-seismic records (Atwater et



al., 1995), no quantitative observations of ground motion shaking during these events is available
(Eksir Monfared et al., 2021). As a first step in addressing this limitation, Frankel et al. (2018)
produced 30 sets of broadband synthetic seismograms for M9 CSZ earthquakes. The approach
followed in their study accurately reproduced ground motions from the 2003 M8.3 Tokachi-Oki
(Wirth et al., 2017) and 2010 M8.8 Maule, Chile (Frankel, 2017) earthquakes. These M9 CSZ
earthquake simulations used a 3D velocity model (Stephenson et al., 2017), which characterizes
the geological profile of the region, and thereby explicitly accounts for deep sedimentary basin
amplification. Despite the amplification effects of deep sedimentary basins on ground motion
shaking, current seismic design provisions in Canada, i.e., NBC 2015 (NRC, 2015) do not

explicitly account for this phenomenon (Eksir Monfared et al., 2021).

Current building code seismic design provisions intend to ensure life-safety in extreme
earthquakes. This is the case even in non-prescriptive designs such as those carried out following
performance-based design guidelines such as PEER TBI 2017 (PEER TBI, 2017) where advanced
nonlinear structural analysis is required to provide greater assurance of the performance of
buildings under strong ground motion shaking (Molina Hutt et al., 2021). Because of this focus on
life-safety, current design provisions do not explicitly minimize damage to structural and non-
structural elements and preserve the building functionality. EERI (2019) defines the functional
recovery as the time required to restore a significant measure of the building’s pre-earthquake use.
The consequence of neglecting these performance measures are highlighted in the literature. For
example, a recent study by Tipler (2014) on modern residential tall RCSW buildings in San
Francisco, estimate the repair costs at about 15% of building replacement cost under a design-level

earthquake (DE). A similar study by Almufti et al. (2018) indicates a repair cost of 5% for the
4



same building type under a magnitude-7 Hayward earthquake. The downtimes to functional
recovery of these studies are about 84 weeks under the design earthquake and 33 weeks under the
magnitude-7 Hayward earthquake. Despite the moderate economic losses in these cases, the

downtimes are significant and can cause considerable indirect costs.

The National Institute of Standards and Technology (NIST) and the Federal Emergency
Management Agency (FEMA) are developing objectives in terms of post-earthquake recovery
times (42 U.S.C. § 7705(b), 2018; Senate Bill 1768, 2018). FEMA P-58 (FEMA, 2018) and the
Resilience-based Earthquake Design initiative (REDIi) (Almufti & Willford, 2013) are among the
most common guidelines used to assess earthquake-induced loss and functional recovery time in
buildings, respectively. While these guidelines improve our understanding of building recovery,
there are limitations associated with their frameworks (Molina Hutt et al., 2022). Some of these
limitations are addressed in a recently proposed framework developed by Molina Hutt et al. (2022),
which incorporates resilience-based measures, such as robustness and rapidity into the
performance assessment of building. Robustness indicates “the ability to withstand a given level
of stress or demand without suffering degradation or loss of function” (Bruneau et al., 2003).
Rapidity is defined as “the capacity to meet priorities and achieve goals in a timely manner in order

to contain losses and avoid future disruption” (Bruneau et al., 2003).

In short, the high concentration of people and assets in Metro Vancouver, coupled with a
considerable seismic hazard, results in a substantial seismic risk in the region. This risk is partly
driven by tall residential RCSW buildings due to their predominance, as well as their size and high

load of occupants. Furthermore, current design codes do not capture deep sedimentary basin
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amplification in the design of such buildings, nor do they provide an explicit understanding of the

expected earthquake-induced economic losses and recovery time. The above mentioned limitations

pose the following questions:

How does the Georgia sedimentary basin influence the performance of modern tall RCSW
buildings in Metro Vancouver?

What are the expected earthquake-induced economic losses and functional recovery times
of modern tall RCSW buildings in Metro Vancouver when subjected to different hazards
levels?

What are the main contributors to economic loss and functional recovery time of such
buildings?

How capable are these buildings of withstanding earthquakes without functionality loss?

How rapidly can these buildings regain functionality?

This research aims to answer the abovementioned questions by evaluating the functional recovery

time of modern residential tall RCSW buildings in Metro Vancouver when subjected to ground

motions consistent with the code design-level shaking, i.e., NBC 2015, as well as simulated ground

motions of M9 CSZ earthquakes, which explicitly account for basin effects.

The results of this study can help policy makers and stakeholders make appropriate decisions based

on the expected recovery times to achieve different recovery states.



1.2 Methodology
The research methodology adopted in this thesis is graphically illustrated in Figure 1.2. The
methodology consists of six key steps ranging from archetype buildings selection and nonlinear

modeling to response simulation and downtime assessment.

Selection of Archetype Buildings

L4

Structural Analysis Model Development and Validation

L 4

Seismic Hazard Characterization and Ground Motion Selection

L 4

Nonlinear Simulation of Structural Response

L 2

Damage and Loss Assessment

L4

Downtime Assessment

Figure 1.2. Research Methodology.

Step 1 - Selection of Archetype Buildings: Modern 30-story RCSW buildings designed by Eksir
Monfared et al. (2021) are considered for the purpose of loss and downtime assessment. These
buildings are representative of the current tall buildings construction practice in Metro Vancouver.
The seismic force resisting system of these buildings consists of ductile cantilevered shear walls

in one direction and fully-coupled shear wall systems in the orthogonal direction.



Step 2 — Structural Analysis Model Development and Validation: Nonlinear models of the
selected archetype buildings are created to use in nonlinear time-history analysis. OpenSeesPy
(Zhu et al., 2018), a python package adaptation of OpenSees (McKenna, 2011) is used to create
the nonlinear finite element models of the building archetypes. The proposed model for shear walls

is validated against experimental studies.

Step 3 - Seismic Hazard Characterization and Ground Motion Selection: Seismic hazard
characterization is done as well as selection and scaling of ground motions for two types of
assessments: intensity-based and scenario-based. Three seismic sources representative of the
seismic hazard in Metro Vancouver are included in the intensity-based assessments. 11 ground
motions are selected and scaled to a 5% damped NBC 2015 target spectra representative of four
hazard levels with return periods of 100, 475, 975, and 2475 years. 30 pairs of simulated ground
motions of M9 CSZ earthquakes are used to conduct scenario-based assessments at eight locations

across Metro Vancouver with different basin depths.

Step 4 — Nonlinear Simulation of Structural Response: Structural response simulation includes
performing nonlinear response-history analyses on the model developed in step 2 using ground
motions selected in step 3. The resultant structural responses are transient story drift ratio, racking
drift ratio, damageable wall drift ratio, residual drift and floor acceleration. In addition, collapse

probabilities for all intensity- and scenario-based assessments are determined.

Step 5 — Damage and Loss Assessment: Damage and loss assessment is conducted on the

archetype buildings following the FEMA P-58 methodology based on the structural responses
8



obtained in step 4 and a building performance model constructed using Pelicun (Zsarnoczay &
Kourehpaz, 2021), a python-based implementation of FEMA P-58. The expected earthquake-

induced economic losses and a deaggregation of the loss results are the key outputs of this step.

Step 6 — Downtime Assessment: Downtime assessment is built upon the results of Step 5 using a
framework developed by Molina Hutt et al. (2022). This step includes calculating the recovery
time to different recovery states (such as shelter-in-place, re-occupancy, and functional recovery),
evaluating recovery trajectories to highlight the post-earthquake usability of the archetype building
over time, quantifying building rapidity and robustness, as well as providing a downtime

deaggregation of results.

Using these six steps, the downtime to achieve functional recovery (or other recovery states of
interest) are evaluated for modern tall RCSW buildings in Metro Vancouver under a range of
hazard levels and basin depths through intensity- and scenario-based assessments, respectively.
Additionally, the effects of Georgia Sedimentary basin on structural responses, loss, and downtime

results, are investigated and main contributors to loss and downtime are determined.

1.3 Thesis Structure
This thesis evaluates the downtime of archetypical modern residential tall RCSW buildings in
Metro Vancouver under intensity- and scenario-based earthquakes. To this end, the structure of

the thesis is as follows:



Chapter 1 provides an introduction to the research motivation and describes the aims of the study.
The overall thesis methodology is presented in this chapter, including the steps required to achieve

the goals of this study. An overview of the thesis structure is also provided.

Chapter 2 provides a literature review on the seismic response of RCSW buildings and the design
of archetype RCSW buildings in Metro Vancouver. It also includes discussions on deep
sedimentary basin effects as well as physics-based ground motion simulations of M9 CSZ
earthquakes that account for such effects. Nonlinear modeling recommendations of RCSWs are
also discussed in this chapter. In addition, this chapter provides an overview of the damage and
loss assessment framework employed in this study, as well as the downtime assessment framework

used in this work.

In Chapter 3, the nonlinear model of the RCSWs is described and verified against experimental
test data. All other nonlinear analysis modeling assumptions of the archetype building are also

described in this chapter.

Chapter 4 introduces different assessments performed in this study (i.e. intensity-based assessment
and scenario-based assessment), as well as the ground motion selection and scaling methods

associated with these performance evaluations.

Chapter 5 summarizes the results of the nonlinear time-history analysis performed on the building
for both intensity-based and scenario-based assessments. These results include different structural

responses such as the inter-story drift, peak floor acceleration, and the residual drift. In addition,
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the concrete and steel strain and the wall shear demand are included. The results of the simulated
M9 motions at different sites within the Metro Vancouver Region (with different basin depths) are

compared with each other and with the intensity-based assessment results.

Chapter 6 focuses on the damage and loss assessment of the building. The building performance
model assumptions are explained in this chapter and the repair costs of the building associated
with intensity- and scenario-based assessments are summarized for different locations across

Metro Vancouver.

Chapter 7 describes the downtime framework utilized in this study. In this chapter, the downtime
of the archetype buildings to different recovery states (such as shelter-in-place, functional
recovery, and full recovery) are estimated. Comparisons are made between the downtime
evaluations at different locations across Metro VVancouver and between the intensity- and scenario-

based assessments.

Chapter 8 summarizes the findings of the study and discusses the limitations of this thesis with

recommendations for future research.
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Chapter 2: Literature Review

This chapter provides a background of important materials leveraged in this study. In Section 2.1,
a brief overview of reinforced concrete shear wall (RCSW) buildings is provided. Section 2.2
describes the archetypical RCSW building used in this study. Section 2.3 provides background on
deep sedimentary basin effects. Section 2.4 discusses the physics-based ground motion simulations
of M9 Cascadia Subduction Zone earthquakes leveraged in this study. In Section 2.5, common
approaches of nonlinear modeling of RCSWs are discussed. Sections 2.6 and 2.7 summarize the

frameworks used in this study for loss estimation and downtime assessment, respectively.

2.1 Reinforced Concrete Shear Wall Buildings

Reinforced Concrete Shear Walls (RCSW) are used typically to provide lateral resistance against
earthquakes and wind. These systems are capable of providing high stiffness and strength under
service loads, as well as ductile behavior under design earthquakes (NIST, 2017b). RCSWs can
have numerous configurations depending on the building height and architectural considerations.

Common examples of RCSW configurations are shown in Figure 2.1.
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Figure 2.1. Examples of reinforced concrete shear wall cross sections (Moehle et al., 2011).

Core shear wall systems are very common in Metro Vancouver. This system is architecturally
beneficial as it “encloses the elevators, stairs, and other vertically extruded elements with coupling
beams connecting wall components over doorways” (Moehle, 2015). This system usually consists
of cantilever wall piers in one direction and coupled wall piers connected with coupling beams in
the other as shown in Figure 2.2. The energy dissipation of such systems entails yielding of the
base of the shear walls and ends of the coupling beams as shown in Figure 2.3 (ATC, 2018). When
the building is subjected to the lateral force in the coupled direction, a coupling action takes place
by formation of axial forces in each pier. This coupling action provides most of the resistance
against the base overturning moment. CSA A23.3-14 (CSA, 2014) uses the term Degree of

Coupling (DOC) to define the ratio of the moment resisted by the coupling action of the wall piers

13



in the coupled direction to the total base overturning moment and requires a DOC greater than

66% for the system to be considered fully coupled.

(a) Cantilever direction (b) Coupled direction

Figure 2.2. Schematic of a core reinforced concrete shear wall system (Moehle et al., 2011).
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Figure 2.3. Target yield mechanism of coupled reinforced concrete shear wall systems (Moehle
etal., 2011).
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As per Eksir Monfared et al. (2021), the design of regular RCSW buildings follows a prescriptive
approach provided in the National Building Code of Canada (NRC, 2015) where performance-
based design is not considered and nonlinearity in the response of the building is not captured
explicitly. Certain clauses in the Canadian concrete material standard, CSA A23.3-14 (CSA,
2014), however, are aimed to compensate for the lack of a detailed nonlinear response history
analyses in the design of tall RCSW buildings (Eksir Monfared et al., 2021). In the United States,
RCSW buildings with a height greater than 73.2 m (240 ft), typically follow a performance-based
seismic design approach where nonlinear dynamic analyses are leveraged, providing greater
assurance that the buildings meet the performance intended in current building codes to minimize

life safety risks under extreme earthquakes (ATC, 2018).

2.2 Archetype Description

A modern tall residential RCSW building designed by Eksir Monfared et al. (2021) is selected in
this study as a good representation of current tall buildings construction practice in Metro
Vancouver. The building has 30 stories above grade and three basement levels. Each basement
level is 3 m high resulting in a total depth of 9 m below the grade. The typical story height is 2.9
m, except the first story level with a height of 3.8 m. Additionally, the building has a bulkhead, 5
m high, which results in a total height of 92.9 m above grade. The isometric view of the building
and the plan view of the floors above the grade are shown in Figure 2.4. The superstructure floor
plate is 25 m long by 25.9 m wide, and the basement floors have plan dimensions of 30 m by 30.5
m. The Seismic Force Resisting System (SFRS) consists of a 7.3 m by 6.8 m RC core with 610
mm thick walls coupled with 750 mm deep coupling beams in the direction of the shorter

dimension, x, and 460 mm thick walls in the other direction, y. The gravity system consists of RC

15



flat slabs supported by RC columns. The RC slabs have a thickness of 200 mm and 350 mm above
and below the grade, respectively. The corner columns have a dimension of 610 mm by 610 mm
and the rest of the columns have a dimension of 360 mm by 1220 mm. The basement retaining

walls are 400 mm thick.
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Figure 2.4. Archetype RCSW building: (a) isometric view; (b) superstructure plan view (Eksir
Monfared et al., 2021).

The concrete compressive strength is equal to 45 MPA, 35 MPA, and 30 MPA below level 11,
from level 11 to level 21, and above level 21, respectively. The concrete modulus of elasticity, Ec,
is obtained using Eq. 2.1 per CSA A23.3-14 (CSA, 2014) assuming a concrete density of 2400

kg/m?.

15
E, = (33004 f, +6900) (ﬁj (2.1)
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where fc' and y,are concrete compressive strength and density, respectively. Steel material with

a nominal yield strength, fy, of 400 MPa and modulus of elasticity, Es, of 200000 MPa are used

throughout the building.

The seismic weight consists of the self weight of the core walls and the gravity system, the
superimposed dead load, and the facade load. The superimposed dead load is 0.72 kPa in all
building levels. The facade load around the perimeter is 1.9 kN/m and 1.9 kPa, 4.8 kPa, and 2.4
kPa live loads are applied in the tower, at grade, and in basement levels, respectively. The resultant
seismic mass corresponding to the total superstructure dead load, W, is 144 MN and the dynamic
properties of the building are summarized in Table 2.1. Note that the effective bending stiffness
factors of the walls used in the modal analysis and building design are 0.5 and 0.6 in the coupled
and cantilevered directions, respectively. The bending and shear stiffness modifiers of the coupling

beams used in the modal analysis and building design are 0.25 and 0.45, respectively.

Table 2.1. Dynamic properties of the archetype RCSW (Eksir Monfared et al., 2021).

Mode # 1 2 3 4 5 6
Description Trans.x  Trans.y Tors. Trans. X Trans.y Tors.
Period (s) 5.57 541 2.85 1.15 0.92 0.92

Mass Participation 67% 65% 0 19.5% 19.8% 0

Trans.: Translational mode, Tors.: Torsional mode

The modal response spectrum analysis as specified in NBC 2015 (NRC, 2015) is utilized by Eksir
Monfared et al. (2021) to obtain the seismic demands of the building archetypes. The archetypes
are designed under the 2% in 50-year hazard level (2475-year return period) Site Class C spectrum.

Coupling beams and core shear walls are designed per CSA A23.3-14. Summary design of the
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coupling beams is provided in Table 2.2 where a, As, and A are the angle of diagonal bars, the
area of one group of diagonal bars, and the buckling prevention ties of the diagonal reinforcement,
respectively. The detailing of the RCSW sections throughout the building height is summarized in
Table 2.3 and Figure 2.5. The reader is encouraged to read Eksir Monfared et al. (2021) for more

details regarding the analysis and design procedure.

Table 2.2. Summary design of the coupling beams (Eksir Monfared et al., 2021).

Level  Width (mm) Depth (mm) Length (mm) a As Atd
-2t0 12 460 750 1800 16.2° 6-30M  10M@100
13t0 26 460 750 1800 16.2° 6-25M  10M@100
271031 460 750 1800 16.2° 6-20M  10M@100

Aw: Buckling prevention ties on diagonal reinforcement
X-YM: X number of bars, Y bar size in mm
YM@Z: Y bar size in mm, Z spacing in mm
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Table 2.3.

Summary design of the walls (Eksir Monfared et al., 2021).

Level Zone A Zone B Panel 1 Panel 2
eve
Long. Tie Long. Tie Long. Shear reinf. Long. Shear reinf.

-3t06 12-25M 10M@150 10-25M 10M@150 1I5M@250 2x20M@200 15M@350 2x20M@150
6to 11 12-25M 10M@300 10-25M 10M@300 1I5M@250 2x15M@250 15M@350 2x15M@200
11to 21 12-25M 10M@300 10-25M 10M@300 1I5M@250 2x15M@250 15M@350 2x15M@300
21to0 31 12-20M 10M@300 10-20M 10M@300 1I5M@250 2x15M@250 15M@350 2x15M@300
X-YM: X number of bars, Y bar size in mm
YM@Z: Y bar size in mm, Z spacing in mm

7]
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Figure 2.5. Reinforcement layout of the walls (Eksir Monfared et al., 2021).
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2.3 Deep Sedimentary Basin Effects

Deep sedimentary basins tend to amplify ground motion shaking intensities at long periods, which
are typical of tall buildings. Many research studies have highlighted the importance of basin effects
on the response of tall buildings located on deep basin sites. Marafi et al. (2017) evaluated the
effects of four Japanese basins during large magnitude subduction interface earthquakes in terms
of spectral acceleration, significant duration, and spectral shape. Their study showed consistent
increase of spectral accelerations with increasing basin depth. In three of the basins, basin
amplification factors greater than 2.0 were reported at periods beyond 2 s. Marafi et al. (2020)
evaluated the performance of tall RCSW archetype buildings in Seattle under simulated M9
Cascadia Subduction Zone interface earthquakes, which explicitly account for basin effects, and
had median spectral accelerations 15% higher than the Maximum Considered Earthquake (MCER)
motions at a period of 2 s. Additionally, the collapse probabilities for the M9 motions exceeded
the 10% target collapse probability associated with the MCEr motions. Kakoty et al. (2020)
evaluated the impacts of the Georgia sedimentary basin on the response of RCSW buildings in
Metro Vancouver by leveraging the same suite of simulated M9 CSZ earthquakes and
benchmarked the results against the 2016 BC Hydro ground motions model (GMM) (Abrahamson
et al., 2016), which neglects basin amplifications. While spectral accelerations were consistent
under the simulated motions and GMM predictions outside the basin, for sites within the basin,
GMM s significantly underestimated the hazard at medium-to-long periods. In another study, Eksir
Monfared et al. (2021) compared the seismic performance of tall RCSW buildings in Metro
Vancouver under simulated M9 CSZ motions as well as under hazard estimates consistent with
Canada’s 2015 National Seismic Hazard Model (NSHM) (Adams et al., 2015), which neglects the

basin effects. The collapse probabilities, earthquake-induced repair cost and repair time under the
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simulated motions exceeded those under the 2015 NSHM motions at deep basins highlighting the

significance of basin amplifications.

Frankel et al. (2018) lists factors contributing to basin amplification of seismic waves as follows:
“(1) amplification and resonance of near-vertically propagating S waves, (2) conversion of incident
S waves into basin surface waves at the edge of the basin, (3) focusing of S waves by the edge of
the basin, and (4) amplification of incoming surface waves” (Frankel et al., 2018). Also, the
earthquake location and depth can significantly affect basin amplification as it impacts the azimuth
and incidence angle of incoming seismic energy as it enters the basin (Kakoty et al., 2020). Wirth
et al. (2019) demonstrated the source dependence of basin amplification by performing 3D
simulations of point source earthquakes distributed around Seattle and Tacoma basins in
Washington State, which is further supported by the observations of Thompson et al. (2020). In
addition, Wirth et al. (2018) have observed that basin amplification is largely independent of the

earthquake magnitude and distance from the basin.

Effects of the Georgia sedimentary basin on different seismic sources in southwest British
Columbia have been evaluated in previous studies. Molnar et al. (2014a) investigated the effects
of the Georgia sedimentary basin on ground shaking by leveraging scenario earthquakes which
include deep subducting Juan de Fuca plate earthquakes, i.e., subduction intraslab earthquakes.
Molnar et al. (2014b) conducted a similar study on shallow blind-thrust scenario earthquakes, i.e.,
crustal earthquakes. However, Eksir Monfared et al. (2021) considered scenario earthquakes that
include subduction oceanic Juan de Fuca plate over-riding continental North American plate, i.e.,

subduction interface earthquakes. These simulated motions were generated by United States
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Geological Survey (USGS) and the University of Washington (UW) as part of the M9 project
(Frankel et al., 2018). This study utilizes the same simulated M9 CSZ earthquakes used by Eksir

Monfared et al. (2021).

2.4 Simulated M9 CSZ Earthquakes and Georgia Sedimentary Basin

Frankel et al. (2018) characterized the effects of a megathrust earthquake in the Cascadia corridor
by developing a suite of 30 simulated ground motions of M9 CSZ earthquakes. Variation in
hypocenter location, extent of the rupture plane and rupture direction are accounted for in this
simulation. Frankel et al. (2018) leveraged the 3D P- and S-wave velocity model proposed by
Stephenson et al. (2017) to simulate the ground motions using a finite-difference method for
periods greater than 1s. The geological profile of the Georgia sedimentary basin developed by
Molnar et al. (2014a; b) was integrated into this velocity model. As a result, the suite of simulated
ground motions of M9 CSZ earthquakes can explicitly account for the basin amplification effects
due to the Georgia basin which underlies the Metro VVancouver region. Nevertheless, the impacts
of the basin effects are not explicitly considered for periods less than 1 s due to the implementation
of a stochastic procedure to generate the ground motions assuming a constant geological profile

for periods below 1s (Marafi et al., 2020).

While many studies in the literature characterize deep sedimentary basin depth as the depth from
the surface to soils with a shear wave velocity of 1.0, 1.5, and 2.5 km/s, denoted as Z1.0, Z15, and
Z>5 (Day et al., 2008), respectively, recent studies recommend the use of Z, 5 for computing basin
amplification in the Pacific Northwest where sites with a shallow Z1 ¢ value can still have a deep

Z,5 value Wirth et al. (2018). Therefore, as supported by other studies (e.g. Kakoty et al., 2020;
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Marafi et al., 2019a; Campbell & Bozorgnia, 2014), Z»s is a good proxy for deep sedimentary
basin depth. Variation of Z» s over southwest British Columbia is shown in Figure 2.6 along with
eight critical locations selected for this study. These locations are the same as those used by Eksir
Monfared et al. (2021) and are selected based on their high concentration of tall buildings. As
Figure 2.6 suggests, Delta and Richmond are the deepest basin sites with Z,5 values between 3
and 4 km. Surrey and New Westminster have Zs values ranging from 2 to 3 km, and Burnaby,
Vancouver, and North Vancouver have Zs values between 1 and 2 km. West Vancouver falls
outside the Georgia sedimentary basin and has a Zs value less than 1 km. More information

regarding the site characteristics of each location used in this study is summarized in Table 2.4.
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Figure 2.6. Variation of Z, 5 across southwest British Columbia, selected locations of study
throughout Metro VVancouver as well as geographical distribution of reinforced concrete shear
wall (RCSW) buildings (> 8 stories) constructed since 2000 (Eksir Monfared et al., 2021).
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Table 2.4. Locations of study within Metro VVancouver including coordinates, Vs30, Z2.5, and
SA(T=3s) corresponding to the NBC 2015 2475-year return period spectrum and the average of
the simulated ground motions of M9 CSZ earthquakes (Eksir Monfared et al., 2021).

SA(T=3s) (9)

Latitude Longitude Vs30 Z25

Locations 0 o 1 2 2475-year
) () (s (kmp2 Mg SRV
West VVancouver 49.33 -123.16 360-760 0.67 0.052 0.191
North Vancouver 49.32 -123.07 360-760 1.18 0.075 0.186
Vancouver 49.28 -123.12 360-760 1.22 0.081 0.197
Burnaby 49.25 -122.98 360-760 1.74 0.109 0.190
New Westminster 49.21 -122.91 360-760 2.23 0.099 0.189
Surrey 49.19 -122.85 180-360 2.23 0.102 0.188
Richmond 49.17 -123.13 180-360 3.22 0.136 0.206
Delta 49.09 -123.03 180-360 3.27 0.143 0.206

!Monahan, 2005, 2 Stephenson et al. (2017)

Vs30: Average shear wave velocity in the top 30 m of soil

Z, 5. Depth to a shear wave velocity of 2.5 km/s

SA: Spectral acceleration

The variation in the 5% damped response spectra of the individual simulated M9 CSZ earthquakes
is benchmarked against the NBC 2015 design response spectrum (i.e. 2475-year hazard) in Figure
2.7 for the site located in Vancouver. Note that the response spectrum is plotted for each
component of the 30 pairs of simulated motions resulting in 60 response spectra in total. Two

scenarios with different rupture distances, Rrp, are illustrated in Figure 2.7 to highlight the

sensitivity of the spectra to M9 ground motion simulation parameters.
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Figure 2.7. Variation of the simulated ground motions of M9 CSZ earthquakes response spectra
in Vancouver against the design response spectrum (i.e. 2475-year hazard) (adopted from Eksir
Monfared et al., 2021).

Additionally, the mean of the simulated M9 spectra is compared against the NBC 2015 design
response spectrum at the selected locations in Figure 2.8. The variation in the spectral accelerations
across sites is significantly higher in the M9 motions than in the NBC 2015 motions at medium to
long periods. Moreover, the negligible variation of the design spectra at the selected locations
highlights the fact that NBC 2015 does not explicitly account for the basin amplifications. Figure
2.8 demonstrates that spectral accelerations are higher at locations with higher Z> s, as previously

reported in Figure 2.6 and Table 2.4. Also, the M9 spectral accelerations exceed the corresponding

2475-year hazard spectral accelerations in Delta, Richmond, and Burnaby at medium-to-long
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periods despite the lower return period of the M9 motions, i.e., 500-year according to Atwater &

Hemphill-Haley (1997).
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Figure 2.8. Variation of the simulated ground motions of M9 CSZ earthquakes response spectra
against the design response spectra (i.e. 2475-year hazard) in different locations (adopted from
Eksir Monfared et al., 2021).

The simulated M9 motions are generated assuming an average shear wave velocity in the top 30
meters of soil, Vszo, which represents NEHRP Site Class C (360 m/s < Vszp < 760 m/s) (NEHRP,
2003). Per Monahan (2005), this assumption is valid for Burnaby, New Westminster, Surrey,
Vancouver, North Vancouver, and West VVancouver as shown in Table 2.4. Nonetheless, Delta and
Richmond have softer soils where the site class can vary between D, E, or F. Similar to Eksir
Monfared et al.'s (2021) study, while additional amplification is expected at these two locations,
this study assumes a uniform Vssg profile, consistent with the assumption of the Pacific Northwest

velocity model used to generate the simulated ground motions of M9 CSZ earthquakes. As a result,
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V3o assumptions are consistent both in the design (2475-year spectra) and in the assessment (M9

spectra).

2.5 Nonlinear Modeling of Reinforced Concrete Shear Wall Buildings
In this section, a summary of different nonlinear modeling approaches of the flexure-controlled
RCSW buildings is provided with the advantages and disadvantages of each approach. Also, the

selected modeling approach used in this study is explained in detail.

When a flexure-controlled wall is subjected to increasing lateral displacement, the damage in the
wall typically initiates with development of horizontal cracks in the extreme tension region of the
wall and diagonal cracks in the interior of the wall. This is followed by yielding of longitudinal
reinforcement in tension in the extreme tension region and spalling of cover concrete in the
extreme compression region of the wall. Higher lateral displacement levels cause core damage
resulting in exposure of longitudinal reinforcement, buckling of longitudinal reinforcement in the
extreme compression region of the wall, crushing of the core concrete in the boundary element

and/or web, and fracture of the longitudinal bars in the boundary element (NIST, 2017b).
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Figure 2.9. Different approaches to simulate the nonlinear response of RCSW: (a) zero-length
hinge model; (b) fiber-type beam column element; (c) beam-column element with flexure-shear
interaction; (d) fiber-shell element; (e) layered-shell element; (f) 3D continuum elements (NIST,

2017b). Note that BE means boundary element.
NIST (2017b) provides a list of different modeling approaches commonly used to generate
nonlinear model of RCSWs as shown in Figure 2.9. The simplest model is the zero-length model
(Figure 2.9a) where nonlienar response of the critical section can be captured using a moment-
rotation response model assuming a linear axial and shear response or a fiber-type section model
with a user-defined plastic-hinge length. While this modeling approach is highly efficient from a
computational perspective, it cannot provide accurate simulation of the response (NIST, 2017b).
In the fiber-type beam column element model (Figure 2.9b), force- or displacemnet-based beam
column elements are used over the height of the wall with multiple integration points to capture
the flexural response of the wall through fiber-type section models and nonlinear concrete and
steel material models. This modeling approach is computationally efficient and can accurately
estimate the resposne of the walls when shear effects are not significant. However, the approach
is not suitable for shear walls with significant shear contribution to the overal response of the wall.

While this limitation is improved in the fiber-type beam-column element with flexure-shear

interaction (Figure 2.9c), this approach is not implemented in commonly employed commercial

28



and research software. The fiber-shell element model (Figure 2.9d) leverages plane stress elements
with normal stress-strain response determined by the 1D stress-strain response of the horizontal
and vertical strips that lie within the plane of the element and the shear response is defined by a
1D shear stress-strain model decoupled from the flexural response. An advantage of this model
over fiber-type beam column element models is the ease of representing the 3D configuraiton of
the wall and interaction between wall and other structural components. However, this model is not
as computationally efficient as fiber-type beam column elements. The layered-shell element model
(Figure 2.9e) employs 3D shell elements with multiple 2D plane-stress layers defined by 2D
continuum concrete models with or without horizontal or longitudinal steel bars. Multiple shell
elements along the height and length of the wall cross-section are required in this modeling
approach. Besides being computationally demanding, the 2D concrete constituitive model can
cause numerical instability (NIST, 2017b). Lastly, the 3D continuum element model (Figure 2.9f)
employs 3D solid elements, a 3D concrete constituitive model, and a 1D reinforcing steel model.
In a 3D continuum elements model, multiple elements are required along the height, length, and
the thickness of the wall. This modeling approach is the most computationally demanding one. A
more detailed description of each model with its advantages and disadvantages can be found in

chapter 7.4 of NIST (2017b).

Fiber-type beam column elements are commonly used in the literature to model the nonlinear
response of slender RCSWs (e.g. Pugh et al., 2015; Marafi et al., 2019b; Zhong et al., 2021). This
modeling approach provides an accurate, computationally efficient and numerically robust
simulation of the flexure-dominated concrete walls with low to moderate shear demand (NIST,

2017b). This model assumes that plane sections remain plane and perpendicular to the neutral axis
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during bending. Despite these assumptions, experimental tests have shown that, even for slender
walls, the strain profiles across critical wall sections do not remain plane (Bohl & Adebar, 2011;
Birely, 2012). Nevertheless, fiber sections can provide a sufficiently accurate response of the

flexure-controlled shear walls by including the shear response in the model (Pugh, 2012).

As discussed in NIST (2017b), the nonlinear response of the element is captured through numerical
integration of the section response at different points throughout the element, namely, at the
integration points. At each integration point, a fiber-type discretization of the wall cross-section is
utilized to simulate the nonlinear response at the section level. 1D cyclic stress-strain models of
steel or concrete are implemented in each fiber that enables simulation of the impact of axial load
on flexural response (i.e., P-M interaction). Figure 2.10 demonstrates a fiber-type beam column
element model with five integration points used to simulate nonlinear response of a planar shear

wall.

Two types of element formulation can be used with the fiber-type beam column elements which
are Force Based Element (FBE) and Displacement Based Element (DBE) formulations. The
former employs the assumption of linear moment distribution and constant axial force along the
length of the element. The latter assumes linear curvature field and constant axial strain field along
the length of the element. Pugh (2012) recommended the use of more than five displacement-based
elements per story, each with five sections to accurately capture the deformation and load
distributions developed in a building’s wall. On the other hand, the use of one force-based element

with at least five elements per story is recommended by Pugh (2012) to reach an accurate
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simulation of the wall response. Both FBE and DBE approaches can be adequate for modeling the

nonlinear response of walls.
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Figure 2.10. Modeling of RCSWs using fiber-type beam column element model: (a) sample

shear wall; (b) Fiber-type beam column element model.

As discussed earlier, fiber-type beam column elements provide a better estimation of the wall

response where shear response is also accounted for in the modeling. This modeling approach,

however, does not account for shear-flexure interaction, i.e., the shear and flexural responses are

decoupled. The shear response can be included in different ways depending on the type of element

formulation. For FBE formulation, a shear spring is introduced at each fiber section while for the

DBE formulation, a shear spring is introduced at the base of each floor (Pugh, 2012). Both linear

(Pugh, 2012; ATC-72-1, 2010; PEER TBI, 2017) and nonlinear (Pugh, 2012) shear response

models have been proposed in the literature. The effective shear stiffness of the shear wall depends

on different factors including the web reinforcement and the axial load; thus a single shear stiffness
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modifier is not appropriate for analysis of shear walls (ATC-72-1, 2010). Pugh (2012)
recommended using a 0.1 shear stiffness reduction factor within the plastic-hinge region and no
shear stiffness reduction factor outside the plastic-hinge region. A shear stiffness reduction factor

of 0.1 is also proposed by Oyen (2006) and in ATC-72-1 (2010) for walls with a shear strength of
10\/f_c' A, where Ay is the effective shear area of the wall. By contrast, PEER TBI (2017) suggests

using a 0.5 reduction factor for MCE level nonlinear models and no reduction factors for service

level linear models.

The use of FBE formulation is more common in the literature than the DBE formulation since it
can provide exact section-level moments, axial loads, and associated deformations when a
converged solution state is achieved (NIST, 2017b). The assumption of uniform axial strain along
the length of the element in the DBE formulation may result in significant variation in the axial
force demand at each integration point and therefore, more elements are required to limit the axial
force variation at different integration points (Pugh et al., 2015). The lack of accuracy of the DBE
approach is also discussed in Correia et al. (2008) where the strength, loading and unloading
stiffness, as well as cyclic strength degradation are found to be more accurately estimated using
the FBE approach. Also, Correia et al. (2008) found that the DBE approach tends to results in a
stiffer response than the real response of the element and is mostly advantageous in simulating the

linear elastic prismatic elements without any distributed loads.

According to Pugh (2012), most slender RCSWs exhibit a softening response at the onset of loss
of lateral load carrying capacity which is due to concrete crushing prior to failure. Accurate

prediction of this failure mode using fiber-type beam column elements is hard because of severe
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mesh dependent localization of deformation. To address this issue, material regularization is
proposed in the literature where the concrete strain capacity is defined as a function of the mesh-
dependent characteristic length and the concrete crushing energy, (i.e., the energy dissipated as the
concrete goes from the point of peak strength to the point of residual compressive strength) (NIST,
2017b). In addition to the concrete, steel material regularization is required when the RC section
softens and deformations localize in a single fiber section. For reinforcing steel, post yield response
and strain capacity are determined as a function of the mesh-dependent characteristic length and a
steel yielding energy (NIST, 2017b). The regularized stress-strain behavior of concrete and steel
material models is shown in Figure 2.11. In Figure 2.11a, Gt and Lip represent the unconfined
concrete crushing energy and the mesh-dependent characteristic length, &,and ¢,,,are the strain

associated with the points of peak and residual compressive strength of unconfined concrete. In
Figure 2.11b, f__is the confined concrete maximum strength, Ecc denotes the modulus of elasticity
of confined concrete, €, and &,,, represent the strain associated with the point of peak and residual

compressive strength of the confined concrete, and Gt is the crushing energy of the confined

concrete. In Figure 2.11c, fuand ¢, are the ultimate steel stress and strain, respectively; b denotes

the strain hardening stiffness ratio of steel, Gs and Lgage determine the steel yielding energy and

the gage length used in laboratory testing.
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Figure 2.11. Regularized material response (Pugh, 2012).

More information regarding material regularization of softening walls can be found in Pugh et al.
(2015), including the equations required to obtain the concrete crushing energy and the steel
yielding energy. The proposed regularization method works for both planar and c-shaped wall

sections (Pugh, 2012).

According to Pugh (2012), material regularization is not appropriate when the critical section does
not soften due to strength deterioration of compressive concrete, but instead hardens until steel
fracture occurs. In such cases, no damage localization occurs prior to failure and material
regularization introduces mesh-sensitivity that would not be present otherwise. Therefore, before
performing material regularization, a moment-curvature analysis is required to determine whether
the response is softening or hardening. If the former is the case, material regularization is required

while no regularization is required otherwise.

2.6 Damage and Loss Assessment
This section provides an overview of performance-based assessment frameworks, a brief
description of the well-established FEMA P-58 methodology employed in this study, and an

overview of the loss assessment studies performed on tall RCSW buildings.
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2.6.1 Performance-based Earthquake Engineering

Performance-based earthquake engineering permits developing a link between expected structural

performance and key decision variables such as annual loss and exceedance of certain limit states

(e.g. immediate occupancy, life safety, and collapse prevention) (Cornell & Krawinkler, 2000).

According to Moehle & Deierlein (2004), the early generations of performance-based earthquake

engineering (PBEE), e.g., ATC-40 (1996), FEMA-273 (1997), establish relations between

structural responses and different performance-oriented descriptions as shown in Figure 2.12.

Moehle & Deierlein (2004) also observed shortcomings in this methodology which include: the

lack of robust nonlinear analysis, lack of consistent approaches to relate the engineering demands

to the component performance, and the assumption that overall building performance is equal to

the worst performing component in the building.
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Figure 2.12. First generation performance-based earthquake engineering methodology (after
Holmes)(Moehle & Deierlein, 2004).

The Pacific Earthquake Engineering Research Center (PEER) proposed a more rigorous and

consistent methodology (Moehle & Deierlein, 2004) which provides the technical background for
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FEMA P-58’s (FEMA, 2018) seismic performance assessment methodology. This methodology
is very well documented and the reader is referred to the extensive FEMA P-58 documents for a
detailed description of the methodology. A brief overview is provided here for completeness. The
flowchart shown in Figure 2.13, outlines the five major steps required to evaulate the seismic
performance of buildings using the FEMA P-58 methodology. These steps are briefly introduced

in Sections 2.6.1.1 t0 2.6.1.5.

Assemble Building Define Earthquake
Performance Model Hazards
|
Analyze Building Develop Collapse
Response Fragility
I
Calculate
Performance

Figure 2.13. Flowchart of FEMA P-58 performance assessment methodology (FEMA, 2018).

2.6.1.1  Assembling Building Performance Model

The performace assessment of the building starts with assembling the building performance model,
which includes information regarding building occupancy, size, replacement cost, and replacemnt
time. In addition, it includes quantities, location, and different damage types of strucutral and non-
structural components of the building, the consequences of damage in terms of different risks and

performance measures such as component repair costs and repair times.

FEMA (2018) categorizes vulnerable building components by fragility and component groups

where FEMA P-58 defines the former as “sets of similar components with the same damage
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characteristics in terms of vulnerability and consequences”, and the latter as “subsets of a fragility

group that will experience the same earthquake demands in response to earthquake shaking”.

FEMA P-58 determines the damage to different building components by means of fragility
functions, which are lognormal distributions that indicate the conditional probability of incurring
damage at a given level building response, e.g., floor acceleration. The damage is then translated
into different performance measures by means of consequence functions. Two of the important
performance measures are the repair cost and the repair time of the building (Kourehpaz et al.,
2020; Molina Hutt et al., 2016, 2019; Ramirez et al., 2012). In this context, repair cost is defined
by FEMA P-58 as “the cost of all construction activities necessary to return damaged components
to their pre-carthquake condition” (FEMA, 2018). Similarly, FEMA P-58 defines repair time as

the time required for a damaged building to recover to its pre-earthquake condition.

2.6.1.2 Define Earthquake Hazards

After assembling the building performance model, the seismic hazard and performance assessment
type should be determined. FEMA P-58 defines three types of performance assessments: (1)
intensity-based, (2) scenario-based, and (3) time-based (also referred to as risk-based) assessments.
According to FEMA P-58, intensity-based assessments evaluate a building’s performance when it
is subjected to a specified earthquake shaking intensity (e.g. 2% probability of exceedance in 50
years), where shaking intensity is defined by a 5% damped, elastic, acceleration response
spectrum. Scenario-based assessments evaluate a building’s performance when it is subjected to a

specific earthquake magnitude and location relative to the building site (e.g. M9 CSZ earthquakes).
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Time-based assessments evaluate building performance over time. In these types of assessments,

all possible earthquakes and their probabilities of occurrence are considered.

2.6.1.3  Analyze Building Response

After defining the earthquake hazards, the building response analysis should be carried out. FEMA
P-58 allows conducting nonlinear response history analysis or simplified static analysis performed
on linear models to determine the Engineering Demand Parameters (EDPSs). The uncertainty in
the performance of the building is captured through modeling uncertainty and ground motion

record to record variability.

2.6.1.4 Develop Collapse Fragility

The next step of FEMA P-58 seismic performance assessment methodology is collapse fragility
development. Collapse fragilities are relationships that define the probability of collapse given a
ground motion intensity. These functions are primarily used to obtain the collapse-induced
earthquake casualties and losses. Details regarding different methods of collapse fragilities

development can be found in FEMA P-58 (FEMA, 2018).

2.6.1.5 Calculate Performance

FEMA P-58 methodology leverages a Monte Carlo procedure to assess a range of possible
outcomes from a limited set of inputs. For a particular intensity of motion, statistical distribution
of demands are obtained from a series of building response states. Statically consistent demand
sets are then generated from these distributions which represent a large number of possible

building response states. The demand sets are then used along with the fragility and consequence
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functions to determine the damage state of the building and the associated consequences. FEMA
P-58 then defines as one “realization”, each unique outcome of building damage state or
consequence resulting from the simulated demand set. The various realizations in this
methodology will be then used to produce loss distribution for probabilistic assessment of the
building performance. The performance calculation flowchart in each realization is shown in

Figure 2.14.
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Figure 2.14. Flowchart for performance calculation in each realization (FEMA, 2018).

After initialization of each realization, collapse determination is done by means of collapse
fragility functions (FEMA, 2018) or by an input a conditional collapse probability (Zsarnoczay &

Kourehpaz, 2021). If collapse is deemed to occur, the repair cost of the building will be equal to
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the replacement cost of the building. If collapse has not occurred, the methodology checks if the
building is repairable using the building repair fragility which determines the probability of the
building being irreparable given a residual drift ratio. The repair cost associated with the
irreparable realizations are equal to the replacement cost of the building. If collapse has not
occurred and the building is repairable in a realization, then the damage state of each component
can be obtained based on the demand set of the realization and the corresponding fragility
functions. After determining the damage state of each component, consequence functions are
utilized to obtain the loss associated with each component. By aggregating the losses across
components, the overall building loss is determined. Eventually, loss distributions can be obtained

by repeating the loss calculations for all realizations.

2.6.2 Loss Assessment of Tall RCSW Buildings
Several studies have been carried out on the loss assessment of tall RCSW buildings using the
well-established FEMA P-58 methodology. Some of these studies are described in the following

paragraphs.

Tipler (2014) evaluated the economic loss of a 42-story residential coupled core wall building
located in downtown San Francisco and reported loss ratios equal to 15.2% and 30.9% for the DE
and MCERr intensity levels, respectively. In addition, Tipler (2014) proposed two strategies to
reduce the financial loss of the building archetype: a damped outrigger system which reduced the
loss ratios to 13.6% and 23.9% under the DE and MCERr levels, respectively, and a base isolated
system which reduced the loss ratios to 10.1% and 17.9% under the DE and MCERr levels,

respectively. Tipler (2014) also performed similar loss assessments for each structural scheme by
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considering non-structural components designed per the Resilience-based Earthquake Design
initiative (REDi) (Almufti & Willford, 2013). With this modification, the loss ratios of the
baseline, damped outrigger, and the base isolated buildings under the DE level were 8.1%, 7%,
and 2.4%, respectively. Similarly, the loss ratios of the baseline, damped outrigger, and the base
isolated buildings under the MCEr level were 27.5%, 19.1%, and 10.5%, respectively. Loss
deaggregation results provided by Tipler (2014), highlighted that the main contributor to financial
loss is the damage to partitions. Also, most of the structural loss was attributed to the slabs damage.

These were consistent among all structural schemes for both DE and MCERr levels.

Almufti et al. (2018) performed loss assessment on several of 42-story residential RCSW building
archetypes located in San Francisco and Oakland under the magnitude 7.0 HayWired scenario.
The resultant median repair costs were in the range of 3.1% to 5.1% of the replacement cost. Loss
deaggregation results suggested that the main contributor to the financial loss was the damage to

the wall partitions.

Kourehpaz et al. (2020) performed loss assessment on a range of eight- to 24-story residential
RCSW building archetypes in Seattle. Different design strategies were considered in their study
which included a reference building archetype designed per ASCE 7-16 (ASCE, 2016), different
levels of drift limit and lateral load, and a performance-based design. They performed the loss
assessments under the 975-year and 2475-year seismic hazard levels according to 2014 NSHM
(Petersen et al., 2014) which does not account for the basin effects, as well as the 2018 NSHM
(Petersen et al., 2020) which explicitly accounts for the basin effects. They also performed loss

analyses under a range of simulated ground motions of M9 CSZ earthquakes. The resultant mean
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loss ratios for the reference building archetypes under the M9 motions ranged from 47% for the
24-story archetype to 61% for the 12-story archetype. While these loss ratios were between the
975-year and 2475-year hazard levels per the 2018 NSHM, they exceeded those of the 975-year

and 2475-year hazard levels per the 2014 NSHM.

Molina Hutt et al. (2021) performed loss assessments on a 42-story residential RCSW building
archetype located in San Francisco, CA (Site Class D) under the DE and MCEr ground motion
shaking intensities. The median loss ratios reported under the DE and MCEr levels were 7.7% and
13.6%, respectively. In addition, they performed the loss assessment on the same RCSW building
archetypes for Site Class B and showed that under lower ground motion intensities and story drifts,
the median loss ratios under DE and MCERr levels were reduced to 3.2% and 5.2%, respectively.
Loss deaggregation results demonstrated that the main contributor to financial loss under Design
Earthquake ground motions is the damage to structural components and the interior finishes for

Site Classes D and B, respectively.

2.7 Downtime Assessment
This section provides an overview of existing downtime assessment methodologies in Section
2.7.1. A recent framework developed by Molina Hutt et al. (2022) is leveraged for the downtime

assessments conducted in this study. A summary of this framework is provided in Section 2.7.2.

2.7.1 Background on Downtime Assessment
FEMA P-58 (FEMA, 2018) defines repair time as the time required for a damaged building to

reach its pre-earthquake condition. Similar to the repair cost calculation, for each repairable Monte
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Carlo realization, the damage is translated to repair time by means of time consequence functions.
The repair time of collapse and irreparable realizations are equal to the building replacement time.
The FEMA P-58 methodology conducts the repair time calculation in series, which assumes work
occurs sequentially across floors, and in parallel repair, where work occurs simultaneously on all
floors. While FEMA P-58 has a well-established methodology to calculate repair costs, it has many
shortcomings in determining the repair time of buildings (Molina Hutt et al., 2022). For instance,
the FEMA P-58 methodology only determines the downtime to achieve full recovery, the recovery
state where the building achieves its pre-earthquake functionality, and not any intermediate
recovery states. Additionally, FEMA P-58 considers the workforce only based on the building
floor area and not on the extent of building damage. FEMA P-58 also assumes only one trade can
make repairs at a time on a floor. Most importantly, the impeding factor delays such as contractor
mobilization, financing, and inspection are not included in repair time calculation within the

FEMA P-58 methodology (Comerio, 2006).

The Resilience-based Earthquake Design initiative (REDi) (Almufti & Willford, 2013) addressed
some of the issues associated with the FEMA P-58 methodology to calculate downtime. For
instance, the REDi guidelines account for the impeding factor delays and utility disruptions. Also,
in addition to the full recovery state considered in FEMA P-58, the REDi guidelines introduce two
more recovery states which are reoccupancy and functional recovery. Reoccupancy is the state
where the building is safe enough to occupy, and functional recovery is the state where the building
restores its functionality. In the REDi guidelines, a repair class is assigned to each component
based on its damage state and what damage state is hindered by such damage. The repairs required

to achieve a recovery state can then be obtained from the repair class of each component. Some of

43



the limitations of the REDi guidelines are outlined in Molina Hultt et al. (2022). For instance, the
REDi methodology utilizes the reoccupancy recovery state to determine if the building is safe
enough to occupy (i.e. it can be used for shelter). However, necessary repairs to achieve the
reoccupancy recovery state are overly conservative. Many researchers recommended relaxed
habitability standards for sheltering criteria in buildings (SPUR, 2012; FEMA P-2055, 2019). In
addition, the REDi guidelines assume non-structural components repair begins only after repairs
of all structural components in the building are complete and it assumes these are carried out one
story at a time. Terzic & Yoo (2016) noted that following the 1994 Northridge earthquake,
contractors repaired several floors at a time and some non-structural components such as the
elevators and the staircases were repaired in parallel with the structural elements. Another
limitation of the REDi guideline is the lack of provisions for repair time calculation of buildings
with high residual drift ratios. Such cases are deemed to be irreparable and contribute to downtime
significantly as highlighted in past research (e.g. Molina Hutt et al., 2019) due to the need to

demolish and reconstruct the building.

Tipler (2014) assessed the functional recovery time of a 42-story residential coupled core wall
building located in downtown San Francisco using the REDi guidelines. For the DE and MCEr
intensity levels, functional recovery times of 588 and 959 days were reported, respectively. Also,
Tipler (2014) proposed two structural systems to enhance the performance of the building
archetype: a damped outrigger system which can reduce the functional recovery downtime to 434
and 770 days under the DE and MCEr levels, respectively, and a base isolated system with which
the functional recovery times were reduced to 301 and 623 days, respectively. In addition, Tipler

(2014) performed similar assessments on the above-referenced structural schemes considering an
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enhanced scheme for non-structural components design per the REDi guidelines. With this
modification, the functional recovery time of the baseline, damped outrigger, and the base isolated
buildings under the DE event were significantly reduced to 203, 140, and 42 days, respectively.
Similarly, the functional recovery time of the baseline, damped outrigger, and the base isolated
buildings under the MCEr event were significantly reduced to 728, 588, and 357 days,
respectively. Results of this study suggested that by reducing both structural and non-structural

components damage (particularly damage to the partitions), a timely recovery can be achieved.

Almufti et al. (2018) evaluated the downtime to achieve reoccupancy and the functional recovery
time of 42-story residential RCSW building archetypes located in San Francisco and Oakland
under the magnitude 7.0 HayWired scenario and reported median reoccupancy downtimes ranging
from 121 to 139 days and functional recovery downtimes ranging from 224 to 245 days. The
governing factor of the total downtime of the archetypes were found to be the contractor

mobilization impeding factor delays.

In a study by Molina Hutt et al. (2021) on a 42-story residential RCSW building archetype located
in San Francisco, CA (Site Class D), functional recovery times of 222 and 512 days were reported
under the DE and MCER levels, respectively. Major contributors to total functional recovery time
were found to be the contractor mobilization and other impeding factor delays which can be
reduced significantly by employing the San Francisco’s Building Occupancy Resumption Program
(BORP) (Lang et al., 2018) and other mitigation measures, which can reduce the total functional
recovery time under the DE and the MCEr levels to 122 and 433 days, respectively. The main

contributors to functional repairs were elevators, structural repairs, and mechanical equipment. In
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addition, they performed the downtime assessment on the same archetype in a Site Class B site
(i.e., lower intensities and story drifts). The resultant downtime under the DE and MCERr levels
were 145 and 182 days, respectively. These values were reduced to 67 and 85 days under the DE
and MCERr levels, respectively by employing mitigation measures to minimize impeding factor

delays.

In addition to the above-mentioned studies, ATC (2018) provides a good overview of the recent
studies conducted on the downtime assessment of tall buildings. Per ATC (2018), the building
damage under earthquake ground motions is very sensitive to the story drift ratio. While a story
drfit limit of 2% is required by current US building codes for the DE event, the corresponding
functional recovery time would be on the order of a year or more (ATC, 2018) which far exceeds
the one month functional recovery goal suggested by this report. Therefore, this guideline provided
the following recommendations to achieve the proposed target: (1) limiting the drift ratios to 1%
under the DE earthquake, (2) enhancing the design and specification of critical MEP/elevator
systems, and (3) implementing BORP and other measures to mitigate impeding factors for

recovery.

2.7.2 Downtime Assessment Framework

Molina Hutt et al. (2022) proposed a framework to assess earthquake induced downtime which
improves the limitations associated with FEMA P-58 and REDi guidelines frameworks. Downtime
in this context is the time to achieve a recovery state after an earthquake. Five different recovery
states are considered in the framework which are stability, shelter-in-place, reoccupancy,

functional recovery, and full recovery. This framework is identical to FEMA P-58 methodology
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from structural simulation to component repair time estimates. However, it is different in
estimating the building performance in terms of downtime. The methodology begins with
evaluating the extent of damage to the building to determine the usability of the building after an
earthquake. Next, the methodology evaluates the impeding factor delays which are different
factors that can delay the initiation of repair activities. Some examples are building inspection,
engineering services, and mobilizing a contractor. In the third step, the framework determines the
building’s repair time to the desired recovery state which depends on the sequence of repairs and
number of workers. In the fourth step, a temporal recovery trajectory of the building is provided
by the framework based on the delay time and the repair time. Similar to the FEMA P-58
methodology, this methodology utilizes thousands of Monte Carlo simulations to address
uncertainties which results in thousands of downtime realizations and recovery trajectories with
the same likelihood of occurrence. Lastly, the framework provides probabilistic resilience-based
measures, robustness and rapidity, which are helpful measures for decision makers. More details

about each of the framework steps are provided in the following sections.

2.7.2.1  Recovery States and Post-Earthquake Usability

Molina Hutt et al. (2022) considered five distinct recovery states in their downtime estimation
framework. The recovery states and the associated building conditions and repair classes are
summarized in Table 2.5. The building condition describes the condition of the building when the
recovery state is achieved and the associated repair class in Table 2.5 is the repair class that hinders
achieving the corresponding recovery state. Similar to the REDi guidelines, this framework assigns

repair classes to different component damage states. Each recovery state is achieved only after
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repairing all damaged components flagged with a certain repair class, which indicates such damage

hinders achieving that recovery state.

Table 2.5. Recovery states, building condition, and associated repair class for downtime
estimation (Molina Hutt et al., 2022).

- . Associated
Recovery State Building Condition Repair Class
Stabilit Significant structural and non-structural damage that 5
y does not compromise the building stability
Shelter-in-olace Moderate structural and non-structural damage that does 4
P not threaten the safety of residents
Reoccupancy  Cosmetic structural and moderate non-structural damage 3
Functional Cosmetic structural and minor non-structural damage 2
recovery
Full recovery No damage, pre-earthquake functionality maintained or 1

restored

The Molina Hutt et al. (2022) framework proposes two additional recovery states to those defined
in the REDi guidelines (i.e. the stability and shelter-in-place recovery states). The stability
recovery state is the condition where the building might not be safe for the residents to enter, but
it is stable and reparable. The risk of falling debris and aftershock collapse risks is considered
negligible in this recovery state. The shelter-in-place recovery state is defined by SPUR (2012) as
“a resident’s ability to remain in his or her home while it is being repaired after an earthquake —
not just for hours or days after an event, but for [the] months it may take to get back to normal”.
Definition of the reoccupancy recovery state in REDi guidelines is similar to the shelter-in-place
recovery state in Molina Hutt et al. (2022) methodology. However, the criteria that REDI
guidelines define to achieve the reoccupancy recovery state are more stringent than those proposed
by Molina Hutt et al. (2022) for the shelter-in-place recovery state. EERI (2019) defines functional

recovery as a “post-earthquake state in which [building] capacity is sufficiently maintained or
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restored to support pre-earthquake functionality”. In this recovery state, the building should have
primary functionality and utility functionality should also be satisfied to attain this recovery state.
The last recovery state considered in the Molina Hutt et al. (2022) framework is the full recovery

state where the building achieves its pre-earthquake condition.

2.7.2.2  Impeding Factor Delays

Several factors can delay the start of damage repairs (Comerio, 2006; Bilau et al., 2015; Marquis,
2015). The REDi guidelines used the term, impeding factors, to refer to these delays. The Molina
Hutt et al. (2022) framework considers the following impeding factors: (1) post-earthquake
inspection, (2) stabilization, (3) engineering mobilization and review, (4) permitting, (5) contractor
mobilization, and (6) financing. Lognormal cumulative distributive functions are proposed to
represent these impeding factor delays. By sampling these functions, the duration for each
impeding factor can be obtained. This framework assumes the sequencing of the impeding factors
as demonstrated in Figure 2.15. If the building experiences no seismic damage, i.e., the maximum

repair class is equal to zero, the delay estimates will be zero.

[ Post-earthquake Inspection ]

[ Repairable Damage J [ Irreparable Damage |

[Cnntractﬁr Mobilization ] [Fmancmg] [Eﬁgmeermg] [STatuhzamn] [Eng:neermg] [Dﬂmnhtlan ] [ Fimancing ]

Hepa i Commences Reconstruchon Commences

Figure 2.15. Sequencing of impeding factor delays for downtime estimation (Molina Hutt et al.,
2022).

49



As demonstrated in Figure 2.15, post-earthquake inspection determines if the building is reparable
or irreparable. If the building damage renders it irreparable, reconstruction delay estimates are
considered in the framework which includes engineering, demolition, and financing. The
associated impeding factor duration would be equal to the duration of inspection plus the
maximum of the duration of engineering, demolition, and financing. If the building damage
renders it reparable, different impeding factors considered in the framework are stabilization,
contractor mobilization, financing, as well as engineering and permitting. Delays associated with
the contractor mobilization are estimated for each repair sequence as described later in this chapter.
Similar to the irreparable damage case, the total impeding factor duration is equal to the sum of
the inspection delay and the maximum of the delays associated with stabilization, engineering and

permitting, contractor mobilization (for each repair sequence), and financing.

As described by Molina Hutt et al. (2022), the stabilization delay is the time required to mobilize
the emergency crews and perform necessary repairs to minimize the risk of instability or falling of
debris. The engineering delay is the time required to assess the structural damage to the building
after the earthquake and propose repair strategies if required. The time needed for local building
officials to review and approve the repair strategy is reflected in the permitting delays. It should
be noted that the Molina Hutt et al. (2022) framework only accounts for engineering and permitting
delays if there is structural damage and the length of delay is different depending on the extent of
damage. The contractor mobilization delay is the time needed to “find available contractors, to
complete the bidding process, to procure materials and equipment, and to mobilize the necessary
labor force” (Molina Hutt et al., 2022). Molina Hutt et al. (2022) followed Paul et al.'s (2018)

approach to estimate the contractor mobilization delays for different repair sequences as opposed
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to REDi guidelines, which consider a single contractor mobilization delay for all repair sequences.
“The financing delay accounts for the time required to obtain the funds necessary to carry out
repairs” (Molina Hutt et al., 2022). This impeding factor is a function of the economic loss ratio
and the method of financing. Three methods of financing are considered in this framework which
are insurance, private loans, and public loans. More details about impeding factors delay

estimation are provided in Molina Hutt et al. (2022).

2.7.2.3  Building Repair Time

After the estimation of different impeding delay factors, the time to repair all components required
to achieve the desired recovery state is evaluated based on the repair class associated with each
component (Molina Hutt et al., 2022). Then, the building repair time is estimated based on
sequencing of repairs and the workers assigned to each repair sequence. Seven repair sequences
defined in this framework are as follows: (1) RS1 which represents structural repairs, (2) RS2
which denotes the interior repairs (e.g. plumbing and partitions), (3) RS3 which represents repairs
to the building envelope (e.g. curtain wall glazing), (4) RS4 denotes the mechanical equipment
repairs, (5) RS5 demonstrates the electrical equipment repairs, (6) RS6 corresponds to elevator

repairs, and (7) RS7 which refers to staircase repairs.

Based on the damage state of each component, FEMA P-58 determines the repair time in worker-
days utilizing the associated consequence functions. By dividing the repair time by the number of
workers contributing to the repair efforts, the repair time in days can be obtained. The Molina Hutt
et al. (2022) framework accounts for the contribution of four different factors in worker allocation:

(2) the number of damaged units per Paul et al.'s (2018), (2) the floor area to consider the limitation
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associated with the number of workers assigned to a repair path on a given floor to prevent
congestion (FEMA, 2018), (3) contractor resource limitations per Paul et al.'s (2018), and (4) site

restrictions per the REDi guidelines.

After determining the repair time of each repair sequence and each floor, the repair time of each
repair phase is calculated. Each repair phase is group of floors that will be repaired simultaneously.
This framework assumes each repair phase consists of three floors. Therefore, the repair time of
each repair sequence in a given phase is equal to the maximum repair time in each sequence among
all floors in that phase. Thus, the time to complete repairs for repair sequence i (RSi) on floor j,
which is part of repair phase n, is the sum of (1) impeding factor delays for RS;, (2) the sum of

repair times for RS; in each phase from 1 to n-1, and (3) the repair time of RS; on floor j.

In the next step of the framework, the repair time associated with each repair path is determined.
Repair paths determine the order of repairs needed to be carried out. Each repair path consists of
one or more repair sequences. Based on the study by Terzic & Yoo (2016) on the repair process
after the 1994 Northridge earthquake, contractors can perform the elevator and staircase repairs in
parallel with the structural repairs in groups of two to three floors at a time. These studies further
show that the interior repair starts immediately after the structural repair completion. Based on
these observations, Molina Hutt et al. (2022) considered the following repair paths: (A) Repair
path A starts with structural repairs (RS1) followed by the interior repair (RS2), the mechanical
equipment repair (RS4), and the electrical equipment repair (RS5) on each floor; (B) Repair path
B represents the exterior repair (RS3); (C) Repair path C represents the elevator repair (RS6); and

(D) repair path D represents the staircase repairs (RS7). This framework assumes all four repair
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paths proceed in parallel. Details regarding the calculation of the repair time associated with each
repair path is provided in Molina Hutt et al. (2022). For each of the four repair paths, the
methodology calculates a recovery trajectory which provides a floor-wise recovery time for each
repair path. The governing trajectory for a realization is the upper bound time of the four individual

trajectories and would not necessarily represent any single repair path.

This process is repeated for thousands of Monte Carlo realizations and a governing recovery
trajectory is obtained for each realization. The methodology gives the median trajectory after
sorting all trajectories with respect to the final downtime, the time at which the building fully
achieves the desired recovery state. For collapse or irreparable realizations, downtime is equal to
the building replacement time which consists of the time for demolition and reconstruction. Molina

Hutt et al. (2022) suggested considering two weeks per floor to calculate the reconstruction time.

2.7.2.4  Robustness and Rapidity
Two performance metrics are proposed by Molina Hutt et al. (2022) which can be used to

determine the rapidity and robustness of buildings, quantitatively.

Robustness is defined as “the ability [of the building] to withstand a given level of stress or demand
without suffering degradation or loss of function” (Bruneau et al., 2003). Molina Hutt et al. (2022)
proposed a robustness performance metric described as the probability of a building not achieving
a target recovery state immediately after an earthquake with a pre-defined ground motion shaking
intensity. This probability should be less than the robustness target of Y% as shown in Eq. 2.2

(Molina Hutt et al., 2022).
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P(Criticality s > Criticality; \zoerrs) < Y%0 (2.2)

where Criticalityrs and CriticalityTarget-rs are the criticality of the immediate post-earthquake
recovery states and the criticality of the target recovery state, respectively. To better understand
the concept of criticality of a recovery state, it can be linked to the repair class of a recovery state
as shown in Table 2.5. Criticality of recovery state “A” is higher than that of recovery state “B” if
the repair class associated with recovery state “A” is higher than that of recovery state “B”.
Therefore, to use Eq. 2.2, one should first obtain the percentage of realizations for which the repair
class associated with a building recovery state immediately after the earthquake is higher than that
of the target recovery state (i.e., P(Criticalityrs >CriticalityTarget-rs)). Then the resultant probability

should be compared with the robustness target of Y%.

Molina Hutt et al. (2022) suggests setting Y equal to 10% for a “functional-level earthquake” (i.e.
ground motion with 10% probability of exceedance in 50 years) following the “function loss”
performance metric defined by 2015 National Earthquake Hazards Reductions Program (NEHRP,
2015) that requires all buildings in risk category IV to have a probability of not being operational

after a functional-level earthquake of 10% or less.

Rapidity is defined as “the capacity to meet priorities and achieve goals in a timely manner in order
to contain losses and avoid future disruption” (Bruneau et al., 2003). To evaluate this performance
metric, FEMA P-2082 (FEMA, 2020) recommends assigning target functional recovery
downtimes to new buildings based on the building’s risk category. The tendency estimates, i.e.,
mean or median results, are not good measures to evaluate rapidity due to the high variation in

downtime estimates (Molina Hutt et al., 2022). Thus, Molina Hutt et al. (2022) proposed a
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performance metric to determine if the probability of not achieving a recovery state within a
specified timeframe after the earthquake is less than a threshold, Y% as shown in Eq. 2.3 for the

functional recovery state.

P(DT > DT, ppeer) < Y% (2.3)
where DTrr is the estimated downtime to the functional recovery, DTrarceT IS the target downtime,
and Y is the threshold beyond which building performance is unacceptable. Molina Hutt et al.
(2022) suggested using a threshold of 10% (for a risk category Il building based on FEMA, 2020)

and the DTrarceT Of four months for the 475-year hazard level per Poland (2009).
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Chapter 3: Structural Analysis Model Development and Validation

This chapter provides details of the structural model developed in this study for the purpose of
performing nonlinear time-history analyses. Section 3.1 provides a brief description of the finite
element software OpenSeesPy, and the author's motivations to use it in this study. Section 3.2
provides an overall description of the building model and subsections 3.2.1 to 3.2.6 describe the

modeling approach and assumptions in more detail.

3.1 OpenSeesPy

OpenSeesPy (Zhu et al., 2018) is a python interpreter for OpenSees (McKenna, 2011).
OpenSeesPy was developed in 2018 and has since been widely used by researchers (e.g. Zou et
al., 2020 and Slotboom, 2020). One of the advantages of OpenSeesPy over OpenSees is the
suitability of python for scientific computing applications. Tcl, the language used to write
OpenSees applications, only uses string data type, which makes the mathematical expression’s
syntax more difficult (Zhu et al., 2018). In addition, many python libraries such as Matplotlib,
Numpy, and Pandas can be used for post-processing of the results as done in this study. The python
environment of OpenSeesPy makes it particularly useful for conducting studies which require

many simulations such as reliability studies and sensitivity analyses.

OpenSeesPy’s automation capability is a suitable choice for this study given that more than 500

nonlinear analyses are required for the performance-based assessment framework. In addition, the

python environment of OpenSeesPy facilitates going from OpenSees to the loss assessment tool,
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Pelicun, and then from Pelicun to the downtime tool, TREADS (Molina Hutt et al., 2022), all

within Python.

3.2 Building Model

The nonlinear model of the 30-story residential RCSW building archetype in the cantilevered
direction is described in this section. Note that this thesis only explores the behavior of the building
in the cantilevered direction and not the coupled direction. Information regarding building
geometry, material properties, section properties, reinforcement layout, seismic weight and

dynamic characteristics of the building can be found in Section 2.2.

Figure 3.1a shows the plan view of the building archetype and Figure 3.1b describes the analytical
nonlinear model in OpenSeesPy. The building is modeled in 2D and consists of three main parts
(see Figure 3.1b) all fully supported at the foundation level: (1) RC pier, (2) leaning column, and
(3) basement; a detailed description of the modeling approach of each component is provided in

Sections 3.2.1, 3.2.2, and 3.2.3, respectively.

Due to symmetry of the structure in the cantilevered direction, only one of the two piers is modeled
and half of the building weight is included in the model, as illustrated in Figure 3.1a. Note that this
assumption reduces the runtime of the analyses without changing the dynamic properties of the
building. The green rectangle in Figure 3.1a indicates the half of the building modeled in
OpenSeesPy, and the areas surrounded by the blue and red lines show the tributary area of the RC
pier and the leaning column, respectively. The building seismic weight is obtained from the load

combination of 1.0D+0.5L+1.0E for nonlinear time-history analysis per PEER TBI (2017). This
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weight is lumped to the wall pier and the leaning column based on their tributary areas. Using this
load combination to calculate the seismic mass, the periods and mode shapes of the first three
modes of the archetype building are provided in Table 3.1. Note that these three modes achieve

90% modal mass participation.

Table 3.1. Modal analysis results.
Mode Period (s) Mode shape

1 3.98
2 0.72
3 0.29

58



o 0+ [

]
I
I
: LTributary area of
I e the columns
: I Only this pier
Iy "
I iy 1s modeled. | This half of
; I — .
I I 1] the plan is
: I I modeled.
I #
; I i
! I i
; Iy i
! I i
: ] |
| T
: — I: { =| 1
h ' Tributary area
I
I :: :ﬁof the wall
I
I
I
I
I
I

-

Leaning columns Rigid truss elements

modeled as linear modeled to link

elastic beam-

leaning columns to the

column elements RC wall pier

T—» RC wall pier

Fixed e

Basement walls modeled as
“ElasticTimoshenkoBeam™

elements

connection '

(b)

1!
-

Figure 3.1. Schematic of the (a) building plan and tributary area of the walls and columns; (b)

OpenSeesPy analytical model.

59



3.2.1 Reinforced Concrete Shear Wall Model

This study employed fiber-type beam column elements to model the RCSWs. Due to the high
aspect ratio (i.e., height to length ratio) of these shear walls, it is expected that their flexural
response will govern the overall behaviour of the building and therefore, this model is suitable.
Nevertheless, because shear contributions to the response are not negligible (Pugh et al., 2015),
shear contributions are also considered (see 3.2.1.3). The computational efficiency of fiber-type
beam column elements compared to other elements such as layered shell elements and continuum
elements provides additional motivation to use this modeling approach due to the large number of

simulations required in this study.

Both Force-Based Element (FBE) and Displacement-Based Element (DBE) formulations (see
Section 2.5) are available in OpenSees. This study uses the FBE approach to model the RC pier
because it is less sensitive to the axial load variation through the length of the element (Pugh et al.,
2015) and to the number of elements used per story. One limitation of the FBE formulation is that
more convergence issues are observed when using this approach compared to the DBE approach.

The approach followed to address this problem is discussed in section 3.2.6.

Pugh et al. (2015) showed that a high number of elements are required to reduce the axial load
variation through the length of the element when the DBE approach is employed. A similar study
is carried out here to evaluate the variation of axial force through the height of a wall modeled
using the DBE approach. The results, provided in Figure 3.2, show that a high number of elements
(on the order of 20 to 30) are required to limit the axial load error to 10%. Note that the flexural

capacity of the wall is highly dependent on the axial load it is subjected to and therefore, unless a
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high number of elements are used with the DBE approach, the error in estimating flexural response

of the wall is high.
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Figure 3.2. Variation in the axial force in different integration points along the height of the
shear wall with different number of elements.
In this study, the RCSWs are modeled using only one force-based element per story with seven
integration points. The Newton-Cotes beam integration approach is adopted in which integration
points are uniformly distributed along the element with a point placed at each end of the element

(Scott, 2011) and an intra-element tolerance of 1e-6 with a maximum of 1000 iterations is defined

as suggested by (Pugh, 2012).

A fiber section is assigned to each integration point. The C-shaped shear wall section (see Figure
3.1a) is modeled as an I-shaped section discretized to confined and unconfined concrete, we well

as steel fibers. The model assumes all fibers with the same distance from the neutral axis share the
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same strain when the section is subjected to uniaxial bending. For this reason, fiber discretization
is only required along the direction perpendicular to the axis about which the section bends. While
the analysis results are the same using both C- and I-shaped configurations, the latter is easier to
implement in OpenSeesPy. Note that this approach has been followed in other studies (e.g. Marafi
etal., 2019b). Both configurations of the wall fiber sections are shown in Figure 3.3. The red zones

denote the boundary regions and steel bars are not shown for clarity.

(a) (b)
Figure 3.3. Possible configurations of the fiber-discretized wall sections of each cantilevered
pier in the building model: (a) C-shaped configuration; (b) I-shaped configuration. The steel bars
are not shown for clarity and the red zones are the boundary regions.

The discretization needs to be fine enough to capture proper variation of the strain throughout the
wall section depth. Originally, the wall flanges and web are divided into 12 and 30 fibers,

respectively (i.e., default number of fibers in Figure 3.4). To ensure enough fibers are used to
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discretize the section, the sensitivity of the moment-curvature response of the wall to the number
of fibers is studied and the results are provided in Figure 3.4. The results suggest further
discretization of the wall section does not change the analysis results. Therefore, in order to
minimize the computational effort (without compromising the model accuracy), no further fiber
discretization is considered. Note that a good value for the minimum number of fibers can be the

number of distributed bars. In this study, the number of fibers are almost twice the number of

distributed bars.
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Figure 3.4. Sensitivity of moment-curvature response of the wall to the number of fibers.
Default number of fibers refers to the case where 12 and 30 divisions are considered in each
flange and web of the wall, respectively.
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3.2.1.1 Constitutive Material Models
This section describes the concrete and steel constitutive material models used in the nonlinear

structural analysis models.

3.2.1.1.1  Concrete Model

The “Concrete02” material in OpenSees is used to model the cyclic response of the confined and
unconfined concrete fibers. This material model, proposed by Mohd Yassin (1994), is commonly
used in the literature (e.g. Pugh et al., 2015; Marafi et al., 2019b). The stress strain relation of this
material model is shown in Figure 3.5. The pre-peak response of the concrete is consistent with
that proposed by Hognestad (1951), as shown in Figure 3.5 with an initial slope equal to the
concrete elastic modulus, Ec. The strength degradation response is modeled as a linear function
with negative slope initiating at the peak strength, f,, and linearly degrading until reaching the
residual strength, fres. The tensile response is modeled with a linear elastic response with a slope
equal to E for strains up to the cracking strain, &, followed by a strength-degradation segment at
higher strains with a negative slope equal to E; until reaching a residual tensile strength set to zero.
The reloading and unloading paths are linear in the tensile envelope. The reloading path in the
compression envelope is linear. However, the unloading path in the compression envelope is

bilinear as described in Mohd Yassin (1994).
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Figure 3.5. Stress-strain relation of the Concrete02 material in OpenSees (Mohd Yassin, 1994).

The peak concrete strength, fp, is set equal to the concrete material expected strength, 1.3 f”c per

PEER TBI (2017). The modulus of elasticity, E, is obtained from ACI 318 (2014) using Eq. 3.1.

E, =4700,/f, (MPa) (3.1)

The strain at the peak strength point, ¢p, is obtained using Eqg. 3.2 (Mohd Yassin, 1994). The
concrete crushing strength, fres, is set equal to 0.2 f, and the residual strain, eres, is set equal to 0.008

as suggested by Pugh et al. (2015).

& :E— (32)
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The concrete tensile strength, f;, is obtained using Eq. 3.3 (Wong et al., 2013). Moreover, the
cracking strain, ecr, and the ultimate tensile strain, &, can be obtained from Eq. 3.4 and Eq. 3.5 as

outlined in Massicotte et al. (1990).

f, =0.33,[f, (MPa) (3.3)
ft

_ 3.4

=g (3.4)

& =16¢, (3.5)

In the Concrete02 material, A is the ratio of the unloading slope at the crushing point to the initial
slope and is taken as 0.1. Also, the tensile softening stiffness of the concrete, E;, is equal to 0.05

Ec as outlined in Mohd Yassin (1994).

The confined concrete maximum compressive strength, fy, and residual strain, eresc, are
determined using the Saatcioglu & Razvi (1992) model. The tensile response of the confined
concrete is the same as that of unconfined concrete. Confined concrete modulus of elasticity, Ecc,
is same as that of the unconfined concrete. Eq. 3.2 is used to obtain the strain at the point of
maximum compressive strength in the confined concrete, epc, by setting fp to foc. AlS0, eres and fres
in Figure 3.5 are set to eresc and 0.2 fyc, respectively and A is also equal to 0.1 for the confined

concrete.

3.21.1.2  Steel Model
The “Steel02” material model in OpenSees (Filippou et al., 1983) is common in the literature, and

thus, is adopted in this study to model the cyclic response of the steel reinforcement in the walls.
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This model employs a bilinear stress-strain envelope and the Giuffre-Menegotto-Pinto (Menegotto
& Pinto, 1973) unload-reload paths. This model is capable of simulating the Bauschinger effect in
the cyclic response of the steel. The stress-strain relation of the Steel02 model is shown in Figure

3.6.

The yield strength, fy, is set to the expected strength of the steel material, which is set to 1.17 times
the nominal steel strength per PEER TBI (2017) recommendations. The modulus of elasticity, Es,
is set equal to 200GPa. The strain-hardening stiffness ratio, b, is the ratio of the post yield stiffness
to the initial elastic stiffness of the steel stress-strain curve. This value can be obtained from Eqg.
3.6.

f —f
b=—" Y (3.6)
(&, —gy)ES

where gy, fy, and &, are the yield strain, ultimate strength, and rupture strain of the steel material.
The value of &y is equal to f,/Es, and the values of fu, and ey are obtained from the reported material
properties. The value of the strain hardening stiffness ratio is usually between 0.5-5%. Ro
determines the initial value of the curvature parameter, R, which characterizes the Bauschinger
effect. The curvature degradation parameters, cR1 and cR2, the isotropic strain hardening in
compression parameters, al and a2, and the isotropic strain hardening in tension parameters, a3

and a4, are all set to the default values.
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Figure 3.6. Steel material model stress-strain relation (Menegotto & Pinto, 1973).

The Steel02 material model can be modified to capture steel rupture and buckling by leveraging
the “MinMax” material model in OpenSees. The steel rupture condition is provided by the max
strain value of “MinMax” set equal to ey = 0.13, which is the fracture strain in steel. Buckling is
captured by setting the min strain value of “MinMax” equal to eeres, the concrete crushing strain

that triggers rebar bucking.

3.2.1.2 Material Regularization

As described in Section 2.5, material regularization is needed to prevent damage localization in
the RCSWs with a softening response when modeled using fiber-type beam column elements.
Section analysis is carried out for each pier at the grade level, where the plastic hinge is anticipated
to form, to determine if the wall has a softening response under the expected axial load. The results

of the section analysis on these shear walls exhibit a hardening response prior to failure due to
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steel rupture, as shown in Figure 3.7; therefore, material regularization is not required in this study.
Note that the walls would exhibit a softening response given one of the following cases: (1) lower

concrete strength, (2) lower longitudinal reinforcement ratio, and (3) higher axial load demand.
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Figure 3.7. Sectional analysis results of each cantilevered pier at the grade level of the building:
(a) Moment-curvature response; (b) extreme tension steel fiber.

3.2.1.3  Shear Response

To account for shear response of the RCSWs in this study, an approach similar to Pugh et al. (2015)
is followed. Shear response is aggregated with the axial-flexural response using the “Section
Aggregator” command in OpenSeesPy (see Figure 3.8). The shear force, V is equal to Cea G Ay y
where Cga, G, Ay, and y are the shear stiffness reduction factor, the concrete shear modulus, the
wall effective shear area, and the shear strain, respectively. G is estimated as 0.4E. per ATC 72-1
(2010), and the effective area for a rectangular section is 5/6Ag where Ag is the gross area of the
shear wall. Note that only the web of the C-shaped shear wall of the building archetype (Section
2.2) is considered in calculating the effective shear area. In this study, a Cca 0f 10% is used when
calibrating analytical models against experimental test data per the recommendations of Pugh
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(2012). However, the shear stiffness modifier used in the building model for nonlinear time-history
analyses is 50% for consistency with PEER TBI (2017) recommendations. The shear wall response
is less sensitive to the shear stiffness modifier in the building model than the calibration model due

to the high aspect ratio of the shear wall.

Figure 3.8. Section aggregator command in OpenSees (OpenSeesWiki, 2016).

3.2.1.4 Nonlinear Model Validation

To validate the proposed nonlinear model and calibrate the model parameters, the cyclic response
of specimen RW-A20-P10-S38, as tested by Tran & Wallace (2015), is simulated under the same
load and displacement protocols. Both DBE and FBE approaches are used to calibrate the model
parameters. The results suggest that both approaches are capable of simulating the cyclic response
of the sample shear wall specimen. A single element with five integration points is used to calibrate
the shear wall with the FBE approach. Five elements with five integration points are utilized to
calibrate the shear wall with the DBE approach. In order to obtain the best match between the
analytical and experimental results, a modulus of elasticity equal to 0.8Ec is used in the calibration.
This assumption is within the acceptable range outlined in ACI 318 (2014): “Measured elastic
modulus values can range from 80 to 120 percent of calculated values”. A steel strain-hardening

stiffness ratio of 0.6% resulted in a good agreement between the experimental and analytical
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results. Also, the RO parameter in the Steel02 material, which controls the transition from elastic
to plastic branches, is set to 12.95 and 10 in the FBE and DBE model, respectively. These values
fall within the recommended range of 10 to 20. Other Steel02 model parameters (cR1, cR2, al, a2,
a3, and a4) are set to the default values. The analytical and experimental hysteretic responses of
the specimen are shown in Figure 3.9. Note that while the proposed model is capable of capturing
the stiffness during loading and unloading, as well as the wall strength up to a lateral drift of 3%,
it fails to capture the cyclic strength degradation observed after the second 3% drift loading cycle.
Note that this is not an issue in this study because the shear walls of the building archetypes will
be subjected to lateral drifts below 3% and have a hardening response as discussed in Section
3.2.1.2. As shown later in Chapter 5, for the nonlinear time-history analyses performed in this
study, the concrete strain is less than ¢p and thus, strength degradation is not expected in the

hysteretic response of the walls.
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Figure 3.9. Shear wall calibration results.
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3.2.2 P-Delta Effects

P-Delta effects are accounted for by means of a leaning column. Leaning columns are modeled as
elastic beam column elements with high axial stiffness connected to the SFRS using axially rigid
truss elements. An easy way to demonstrate the leaning column mechanism is through the Yura
approach (Yura, 1971) schematically described in Figure 3.10. As shown in the figure, a lateral
shear wall displacement of 4, results in the same lateral displacement of the leaning columns
because of the axially rigid truss connection. Equilibrium in column CD requires forming an axial
force of QA/L in the truss element which is transferred to the shear wall and causes an additional

moment of 04 at the base of the wall (Geschwindner, 2002).
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Figure 3.10. Equilibrium force for Yura derivation (Geschwindner, 2002).

Leaning columns should not contribute to the flexural resistance of the building; this can be
satisfied either by modeling rotational springs with low stiffness at the ends of the leaning columns
or by considering a low bending rigidity for the leaning columns. Both approaches lead to the same

analysis results, however, the latter is easier to implement in OpenSeesPy, and therefore used in
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this study. The leaning column axial load can be obtained by subtracting the wall axial load from

the total gravity load at each story in the building.

3.2.3 Basement Model

A similar approach to that of Marafi et al. (2019b) is used to model the basement structure
(retaining walls and floor diaphragms). These elements are modeled using elastic springs with
stiffness values obtained from a 3D finite element model in the commercial structural analysis
software, ETABS. The basement retaining walls are modeled using the “ElasticTimoshenkoBeam”
element in OpenSeesPy where shear deformations are accounted for. The bending and shear
stiffness values of the shear wall are equal to 0.8Eclg and 0.2E:Aq as per PEER TBI (2017)
recommendations. The basement floors are modeled using truss elements with a modified axial

stiffness of 0.25EcAg, also per PEER TBI (2017) recommendations.

While this simplified model permits capturing the backstay effect, it is unable to capture the true
behavior of the basement floors and walls. A sensitivity study was carried out to investigate the
effects of basement walls and floors stiffness assumptions on the response of the structure above
and below the grade. The building archetype is subjected to a simulated ground motion of M9 CSZ
earthquake in Delta (described later in Chapter 4) and the maximum story shear is recorded for
different values of basement diaphragm and walls stiffness. The results are shown in Figure 3.11
where the basement diaphragm or wall stiffness ratio is the ratio of the basement diaphragm or
wall stiffness in OpenSeesPy to the basement diaphragm or wall stiffness obtained from ETABS.
Figure 3.11 shows that the structural response above the grade is not significantly affected by

changing the basement walls and floors stiffness assumptions, which primarily influence the
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response below grade. These results are consistent with the observations by Moehle (2015).
Furthermore, because the focus of this study is on evaluating the superstructure, this modeling

approach is deemed acceptable.
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Figure 3.11. Story shear for different values of (a) basement diaphragm stiffness; and (b)
basement wall stiffness under a simulated ground motion of M9 CSZ earthquake in Delta. Note
that the default basement stiffness is used in this study for nonlinear time-history analysis.
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3.2.4 Damping Assumptions

2.5% equivalent viscous damping is applied through the Rayleigh damping model. As suggested
in ATC-72-1 (2010), mass proportional damping underestimates damping of higher modes, while
the stiffness proportional damping results in excessive higher mode damping. Therefore, both mass
and stiffness proportional damping are considered in the Rayleigh model. Due to the changes in
the periods of a structure during a nonlinear analysis, the updated tangent stiffness matrix is
considered in the Rayleigh damping model, while the mass and stiffness coefficients are constant
(Petrini et al., 2008). Consistent with Marafi et al. (2019b), this study uses the first and second
periods of the structure to obtain the Rayleigh mass and stiffness coefficients. The percent of
critical damping is plotted for mass, stiffness, and Rayleigh proportional damping at different

periods in Figure 3.12.
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Figure 3.12. Percent of critical damping at different periods for mass, stiffness, and Rayleigh
proportional damping.
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3.25 Analysis Settings

The analysis settings used to conduct time-history analysis in OpenSeesPy are described in this
section. The required objects are “ConstraintHandler”, “DOF Numberer”, “Integrator”,
“SolutionAlgorithm”, “Solver”, and “Convergence Test”. The definition of each analysis object
can be found in the OpenSeesWiki (2016). The analysis objects used in this study are explained

below.

The ConstraintHandler object determines the way the constraint equations are enforced in the
analysis. A “Plain Handler” is not an appropriate constraint handler for the building archetypes as
it only enforces single-point constraints (such as pin or fixed boundary conditions). In this study,
some of the nodes in the nonlinear model of the building archetype are involved in more than one
constraint. Therefore, the “Transformation” constraint handler is used. This constraint handler
object does not work properly if a node is involved as a retained node in one constraint and as the
constrained node in another (OpenSeesWiki, 2016). This constraint handler method is preferred to
the “Penalty” and “Lagrange” methods because choosing the proper penalty numbers and
Lagrange multipliers requires care. In addition, some solvers do not work with the “Penalty” and

“Lagrange” methods (Scott, 2020).

The convergence criterion can be set using the convergence test object. The “NormDisplIncr”
convergence test is used as convergence criterion with a global solution tolerance of 1e-6 and
maximum of 1000 iterations. Use of the “NormUnbalance” test object, an alternate convergence

test object, is not advised in this study due to the existence of stiff elements in the model.
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The “KrylovNewton” algorithm was found to be helpful in solving convergence issues. The solver
object in OpenSeesPy determines how to store and solve the system of equations in the analysis
within the solution algorithm and the DOF_Numberer determines the mapping between equation
numbers and degrees of freedom (OpenSeesWiki, 2016). The “UmfPack” solver in OpenSees is
used with the “RMC” numberer. The Integrator object is required to determine the predictive step
for time t+dt (OpenSeesWiki, 2016). The “Newmark™ integrator object is used with y and 4 values

equal to 0.5 and 0.25, respectively.

3.2.6  Solving Convergence Issues

Convergence issues are often observed in OpenSeesPy analyses and they are associated with
modeling assumptions or analysis settings. To achieve convergence, it is recommended to first
revisit the analysis settings (Scott, 2019). Increasing the number of iterations in the test object and
changing the algorithm to “KrylovNewton” were found to be useful in this study. However,
decreasing the time step in the time-history analysis is the most effective strategy to minimize
convergence problems. In this study, each time-history analysis begins with an analysis time step
equal to the ground motion time step; if convergence is not achieved, the analysis time step is
reduced to 0.1, 0.02, or 0.002 times the default time step, which varies from record-to-record from

0.02 to 0.0029 seconds.

In this study, sensitivity studies are carried out on different material model parameters and
modeling assumptions to identify which parameters or assumptions cause non-convergence.
Another helpful strategy leveraged in this study is starting from a linear model and introducing

nonlinearity incrementally until the building structure is fully nonlinear. Whenever convergence
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issues are identified in this procedure, the last modification was identified as a possible cause for
non-convergence. This has helped in this study with choosing material models which are

numerically more robust.
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Chapter 4: Seismic Hazard and Ground Motion Selection

This chapter provides an overview of different approaches to assess the seismic performance of
buildings. Section 4.1 describes different types of seismic performance assessments defined by
FEMA P-58 (FEMA, 2018) and an overview of the assessments used in this study. Sections 4.2

and 4.3 provide details of ground motion selection and scaling procedures employed.

4.1 Scenario and Intensity-Based Seismic Performance Assessments

As described in Sections 2.4 and 2.6, intensity- and scenario-based assessments are performed in
this study for the purpose of loss and downtime evaluation. The intensity-based performance
assessment is leveraged to evaluate performance of the archetype buildings under four different
shaking intensities with 2%, 5%, 10%, and 40% probabilities of exceedance in 50 years (i.e., return
periods of 2475, 975, 475, and 100 years, respectively). These shaking intensities are referred to
as the 2475-year, 975-year, 475-year, and 100-year hazard levels hereinafter. Ground motion
selection and scaling is done per Commentary J of NBC 2015 (Canadian Commission on Building
and Fire Codes, 2017) where all three dominant seismic sources in southwestern British Columbia
(i.e., shallow crustal, subduction intraslab, and subduction interface earthquakes) are considered
in the assessment. As the Georgia sedimentary basin effects are not accounted for in 2015 NSHM
(Adams et al., 2015), which is used to determine the hazard in the intensity-based assessments, the

basin amplifications are not explicitly considered in this type of assessment.

The scenario-based assessment is carried out by subjecting the archetype building models to

simulated ground motions of M9 CSZ earthquakes generated by Frankel et al. (2018), which
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explicitly account for the effects of the Georgia sedimentary basin. These motions have an
approximate return period of 500 years (Atwater & Hemphill-Haley, 1997) and are of more
concern due to their high spectral accelerations at long periods, attributed to the amplification
effects of the Georgia basin, and the resulting impacts on tall buildings. More details are provided

in Sections 2.3 and 2.4.

4.2 NBC 2015 Ground Motions

As mentioned previously, four hazard levels are considered in the intensity-based assessments.
The scaling procedure described in this section is the same for all shaking intensities. For each of
the three major seismic sources near Metro VVancouver (i.e., shallow crustal, subduction intraslab,
and subduction interface earthquakes), the ground motions are selected with magnitudes and
distances similar to the dominant range of magnitudes and distances that control the seismic hazard
of the region. The exceptions are a few intraslab and interface motions due to the limited number
of available records. In this study, 11 seismic events are considered for each source to meet the
criteria of Commentary J of NBC 2015. The databases of ground motion records are summarized
in Table 4.1. The spectral shapes of the selected motions are similar to those of the target response

spectrum over the period ranges of interest.

Table 4.1. Ground motion records database.

Source Database
Crustal PEER NGA-West2 (Ancheta et al., 2014)

Subduction- NGA-Subduction (Ahdi et al., 2017) and S2GM (Bebamzadeh et al.,
Intraslab 2015)

Subduction- K-NET and Kik-net (Aoi et al., 2004) and S2GM (Bebamzadeh et al.,
Interface 2015)
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As mentioned in Section 2.4, the NBC 2015 design response spectra at all the locations considered
are fairly similar. However, because of the slight variations in response spectral accelerations, the
envelope of the uniform hazard spectra is used as the target spectrum for selecting and scaling

ground motions.

According to Commentary J of NBC 2015, the lower-bound and upper-bound periods, Tmin, and

Tmax, that defined the period range of interest can be obtained from Eq. 4.1 and Eq. 4.2.

T, =min(0.1T,, Ty, ) (4.1)

T = Max(2T,,1.5s) (4.2)

In Eq. 4.1, T is the fundamental period of the structure, and Tgo, represents the minimum period
required to achieve 90% modal mass participation. Modal analysis is performed on the structural
model used for the time history analysis, and the resultant periods are used to calculate the period
range for ground motion selection and scaling. The lower-limit, Tmin, and upper-limit, Tmax, are
0.29 and 7.91 seconds, respectively. Due to the contribution of different seismic sources to the
hazard in the locations of interest, a scenario-specific period range, Trs, is also defined for each
source. The scenario-specific period ranges are specified in Table 4.2 for each seismic source.

Note that for the interface source, the upper-limit period is set equal to Trmax.

Table 4.2. Scenario-specific period range.

Seismic Source Trs (S)
Crustal [0.2,0.8]
Intraslab [0.3, 1.5]
Interface [1, 7.91]
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Commentary J of NBC 2015 requires two different steps in the ground motion scaling procedure.
First, each motion should be scaled individually such that, on average, its response spectrum equals
or exceeds the target response spectrum over the scenario-specific period range. This is done by
minimizing the mean squared difference of the spectral accelerations over the appropriate
scenario-specific period range. Next, the mean response spectrum of the suite must fall above 90%
of the target response spectrum at each period over the period range of interest. Figure 4.1
demonstrates the ground motions response spectra scaled to the design target spectrum (i.e., 2% in

50 years response spectrum) per Commentary J of NBC 2015.

B Design response spectra at different locations
Scaled ground motions spectrum
= Mean of scaled ground motions spectrum
= Mean of scaled ground motions spectrum over the scenario specific period range
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Figure 4.1. 10% in 50-year target spectra, individual ground motions spectra, and average
spectra for seismic sources: (a) Crustal, (b) Intraslab, (c) Interface.
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4.3 Simulated M9 CSZ Earthquake Ground Motions

For the purpose of the scenario-based assessments, 30 pairs of simulated ground motions of M9
CSZ earthquakes produced by Frankel et al. (2018) are used in the analysis. Since each pair has
two components, 60 motions in total are applied to the 2D analysis models used in this study. The
response spectrum of each of the 60 components is compared with the NBC 2015 2% in 50 years
design spectrum at the eight locations of interest across Metro Vancouver, as shown in Figure 4.2.
Although the M9 motions have a much lower return period than that of the design earthquake (i.e.,
500 vs 2475 years), the mean response spectrum of the M9 motions lies above the design response
spectrum at long periods in deeper basin sites (i.e., basin sites with a higher depth to shear wave

velocity of 2.5 km/s) as indicated in Figure 4.2.
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Figure 4.2. Design target spectrum, individual ground motions spectra, and average spectra for

M9 motions in the locations of interest across Metro VVancouver area: (a) Delta; (b) Richmond,;

(c) Burnaby; (d) Surrey; (e) New Westminster; (f) Vancouver; (g) North VVancouver; (h) West
Vancouver.
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Chapter 5: Nonlinear Simulation of Structural Response

This chapter presents the results of the nonlinear time-history analysis performed on the
archetypical RCSW buildings for both intensity- and scenario-based assessments. The sensitivity
of the structural responses to different hazard levels and basin depths are investigated, and the
significance of the Georgia sedimentary basin effects on seismic response of the building
archetypes is highlighted by comparing the seismic demands associated with the intensity- and

scenario-based assessments.

Four intensity levels are considered with return periods of 100, 475, 975, and 2475 years (2015
NSHM motions). The structural analysis results associated with the intensity-based assessment are
provided for each seismic source (i.e., crustal, subduction interface, and subduction intraslab)
separately. In order to check whether the code-prescriptive design also complies with PEER TBI
(2017) requirements for performance-based design of tall buildings, as demonstrated by Eksir
Monfared et al. (2021), the 100-year intensity level is used to check PEER TBI serviceability
limits, and the 2475-year intensity-level is used to check the Maximum Considered Earthquake
(MCER) requirements. The scenario-based assessment is conducted using the simulated ground

motions of M9 CSZ earthquakes at eight critical locations across Metro VVancouver.

While all nonlinear time-history analysis simulations required for the intensity-based assessment
converged, simulated and non-simulated collapse cases were observed at some locations in the M9
simulations. The structural responses associated with such motions are not provided in this section

nor are they included in mean structural response calculations.
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5.1 Story Drift Ratio

5.1.1 Transient Drift Ratio

Figure 5.1 represents the transient drift ratios at all locations obtained from the scenario-based
assessments and compared with the average results of the three suites of 2475-, 975-, 475-, and
100-year motions. It is evident in Figure 5.1 that transient drift ratios are higher in sites with deeper
basins. The highest transient drift ratios are observed in Delta, Richmond, and Burnaby,
respectively. The results in Surrey and New Westminster are almost the same (they have a similar
Z»5value) and the lowest responses are observed in West Vancouver, which is located outside the
basin. The transient drift ratios in Delta, the deepest basin site, exceeds those of the 2475-year

motions.

As per PEER TBI (2017), in each story, the absolute value of the mean peak transient story drift
ratio from each suite or set of analyses should not exceed 3%, and each analysis with a peak
transient story drift ratio greater than 4.5% is an unacceptable response. Figure 5.2 represents the
mean transient drift ratios of the four hazard levels considered in the intensity-based assessment.
As shown in Figure 5.2a, in 2475-year motions, the average transient drift ratios associated with
each seismic source are well below the 3% threshold specified in PEER TBI (2017) and the
individual motions have transient drift ratios well below 4.5%; so, the transient drift ratios meet
the requirements of PEER TBI (2017) for the MCERr evaluation. Similarly, the mean of transient
drift ratios of 100-year motions are below the 0.5% limit of PEER TBI (2017) for the SLE
evaluation (see Figure 5.2d). Note that the transient drift ratios are considerably higher in interface

motions than the crustal and intraslab motions. This is because long-period ground motions, i.e.,
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the interface motions, have higher demands at long periods compared to other earthquake sources,

which result in larger displacements.
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Figure 5.1. Comparison of the transient drift ratios associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses

resulted in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the
average of non-collapse time-history analyses.
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Figure 5.2. Transient drift ratios associated with each seismic source for different hazard levels
in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-year
motions; (d) 100-year motions.
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5.1.2 Residual Drift Ratio

Accurate estimation of the residual drift ratio is hard to achieve due to its sensitivity to the
hysteretic response of the structural components and ground motion characteristics (Ruiz-Garcia
& Miranda, 2006). Therefore, FEMA P-58 (FEMA, 2018) proposed a simplified method to obtain
the median residual drift ratio, Ay, from the median story drift ratio, 4, and the median story drift
ratio calculated at yield, 4y, as shown in Eq. 5.1. In this study, the value of 4y is set equal to 0.5%

as recommended in Table C-2 of FEMA P-58 (FEMA, 2018) for RCSWs.

A, =0 for A<A,
A, =03(A-A)) for A, SA<4A, (5.1)
A, =A-3A, for A>4A,

Figure 5.3 represents the M9 residual drifts at all locations across Metro Vancouver compared with
the average responses of the structure under each of the four intensities considered in the intensity-
based assessment. The residual drift trend is very similar to that of the transient drift ratios, with

Delta having the highest responses, which exceed those of 2475-year motions.
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Figure 5.3. Comparison of the residual drift ratios associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses

resulted in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the
average of non-collapse time-history analyses.
Residual drifts associated with different intensity levels are shown in Figure 5.4. Note that PEER
TBI (2017) requires that in each story, the mean of the absolute values of the residual drift ratios
of the suite of analyses be less than 1%, and the residual drift in each analysis be less than 1.5%.
Residual drifts associated with 2475-year motions meet this requirement as illustrated in Figure

5.4a. The inter-story drifts associated with 100-year motions were all less than Ay. Therefore,

according to Eq. 5.1, residual drifts associated with the 100-year motions are equal to zero.
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Figure 5.4. Residual drift ratios associated with each seismic source for different hazard levels in
the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-year
motions; (d) 100-year motions.
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5.1.3 Racking and Damageable Wall Drifts

The damage to the shear walls and gravity wall panels can be measured using different structural
responses such as transient drift ratio and racking shear demand. As explained in Section 6.7 of
NIST (2017a), story racking shear demand is a better metric than transient drift ratio in measuring
the damage to structural and non-structural panels in tall RCSW buildings as the former accounts
for vertical racking due to flexural deformation of tall RCSWs and high axial deformation of
gravity columns resisting large overturning moments. Also, in contrast to transient drift ratio, the
racking shear demand does not include the rigid body rotation which does not cause damage to
structural and non-structural elements (Aswegan, 2013). Therefore, this study uses the story
racking shear demand instead of the transient drift ratio to determine the damage to wall and

gravity panels.

Charney (1990) proposed an index for measuring the racking shear demand, drift damage index
(DDI), which accounts for horizontal and vertical racking of each panel in the building. Figure 5.5
outlines this drift damage index calculation. The figure highlights the deformed shape of a typical
tall building and the resultant shear deformations of the wall and gravity panels. In Figure 5.5,
horizontal and vertical rotations of the gravity panel are denoted with 6 s and 6y.ac, respectively,
and 6h.co and 6y ce denote the horizontal and vertical rotations of the wall panel, respectively. The
drift damage index for panel ABCD in Figure 5.5 can be obtained using Eq. 5.2 where X; and Y;
are respectively the horizontal and vertical displacements of point i, and H and L denote the height
and length of the panel, respectively. A similar approach can be followed to obtain the drift damage
index of the wall panel (i.e., panel CDEF in Figure 5.5). Note that the horizontal and vertical

rotations of the gravity panels are in the opposite direction and thus the floor uplift increases the
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shear racking distortion in the gravity panels. In contrast, the vertical and horizontal rotations of
the wall panel are in the same direction which leads to drift damage index values lower than the

transient drifts in wall panels.

(5.2)

DDI:O.S[XB_XA y 2o %o Yo +YD_YBJ
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Figure 5.5. Idealized schematic of the building deformation to illustrate damageable drift
calculations (Molina Hutt et al., 2022).

The drift damage index of the wall panel, hereinafter called damageable wall drift, is obtained
using Eq. 5.2 (by using the wall panel corner displacements). Note that since a 2D model is utilized
in this study, where shear walls are modeled using line elements (with only one node at each level),
it is not possible to obtain horizontal or vertical deformation of the corners of each wall panel
directly from the analysis. Therefore, it is assumed that the rotation of lines CD and EF (i.e., 6hcp

and 6her) are equal to the transient drift ratio at the corresponding level and the rotation of lines
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CE and DF (i.e., 6hcp and 6her) are equal to the rotation of the nodes at each end of the wall

element at the corresponding level. A similar approach is used in Marafi et al. (2019b).

The racking drift ratio is defined as the drift damage index of the gravity panel and is used to
estimate the slab-column rotation, SCR, consistent with the approach used by Marafi et al. (2019b).
The slab-column rotation can be obtained as the maximum story drift, MSD, amplified by a racking

factor, Arack per Eq. 5.3 (Charney, 1990).

SCR=41

rack

-MSD = 1+ L, )-MSD (5.3)

bay
where |y is the length of the central core, and lpay is the distance between the face of the core wall
and the gravity columns. These result in a value of Ararck €qual to 1.57 in this study. Note that if the
gravity columns were modeled in the analysis, it would be possible to obtain the racking drift ratio

directly from the analysis using Eq. 5.2.

5.1.3.1 Racking Drift Ratio

The racking drift ratios of the intensity- and scenario-based assessments are plotted in Figure 5.6
for different locations across Metro Vancouver showcasing similar trends to the transient drift
ratios. Since the racking drift ratio is computed as 1.57 times the transient drift ratio, the racking
drift trend is same as the transient drift ratio (see Figure 5.1). As demonstrated in Figure 5.6, the
maximum racking drift ratio in the scenario-based assessment is observed in Delta, which exceeds
the racking drift ratio associated with the 2475-year intensity-based assessment. Additionally, the
racking drift ratio at each location considered in the scenario-based assessment is higher than that

of the 475-year intensity-based assessment except for West Vancouver. Figure 5.7 also
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demonstrates the racking drift ratios of each seismic source for the four hazard levels considered

in the intensity-based assessment.

Racking drift ratio can further be used to determine the collapse of the gravity system. Based on
past experimental (Dilger & Brown, 1995; Dilger & Cao, 1991; Megally & Ghali, 2000) and
analytical studies (Kourehpaz et al., 2020; Marafi et al., 2020; Eksir Monfared et al., 2021), when
the racking drift ratio exceeds 5.9%, non-simulated collapse is assumed to occur due to failure of
the gravity system as a result of slab-column connection failure. Based on the analysis results
shown in Figure 5.7, the racking drift ratios are less than 5.9% for each hazard level considered in
the intensity-based assessments. By contrast, for the scenario-based assessments, there are a few

non-simulated collapse cases which are described later in Chapter 6 (Table 6.2).
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Figure 5.6. Comparison of the racking drift ratios associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses

resulted in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the
average of non-collapse time-history analyses.
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Figure 5.7. Racking drift ratios associated with each seismic source for different hazard levels in
the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-year
motions; (d) 100-year motions.
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5.1.3.2 Damageable Wall Drift Ratio

Figure 5.8 depicts the damageable wall drift ratios for the scenario-based assessments in all
locations compared with the average results of the four hazard levels in the intensity-based
assessment. Highest responses are observed at the first story in all locations and for all intensities.
The spike in damageable wall drift ratios at story 20 is due to the reduction in wall strength at level
20. Also, the damageable wall drift ratios of all seismic sources considered in the intensity-based
assessments are plotted in Figure 5.9. As intended by CSA A23.3-14 (CSA, 2014), the highest

damage to the wall occurs at the first story where hinging is expected to initiate.
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Figure 5.8. Comparison of the damageable wall drift ratios associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses

resulted in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the

average of non-collapse time-history analyses.
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Figure 5.9. Damageable wall drift ratios associated with each seismic source for different hazard
levels in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-
year motions; (d) 100-year motions.
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5.2 Peak Floor Acceleration

The peak floor accelerations associated with the average of the three suites used in the intensity-
based assessments are compared with those associated with the scenario-based assessments in
Figure 5.10. A sharp increase at level 20 can be observed in the 2475-year motions and the
scenario-based assessment in Delta. These peaks can be attributed to the reduction in the wall’s
concrete strength and steel ratio at this level, which results in stress concentration, nonlinearity in
the wall and increase in accelerations at level 20 at high shaking intensities. Other than this spike
at level 20, the floor acceleration distribution is fairly uniform above the grade level. Also, Figure
5.11 represents the peak floor accelerations for all seismic sources at four different shaking
intensities considered in the intensity-based assessments. Note that OpenSeesPy reports the
relative floor acceleration when single support excitation is used which is the case in the models
produced in this study. Therefore, in order to obtain the absolute floor acceleration, the relative

floor acceleration is added to the ground motion acceleration at each time step.
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Figure 5.10. Comparison of the peak floor accelerations associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses

resulted in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the
average of non-collapse time-history analyses.
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Figure 5.11. Peak floor accelerations associated with each seismic source for different hazard
levels in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-
year motions; (d) 100-year motions.
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5.3 Wall Strains

The strain values associated with the outermost concrete and steel fibers are recorded during the
analysis and the maximum compression strain of concrete and tensile strain of steel are reported
in Sections 5.3.1 and 5.3.2, respectively, and checked against the MCERr evaluation criteria of

PEER TBI (2017).

5.3.1 Concrete Compression

Figure 5.12 shows the maximum compressive strain of concrete at all locations considered in the
scenario-based assessments compared with average responses of the four hazard levels considered
in the intensity-based assessments. Maximum responses in the scenario-based assessments are
observed at the grade level and level 20 (at deep basin sites). The maximum response at Delta

exceeds that of 2475-year motions.

The maximum compressive strain of concrete is presented in Figure 5.13 for all seismic sources
and hazard levels considered in the intensity-based assessments. As expected, the maximum
concrete compressive strain happens at the grade level under the interface motions. However,
under the 2475- and 975-year crustal and intraslab motions, the maximum concrete compressive
strain occurs at level 20 due to the significant higher mode response of the building when subjected
to such motions, as well as the reduction in concrete strength and steel reinforcement ratio at this
level. The maximum concrete compressive strain is far less than the limit of 0.015 as required by
PEER TBI (2017). In fact, the concrete does not reach its peak compressive strength and therefore,

no softening response of the concrete material is observed.
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Figure 5.12. Comparison of the peak concrete compressive strain associated with the scenario-
based assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses
resulted in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the
average of non-collapse time-history analyses.
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Figure 5.13. Peak concrete compressive strain associated with each seismic source for different
hazard levels in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions;
(c) 475-year motions; (d) 100-year motions.
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5.3.2 Steel Tension

Figure 5.14 represents the maximum steel tensile strain for all locations considered in the scenario-
based assessments compared with the average of the three suites used in the intensity-based
assessments. The steel strain distribution in scenario-based assessments is similar to that under the
2475-year motions with peak responses at grade level and a sharp increase at level 20. Figure 5.14

shows that maximum steel strain in Delta exceeds that of 2475-year motions.

The mean of the maximum tensile strain of steel material for each seismic source and shaking
intensity is shown in Figure 5.15. The maximum steel tension happens at grade level in the
interface motions. However, as mentioned in Section 5.3.1, the maximum responses of crustal and
intraslab suites are observed at level 20 due to significant higher mode response of the building
when subjected to these motions as well as the lower concrete strength and steel reinforcement
ratio of the wall at this level which causes stress concentration and more nonlinearity in the walls.
Nonetheless, the tensile steel strain is far less than the 5% limit of PEER TBI (2017) under the

MCERr evaluation.

106



' — Delta”
30t .
— Richmond®
15t | — Burnaby"
—  Surrey
20+ 4 = New Westminster
Vancouver
2157 1 North Vancouver
% West Vancouver
10} 1 == 2475-year
-— 975-year
3 | 475-year
100-year
0F 4

0.00 0.25 0.50 0.75 1.00 1.25 1.50
Steel Strain (%)

Figure 5.14. Comparison of the peak steel tensile strain associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses

resulted in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the
average of non-collapse time-history analyses.
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Figure 5.15. Peak steel tensile strain associated with each seismic source for different hazard
levels in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-
year motions; (d) 100-year motions.
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5.4 Wall Shear Force
Figure 5.16 illustrates the mean shear demand of each pier for the scenario-based assessments at
different locations as well as different hazard levels in the intensity-based assessments. The highest

shear demand is observed at grade level. Higher shear demands are observed at sites with higher

Z>5 values.
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Figure 5.16. Comparison of RC pier shear demand associated with the scenario-based
assessments and average response of each hazard level considered in the intensity-based
assessments. Sites flagged with an * indicate locations where some time-history analyses

resulted in collapse. Refer to Table 6.2 for exact collapse probabilities. Results shown are the
average of non-collapse time-history analyses.

The mean shear demand of each pier for each seismic source and hazard level is plotted in Figure

5.17. As expected, the highest shear demand is observed at grade level. Note that as opposed to
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the inter-story drifts, the shear demands are more consistent across the three seismic sources (see
Figure 5.17a). This is because the higher modes associated with the short-period ground motions,
i.e., crustal and intraslab motions, result in higher shear demands (Eksir Monfared, 2020). As
explained in Eksir Monfared (2020), PEER TBI (2017) requires mean shear demands be amplified
by a factor of 1.3 to be less than the ultimate capacity, V., amplified by a bias factor determined
as a function of the ductility demands in the walls as outlined in PEER TBI (2017). The shear
forces obtained from the nonlinear analyses in this study meet the performance-based seismic

design requirements of PEER TBI (2017).
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Figure 5.17. RC pier shear demand associated with each seismic source for different hazard
levels in the intensity-based assessments: (a) 2475-year motions; (b) 975-year motions; (c) 475-
year motions; (d) 100-year motions.

111



5.5 Summary of Structural Responses

The peak structural responses of each location considered in the scenario-based assessments and
each hazard level included in the intensity-based assessments are summarized in Table 5.1. As
observed in the table, the structural responses are significantly higher at locations with deeper
basin depths due to higher basin amplification effects. Most of the responses at Delta exceed those
of the 2475-year motions, which are used to design the building archetypes. Even though the M9
motions have a return period of approximately 500 years, the structural responses associated with
the simulated M9 motions are significantly higher than those associated with the 475-year motions

at all locations except West VVancouver which is located outside the basin.

Table 5.1. Summary of peak of the means of structural responses for all locations and hazard

levels.

Site/Hazard level SDR! ReDR? RaDR® DWDR? PFA® & &s' Ve
(%) (%) (%) (%) @ @ @) (KN
Delta” 1.19 0.30 1.87 0.09 061 012 160 7946
Richmond” 1.00 0.19 1.58 0.08 057 011 137 7390
Burnaby” 0.90 0.17 1.42 0.06 052 010 1.01 6854
Surrey 0.76 0.10 1.20 0.05 046 009 0.79 6472
New Westminster 0.77 0.11 1.20 0.05 0.46 0.09 0.78 6330
Vancouver 0.61 0.05 0.95 0.04 0.44 007 047 5963

North Vancouver 0.57 0.06 0.90 0.04 0.41 0.07 0.40 5670
West VVancouver 0.40 0.01 0.62 0.03 0.40 0.05 0.07 5439

2475-year 1.11 0.20 1.74 0.08 0.74 010 150 9570
975-year 0.73 0.08 1.14 0.06 049 0.08 0.65 7948
475-year 0.53 0.04 0.83 0.04 036 0.06 040 6038
100-year 0.20 0.00 0.32 0.01 0.18 0.03 0.01 3001

“Sites flagged with an * indicate locations where some time-history analyses resulted in collapse. Refer
to Table 6.2 for exact collapse probabilities. Results shown are the average of non-collapse time-history
analyses.

IStory drift ratio

ZResidual drift ratio

3Racking drift ratio

*Damageable wall drift ratio

°Peak floor acceleration

SConcrete strain

"Steel strain

8Shear
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Other important findings of this section are summarized below:

The nonlinear response-history analyses results of 2475-year motions meet the MCEr
evaluation criteria of PEER TBI (2017) which suggests that the prescriptive design of the

Canadian standard also complies with performance-based seismic design requirements.

While the structural responses associated with probabilistic seismic hazards (NSHM 2015)
are similar at different locations across Metro VVancouver, high variations are observed in
structural responses associated with M9 motions across Metro Vancouver. For instance,
the maximum transient drift ratio in Delta, the deepest basin site, is more than five times
of the maximum transient drift ratio at West Vancouver which is located outside the basin.
This sharp variation is not observed in 2015 NSHM (Adams et al., 2015) which neglects

the sedimentary basin effects.

Maximum damageable wall drift ratios are observed at grade level in the intensity-based
assessments motions, which complies with the intended seismic mechanism of core RSCW
buildings in the cantilevered direction. A spike in structural damage is observed at level 20
due to higher mode effects as well as wall strength reduction. This is more significant in
the intraslab and crustal 2475-year motions, as well as scenario-based assessments in Delta,
Richmond, and Burnaby due to significant higher mode response in such motions. For the

same reason, the maximum floor accelerations are observed at level 20 in these motions.
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Chapter 6: Damage and Loss Assessment

This chapter discusses the earthquake-induced repair costs of the archetypical RCSW buildings
associated with the intensity- and scenario-based assessments. The loss model assumptions are
provided in Section 6.1 and loss assessment results are provided in Section 6.2, including a

deaggregation of results to highlight main loss contributors.

6.1 Building Performance Model

The loss assessment is conducted in Pelicun, an open-source python-based loss estimation tool
(Zsarnoczay & Kourehpaz, 2021), which leverages the well-established FEMA P-58 (FEMA,
2018) methodology as described in Section 2.6. Consistent with previous studies (e.g. Kourehpaz
et al., 2020), 2000 Monte Carlo simulations are used for the loss assessment. The EDPs obtained
from the time-history analysis (Chapter 5), are obtained using the 2015 NSHM and simulated
ground motions of M9 CSZ earthquakes, as used in the intensity- and scenario-based assessments,
respectively. Even though the time-history analyses have been carried out only in the cantilevered
direction, similar to Kourehpaz et al. (2020), the resultant EDPs are used to evaluate damage and
loss in both building directions. This assumption simplifies the structural modeling and the
performance-based assessment of the building. Note that generally the structural responses are
different in the coupled and cantilevered directions. However, the structural response parameters
reported by Eksir Monfared et al. (2021) for the archetype building considered in this study are
similar in both directions and thus, this assumption does not significantly affect the accuracy of

the loss assessment results.
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The EDPs used in the loss assessment are selected based on their ability to predict the damage to
the structural and non-structural elements. To this end, peak floor acceleration is used to estimate
the damage to acceleration-sensitive components, and the peak story drift is used to determine the
damage to the staircase and curtain walls. The damage to the elevator guide rail system is estimated
as a function of residual drift ratios. Also, damageable wall drift ratio is used to predict the damage
to the shear walls, and racking drift ratio represents the damage to components such as slab-column
connections and wall partitions. As discussed in Section 5.1.3, these EDPs account for both
horizontal and vertical relative deformations of the structural and non-structural wall panels and
do not consider the rigid body rotation which does not induce any damage to the panels. Therefore,
the damageable wall and racking drift ratios are used in lieu of transient drift ratio in the loss

assessment as they serve as a better proxy for damage.

The building performance model includes the typical components used in common RCSW
buildings with quantities found in residential building as outlined in Kourehpaz et al. (2020).
Details regarding the fragility groups and their quantities are provided in Table 6.1. Fragility
functions are used in conjunction with the EDPs to determine the damage state of each component.
Following damage state predictions, component specific consequence functions, as defined by

FEMA P-58 (FEMA, 2018), are used to translate the damage states into repair costs.
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Table 6.1. Components considered in the building performance model of the RCSW building

archetype.
Fragility ID Component Quantity!  Unit Location EDP
1.83 Basement
Levels
Slender Concrete 1% Story above Wall Damageable
B1044.101 Wall (x-dir.) 2.32 144 SF Gr. Drift
Stories (above
177 15t()
328 Basement
Levels
Slender Concrete 1% Story above Wall Damageable
B1044.102 Wall (y-dir.) 4.16 144 SF Gr Drift
Stories (above
3.17 15t()
B1049.012 RC Slab-Column 12 Each All Stories Racking Drift
Connection
st
68.17 1 Stoc?: above
3 ; i . .
B2022.201 ud Curtain Walls (x-dir.) 30 SF Stories (above Story Drift
52 1%)
st
70.66 1 Stoc?: above
B2022.201_ud Curtain Walls (y-dir.) 30 SF Stories (above Story Drift
53.89 ot
1%)
Wall Partition w/
C1011.001a Metal Studs (x- and y- 4,18 100 LF  Stories (TYP.)* Racking Drift
dir.)
Wall Partition
C3011.001a Finishes 1.33 100 LF  Stories (TYP.) Racking Drift
(x- and y-dir.)
Prefabricated Steel
C2011.001a Stair w/ Seismic Joint 2 Each All Stories Story Drift
(x- and y-dir.)
D101411ridr® Elevator Guide Rail 4 Each  Ground Level Residual Drift
System
D1014.011 TractlgngiLevator 4 Each Ground Level Acceleration
D3041.001c HVAC Fan 0.35 10 Each  Stories (TYP.) Acceleration
D3041.011c HVAC Ducting 0.4 1000 LF  Stories (TYP.) Acceleration
D5012.023b LOW. Voltage 1 225 Stories (TYP.) Acceleration
Switchgear Amp
D2022.023a Heaf_'”g Water Piping 0.039 1000 LF  Stories (TYP.) Acceleration
— Large Diameter
D2022.013a  Hieating Water Piping 1.05 1000 LF  Stories (TYP.) Acceleration
— Small Diameter
Heating Water Pipe
D2022.023b Bracing — Large 0.039 1000 LF  Stories (TYP.) Acceleration
Diameter
Heating Water Pipe
D2022.013b Bracing — Small 1.05 1000 LF  Stories (TYP.) Acceleration

Diameter

Continued on next page
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Table 6.1. continued from previous page

Fragility ID Component Quantity!  Unit Location EDP
D2021.023a Potable Water Piping 0.052 1000 LF  Stories (TYP.) Acceleration
D2021.023b PO‘abng‘éf‘rfgr Pipe 0.052 1000 LF  Stories (TYP.) Acceleration
D3041.041b Varlableébt\)l)r(Volume 0.4 10 Each  Stories (TYP.) Acceleration
D2031.023a  Sanitary Waste Piping 0.934 1000 LF  Stories (TYP.) Acceleration

— Piping Fragility

Sanitary Waste Piping . .
D2031.023b _ Bracing Fragility 0.934 1000 LF  Stories (TYP.) Acceleration
D4011.023a Fire Sp{,'ig'i‘:g Water 153 1000 LF  Stories (TYP.) Acceleration
D4011.053a Fire Sprinkler Drop 0.84 1000 LF  Stories (TYP.) Acceleration

HVAC Drops / . .
D3041.032c Diffusers 5.6 10 Each  Stories (TYP.) Acceleration

st

C3032.003a Suspended Ceiling 27.88 250SE  * Sto(?; above Acceleration
D3031.023i Cooling Tower 2 Each Roof Only Acceleration
D3052.013i Air Handling Unit 2 Each Roof Only Acceleration
D3031.013f Chiller 1 Each Roof Only Acceleration

! These quantities are relative to the unit values.

2 All stories include typical stories (above grade) as well as basement levels (below grade).

3 User-defined fragility functions were defined for three damage states with the median story drift
ratios of 0.02, 0.03, and 0.04, respectively. Dispersion was assumed to be equal to 0.3 for all
damage states.

* Includes all stories above ground.

® User-defined fragility functions were defined for two damage states with the median elevator
residual drift ratios of 0.002 and 0.005, respectively. Dispersion was assumed to be equal to 0.3
for both damage states.

The modeling uncertainty is obtained using Eq. 6.1 as per FEMA P-58 (FEMA, 2018) where S is
the modeling uncertainty, f is the building definition and construction quality assurance and fq is

the quality and completeness of the analytical model.

B =B+ B (6.1)
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This study assumes the construction quality assurance and the quality of the analytical model is
average and thus, according to Tables 5-1 and 5-2 of FEMA P-58-1 (FEMA, 2018), 5qand f are
both equal to 0.25 and the resultant modeling uncertainty, Sm, is equal to 0.35. The record-to-record
variability is explicitly captured in this study due the large number of ground motion pairs

employed in the scenario- and intensity-based assessments.

Collapse happens as a result of simulated wall failure and non-simulated slab-to-column
connection failure. As shown in Section 3.2.1.2, the walls of the building archetypes have a
hardening response and therefore, wall failure happens due to the rupture of longitudinal bars. Per
Vamvatsikos & Cornell (2002), the non-converged motions are considered as simulated collapse.
Collapse probability is then obtained by dividing the number of collapse occurrences by the total
number of simulations used at each location in the scenario-based assessment and each hazard
level in the intensity-based assessment. While the collapse probabilities in the scenario-based
assessments are 16.7, 6.7, and 3.3% in Delta, Richmond, and Burnaby, respectively, no collapse
cases are observed in other locations considered in the scenario-based assessments or any hazard
level considered in the intensity-based assessments. The number of simulated and non-simulated
collapse cases and the collapse probability at different sites in the scenario-based assessments are
provided in Table 6.2. These collapse probabilities are used by Pelicun to determine the number
of collapse realizations in the Monte Carlo simulations. For example, the number of collapse
realizations for the scenario-based assessment in Delta is 334 which corresponds to 16.7% of the

2000 Monte Carlo simulations.
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As per FEMA P-58 (FEMA, 2018), reparability of the building in each realization is assessed by

means of a repair fragility function with a median residual drift ratio of 1% and a dispersion of 0.3.

Table 6.2. Collapse probabilities at different sites in the scenario-based assessment.

Location Number of simulated 'Number of non- Col!a_pse
collapses simulated collapses probability (%)

Delta 6 4 16.7

Richmond 4 0 6.7

Burnaby 2 0 3.3
Surrey 0 0 0
New Westminster 0 0 0
Vancouver 0 0 0
North Vancouver 0 0 0
West Vancouver 0 0 0

For each repairable realization, the total loss is equal to the sum of the repair costs of all structural
and non-structural components included in the building performance model. The loss associated
with irreparable and collapse realizations is equal to the building replacement cost. Finally, the
mean loss ratio is obtained by calculating the average loss across all realizations normalized by
the building replacement cost which is taken as $2475 USD (~$3350 CAD) per square meter

(RSMeans, 2020), resulting in a total asset value of $54,959,850 USD.

To ensure the structural responses of the 2000 Monte Carlo realizations are good representatives
of the structural responses obtained from the nonlinear time-history analysis, the mean and median
of Monte Carlo simulations are compared with the mean of time-history analysis for all EDPs.
This comparison is shown in Figure 6.1 for 2475-year where the Monte Carlo simulations EDPs

are in good agreement with the structural analysis results.
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Figure 6.1. Comparison of the EDPs obtained from Monte Carlo simulation and time-history
analysis for 2475-year motions: (a) transient drift ratio; (b) racking drift ratio; (c) damageable
wall drift ratio; (d) peak floor acceleration.

The transient drift ratios obtained from time-history analysis are less than the maximum yield drift

ratio of 0.5% suggested by FEMA (2018) in many of the ground motions. Therefore, according to

Eq. 5.1, the residual drift ratios of many ground motions considered in this study are equal to zero.

The loss assessment platform is not able to fit an appropriate lognormal curve to the residual drifts



associated with these motions and as a result, unreasonably high residual drifts would appear in
Monte Carlo realizations. The same problem exists if the residual drift ratios are very low.
Therefore, wherever the residual drifts are equal to zero or are lower than 1e-3, their value is
artificially changed to 1le-3 to obtain a better match between the mean or median of residual drifts
obtained from Monte Carlo simulations and those obtained from the structural analysis results. For
example, after adjusting the low residual drift ratios, the resultant mean and median of maximum
residual drift ratios from Monte Carlo simulations are 0.18 and 0.23% which are close enough to
the 0.2% mean of maximum residual drift ratio obtained from time-history analysis. Note that
FEMA P-58 loss assessment methodology only requires the maximum residual drift ratio across
all stories in the building. The distribution of residual drifts from Monte Carlo simulations and
time-history analysis for 2475-year motions are compared in Figure 6.2. For both time-history
analysis and Monte Carlo simulations the majority of cases have residual drift values close to 0.1%
which is used to replace small residual drifts. While the median of the residual drift ratio
distributions for time-history analysis and Monte Carlo simulations are close to each other, a few
of the Monte Carlo realizations (30 out of 2000) have a residual drift ratio greater than 1% which

are considered as irreparable realizations.
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Figure 6.2. Residual drift ratio histograms for 2475-year motions obtained from: (a) time-history
analysis; (b) Monte Carlo simulation.

6.2 Loss Assessment Results

Figure 6.3 presents the mean loss ratio of different hazard levels considered in the intensity-based
assessment and different sites considered in the scenario-based assessment. As seen in Figure 6.3,
the earthquake-induced economic loss associated with the M9 motions increases as the basin depth
increases. West Vancouver, which is located outside the basin, has the lowest mean loss ratio
(1.4%) while Delta, with the highest basin depth, has a mean loss ratio of 32%. The mean loss ratio
of the 2015 NSHM motions vary from 0.7% to 14%, which are associated with the 100- and 2475-
year hazard levels, respectively. Note that the mean loss ratio in Delta and Richmond exceed that

of 2475-year motions and the mean loss ratios in Burnaby, New Westminster, and Surrey are
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greater than that of the 975-year motions. Among the different sites considered in the scenario-

based assessment, only West VVancouver has a lower economic loss than the 475-year motions.

0.35 I I 1 1 1 1 1 1 1 1 1 1

0.30
0.25
0.20

Mean loss ratio

Figure 6.3. Mean loss ratio for the intensity- and scenario-based assessments.

A better representation of the loss distribution of Monte Carlo realizations for each location and
hazard level is provided by means of histograms in Figure 6.4. The corresponding mean loss ratios
are also plotted. As Figure 6.4 depicts, due to the presence of irreparable cases in 2475-year
motions, the mean loss ratio is higher than the median loss ratio. The discrepancies between the
median and the mean loss ratios are more significant in Delta, Richmond, and Burnaby where the

number of irreparable and collapse cases are higher than in other locations.
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Figure 6.4. Variation of loss ratio for intensity-based assessments with (a) 2475-year; (b) 975-

year; (c) 475-year; (d) 100-year return periods and scenario-based assessments at (e) Delta; (f)

Richmond; (g) Burnaby; (h) Surrey; (i) New Westminster; (j) Vancouver; (k) North Vancouver;
(I) West VVancouver.
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Figure 6.5 represent the percentage of collapse, irreparable, and repairable realizations for all sites
included in the scenario-based assessments, as well as all hazard levels considered in the intensity-
based assessments. The collapse occurrences are observed in Delta, Richmond, and Burnaby with
percentage of realizations equal to the collapse probabilities obtained from the time-history

analysis as outlined in Table 6.2.
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Figure 6.5. Percentage of collapse, irreparable, and repairable realizations for the intensity- and
scenario-based assessments.
Figure 6.6 represents the breakdown of the mean loss ratios across all sites in Metro Vancouver
for the scenario- and intensity-based assessments. As shown in Figure 6.6, four major contributors
to the economic loss are collapse, irreparable damage, repairable structural damage, and repairable
non-structural damage. The contribution of collapse to the mean loss ratio of the scenario-based

assessments in Delta, Richmond, and Burnaby is significant. However, collapse does not
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contribute to the economic loss in other locations or in any of the hazard levels. Other than in the
2475-year hazard level, the irreparable structural damage has no contribution to the economic loss
in the NSHM 2015 motions. Most of the irreparable damage contribution across the sites

considered in the scenario-based assessment is found in Delta due to its higher residual drift ratios.
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Figure 6.6. Loss deaggregation for the intensity- and scenario-based assessments.

The mean loss ratio is plotted as a function of the return period for intensity-based assessment and
as a function of depth to shear wave velocity of 2.5 km/s, Z> s, for scenario-based assessment in
Figure 6.7. The variation of each loss contributor is also determined in Figure 6.7. In the intensity-
based assessments, collapse and irreparable damage contributions to loss tend to increase as the
return period increases for the 2015 NSHM maotions. In the scenario-based assessment, these losses
increase with increasing Z»s values. However, the contribution of structural and non-structural

repairable damage to the total loss ratio (i.e., the ratio of the loss associated with the structural and
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non-structural components to the total loss) follows the opposite trend. The portion of repairable

damage attributed to structural components decreases as the intensity levels and basin depths

decrease due to lower structural responses in lower return periods and basin depths. Consequently,

the contribution of non-structural components to the loss is higher in lower return periods and

basin depths. The only exception to the mentioned trends is Burnaby, where the structural

responses and loss values are higher than Surrey and New Westminster, despite its shallower basin

depth. Note that the linear interpolation of data points in Figure 6.7 may not be accurate for return

periods and values of depth to shear wave velocity of 2.5 km/s not considered in the assessment.
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Figure 6.7. Loss vulnerability function for the intensity- and scenario-based assessments.

127



Figure 6.8 illustrates the repairable loss deaggregation to different structural and non-structural
components. Among the scenario-based assessments, the repairable loss associated with structural
components is higher than that of non-structural components except in West VVancouver. Similarly,
except for the 100-year motions, the loss ratio associated with repairable structural components is

greater than non-structural components in the intensity-based assessments.

Figure 6.8 shows that most of the repairable structural damage is associated with the slab-column
connections. Slab-column connections have higher contribution to the economic loss ratio in sites
with deeper basins in the scenario-based assessment, and in ground motions with higher return
periods in the intensity-based assessment. This is due to higher racking drift ratios that the
archetypes experience, and the resulting connection damage. The contribution of shear wall
damage to the economic loss ratio is almost negligible even in locations with deep basins and at
high intensity levels. This is because the use of damageable wall drift ratio to measure the damage
to the shear walls results in drift ratios considerably lower than those indicated in the FEMA P-58
fragility functions for slender shear walls. For example, as shown in Figure 5.8, the maximum of
the mean damageable wall drift ratios at Delta in the scenario-based assessment is less than 0.9%.
This value is lower than the median values of the lognormal distributions that characterize the
FEMA P-58 fragility functions for slender concrete walls (i.e., fragility ID “B1044.101”) which
are 0.93%, 1.28%, and 1.86% for damage states 1, 2, and 3, respectively. Therefore, most of the
shear walls have a damage state of 0 and the economic loss ratios associated with these elements
is negligible. Note that the maximum of the mean of steel and concrete strains in Delta are 1.6%

and 0.12%, respectively and spalling of the cover and yielding of the concentrated steel bars
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happen at these strain levels. These values are recorded at grade level where the highest

damageable wall drift is observed (compare Figure 5.12 and Figure 5.14 with Figure 5.8).

I Shear wall I Staircase BN HVAC
Structural components
HEl Slab-column connections Elevator Fire sprinkler system
Wall partitions & finishing Hot & cold water piping N Mechanical equipment
Curtain walls B Suspended ceiling Electrical equipment

e
iy

T T T T T T T T T T T T

-:|—~b Acceleration sensitive components

e

—

=
T

| Drift sensitive components

0.05

Mean loss ratio | repairable damage

Figure 6.8. Repairable loss deaggregation for the intensity- and scenario-based assessments.

Additionally, Figure 6.8 demonstrates that most of the repairable non-structural damage is
associated with the wall partitions. Similar to the slab-column connections, the damage to the wall
partitions is measured by racking drift ratio and therefore, the trends of the loss associated with
these components are similar to those of the slab-column connections for both types of assessment.
The curtain walls and the stair cases are other drift sensitive components which do not significantly
contribute to the economic loss of the archetypes. The damage to the elevators is measured using
two EDPs: one is the residual drift ratio which is used to estimate the damage to the elevator guide

rail system and the other is the peak floor acceleration which measures damage to the traction
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elevator cabin. In most of the assessments, the cost associated with the damage to the elevator
guide rail system (which is measured by residual drift) is more significant than that of the traction
elevator cabin and therefore, the elevator is considered a drift-sensitive component in Figure 6.8.
Among the acceleration sensitive components, the damage to the mechanical equipment is the
most significant. Overall, the drift sensitive components have higher contribution to repairable

economic loss than acceleration sensitive components as shown in Figure 6.8.

The findings of this chapter can be summarized as follows:

e The variation of the economic loss at different locations across Metro Vancouver is
significant under simulated ground motions of M9 CSZ earthquakes. For example, the loss
ratios associated with Delta, Richmond, and West VVancouver are 1.4%, 18.7%, and 32%,

respectively.

e In the scenario-based assessments, higher mean loss ratios are observed at deeper basins.
Therefore, the highest and lowest mean loss ratios are associated with Delta and West

Vancouver.

e The mean loss ratio of the scenario-based assessments at deep basins (i.e., Delta (i.e., 32%)
and Richmond (i.e., 18.7%)) exceed those of the 2475-year return period intensity-based
assessment (i.e., 14%). Also, the mean loss ratios of the M9 motions are higher than the
475-year motions (i.e., 4.4%) at all locations except West Vancouver, which is located

outside the basin.
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Loss deaggregation indicates that collapse is the main contributor to the economic loss in
Delta under M9 motions and repairable structural damage is the main contributor to loss at
other locations except West Vancouver, where the repairable non-structural damage has
the highest loss contribution. Similarly, repairable non-structural damage contributes more
than other factors to the economic loss under the 100-year motions while for other return
periods considered in the intensity-based assessments, the main contributor to the

economic loss is repairable structural damage.

Repairable loss deaggregation indicates that the majority of the repairable structural loss is
attributed to the slab-column connections damage. Strengthening such components can
reduce the economic loss significantly. Among the non-structural components, the
contributions of wall partitions, mechanical equipment, and elevators to the economic loss

are the most significant.
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Chapter 7: Downtime Assessment

This chapter presents the details of downtime evaluation of the modern residential tall RCSW
buildings located in Metro Vancouver. This study on downtime followed the framework developed
by Molina Hutt et al. (2022). A detailed overview of the methodology is provided in Section 2.7.2.
While this framework provides downtime to five recovery states (i.e., stability, shelter-in-place,
reoccupancy, functional recovery, and full recovery), the focus of this study is on shelter-in-place,
reoccupancy, and functional recovery. Other than the downtime to each recovery state, recovery
trajectories are provided and the rapidity and robustness performance metrics are evaluated. In
addition, a deaggregation of results is included to highlight the most important downtime

contributors.

Consistent with Molina Hutt et al. (2022), the reconstruction time of the archetype buildings in
this study are obtained assuming that construction of each story takes 14 days. This results in a
total of 462 days reconstruction time for the 33-story building archetypes. In addition, the median
building demolition time is 445 days (Molina Hutt et al., 2022) and therefore, the resultant total
building replacement time is 907 days. Similar to Molina Hutt et al. (2022), the impeding factor
delays associated with each repair path are categorized by contractor mobilization, stabilization,
engineering and permitting, and financing. Note that this study assumes that the financing
coefficients introduced by Molina Hutt et al. (2022) for Seattle are valid for Metro Vancouver and
thus, the financing coefficients for insurance, private loans, and public loans are 0.16, 0.72, and

0.12, respectively.
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7.1 Downtime to Different Recovery States

The median downtime to achieve Functional Recovery (FR), Reoccupancy (RO), and Shelter-in-
Place (SiP) recovery states are shown in Figure 7.1 for the intensity- and scenario -based
assessments. Figure 7.1 shows that the downtime to all three recovery states is higher in locations
with deeper basins. For example, the median functional recovery time in Delta, the deepest basin
site, is 543 days while the median functional recovery time in West VVancouver, which is located
outside the basin, is 175 days. The downtime to all three recovery states is greater under higher
hazard levels. For instance, the downtime to the shelter-in-place recovery state is 394 days for the

2475-year hazard level, and 6 days for the 100-year hazard level.
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Figure 7.1. Downtime to different recovery states for the median realization of the intensity- and
scenario-based assessments.

A comparison of the intensity- and scenario-based assessments highlight the impact of basin

effects on downtime. As seen in Figure 7.1, the downtime to all recovery states is greater for the

2475-year hazard level than the scenario-based assessments in all locations except Delta with the

133



highest basin depth. For example, the functional recovery time of the 2475-year and the scenario-
based assessment in Delta are 491 and 543 days, respectively. The significance of basin effects is
further highlighted by comparing the downtimes associated with the 475-year event with the
scenario-based assessments. While the return periods of the M9 motions are close to 475 years,
the functional recovery time under an M9 event in Delta (i.e., 543 days) is roughly twice of that
under a 475-year hazard level. Similarly, due to basin amplifications, the downtime of the scenario-
based assessments in all locations except West Vancouver (located outside the basin) is higher

than that of the 475-year hazard level.

The additional downtime required to progress from one recovery state to the next is considerably
less in deep basin sites (e.g., Delta and Richmond), and at high shaking intensities (e.g., 2475-year
motions) compared to shallow basin sites (e.g., West Vancouver) and lower intensities (e.g., 100-
year motions). For instance, in the scenario-based assessments, the building archetype in
Richmond has a SiP downtime of 384 days and requires 77 additional days to achieve FR. By
contrast, in West Vancouver, the SiP downtime is only 6 days and 169 more days are required to
achieve FR. This effect can be explained by the governing repair path in each recovery state. In
deep basins and under high intensity levels due to high damage to the structural components, repair
path A governs the downtime to all three recovery states. In contrast, in shallow basins and under
low intensity levels, different factors govern the downtime to different recovery states. For
example, for the median realization of the scenario-based assessment in West Vancouver, while
elevator repair governs the functional recovery time, it is not required for the SiP and RO recovery
states. Due to low seismic damage, other components do not hinder achieving these two recovery

states, hence, the building achieves SiP and RO immediately after inspection, while 169 additional
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days are needed for elevator repairs in order to achieve the functional recovery state. By contrast,
in Delta, structural damage is significant to the point that it hinders all three recovery states and
therefore, the additional downtime required to progress from one recovery state to the next is

lower.

As described in Molina Hutt et al. (2022), the relationship between economic loss and downtime
is not one-to-one. For example, for the 2475-year assessment, the downtime to all recovery states
is greater than that of the scenario-based assessments in Burnaby and Richmond. The opposite
trend is observed for loss assessment as shown in Figure 6.3 (i.e., the loss ratio of the 2475-year
motion is lower than that of the scenario-based assessments in Burnaby and Richmond). One
reason is that despite low loss levels, downtime estimates (in particular functional recovery time),
are considerable (compared to the replacement time) for many of the realizations and this reduces

the effect of collapse realizations on downtime.

For each intensity- and scenario-based assessment, the downtime to achieve each recovery state
for the median realization is summarized in Table 7.1. The functional recovery times for the 2475-
and 475-year hazard levels are 491 and 256 days, respectively. These numbers are comparable
with other studies such as that conducted by Molina Hutt et al. (2021) on a 42-story residential
RCSW building archetype located in San Francisco, CA (Site Class D), where the functional

recovery times were 512 and 222 days under the 2475- and 475-year hazard levels, respectively.
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Table 7.1. Median downtime realization to different recovery states (shelter-in-place,
reoccupancy, and functional recovery) under the scenario and intensity-based assessments.

Downtime to achieve each recovery state (days)”

a;gfsemoefm Ground motion Shelter-in-  Reoccupancy Functional
place recovery

2475-year 394 460 491

Intensity-based 975-year 151 296 317

475-year 85 223 256

100-year 6 72 164

Delta 464 521 543

Richmond 384 444 461

Burnaby 234 360 380

Scenario-based New Westminster 165 306 321

Surrey 164 309 324

Vancouver 112 250 275

North VVancouver 107 245 270

West Vancouver 6 15 175

* Note that the building replacement time is equal to 907 days.

Table 7.1 shows that for the scenario-based assessments in Delta and Richmond, and for the 2475-
year motions, the median downtime to functional recovery is greater than 50% of the median
building replacement time (i.e., 907 days). Note that for the 2475-year shaking intensity, which is
currently used to design buildings in Metro VVancouver, the mean loss ratio is less than 15% which
is considered a moderate loss ratio (Molina Hutt et al., 2021). Therefore, while the building
archetypes meet the requirements of current design provisions as shown in Chapter 5 of this study
and the mean loss ratio is moderate (Molina Hutt et al., 2021), the functional recovery time is

significant and may warrant explicit consideration in future design standards.

7.2 Downtime Trajectory
Downtime trajectories determine the changes in building usability (i.e., the ratio of number of
repaired stories to total number of stories) after the earthquake. These plots visualize trajectories

of all four repair paths and the governing repair path. In addition, they present the inspection time,
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impeding factor delays, and utility repair time. As mentioned earlier, for a non-collapse realization,
the repair time for each repair path is sum of inspection, maximum of impeding factor delays
(engineering and permitting, financing, contractor mobilization, and stabilization), and building
components repair time. The governing repair path is the maximum repair time of the four repair

paths.

A detailed functional recovery downtime trajectory of the median realization for the scenario-
based assessment in New Westminster is illustrated in Figure 7.2. The horizontal bar plots on the
left side of the figure show the inspection time, impeding factor delays, as well as utility repair
time. The numbers in round brackets, (), indicate the durations of the impeding factors and the
letters in square brackets, [ ], indicate the repair paths affected by each impeding factor delay. For
example, the inspection time is 6 days and it affects all repair paths (A, B, C, and D). Note that the
time required for inspection, financing, engineering and permitting, and stabilization is the same
among all repair paths. However, the contractor mobilization time depends on the components
which are repaired in the repair path considered and therefore, this impeding factor delay is
different across each repair path. For each repair path, the governing impeding factor delay is the
maximum of the time required for engineering and permitting, financing, contractor mobilization,
, and stabilization. For example, based on Figure 7.2, the governing impeding factor delay for
repair path C (Elevator repair) is 212 days and corresponds to a contractor mobilization delay.
Note that the building usability increases only after the inspection time, impeding factor delays,
and the repairs up to the first floor are complete as shown in Figure 7.2 for repair path C. As seen

in the figure, the elevator repairs (repair path C) start 218 days after the earthquake due to the time
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required for inspection (6 days) and contractor mobilization (212 days) which is the governing

impeding factor, and other repairs up to the first floor (0 days in this case).
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Figure 7.2. Recovery trajectories for each repair path to functional recovery of the median
realization of the scenario-based assessment in New Westminster. Numbers in round brackets, (
), indicate the duration of the impeding factor. The letter in square brackets, [ ], indicate the

repair paths affected by each impeding factor delay.

In each repair path, after determining the impeding delays, the components repair time calculation

starts and the building usability increases as repairs in each story are complete. As seen in Figure

7.2, the building usability for repair path D (staircase repairs) is 100% right after the inspection
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which indicates there is no staircase damage. As a result, after the inspection time (i.e., 6 days),
the usability jumps to 100%. For repair path B (exterior repairs), no repair is required below level
16 and thus, building usability does not drop to zero after the earthquake. The impeding factor
delays are 88 days and the components repair time is only 6 days. Therefore, after 94 days the
repair path B achieves 100% usability. Repair path C (elevator repairs) has impeding delays and
components repair time of 218 and 6 days, respectively. Consequently, the total time to achieve
100% usability for repair path C is 226 days. This repair path is the governing (longest) repair path
up to a building usability of 56.67%. Note that the building usability in repair path C increases
with equal steps (i.e., without any major jumps) from the first story up to story 30. Repair path A
(structural, interior, and equipment repairs) is the governing repair path above a usability of
56.67%. For this repair path, the initial building usability after the earthquake is 3.33% as no repair
is required in the first level. The impeding delays and component repair time are 127 and 194 days,
respectively which results in a time of 321 days to achieve 100% usability. Note that within repair
phase j in repair path i, whenever the repair time of the upper story n is less than that of the lower
story n-1, then the repairs of story n would be completed by the time repairs of story n-1 are
completed and therefore, the building usability jumps multiple stories. For example, in repair phase
10 (stories 28 to 30) of repair path A, as seen in Figure 7.2, the repair time of story 30 is greater
than that of story 29. Hence, there are no intermediate steps in the repair path trajectory between

these two stories.

The utility repair time which includes natural gas, water and electrical systems is also provided
atop in Figure 7.2. While these services are necessary to achieve functional recovery; the utility

restoration time is generally considerably lower than other delays/repairs and does not generally
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govern the downtime to functional recovery. For example, based on Figure 7.2, the utility repair
time is only 22 days which is considerably lower than the impeding delay for repair path C (i.e.,

218 days).

The trajectory of the downtime to functional recovery and shelter-in-place recovery states are

plotted for the median realization of the intensity- and scenario-based assessments in Figure 7.3.
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Figure 7.3. Recovery trajectories to (a) functional recovery; and (b) shelter-in-place recovery
states for the median realization of the intensity- and scenario-based assessments.
Figure 7.3a demonstrates that the recovery time and trajectory vary depending on the target
building usability, the location within the basin, and the shaking intensity. For instance, the
functional recovery downtime to achieve a building usability of 70% is higher in the scenario-
based assessment in Richmond than for the 2475-year motions. However, the downtime to achieve

100% building usability is higher for 2475-year motions than in Richmond.
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Figure 7.3b shows that the building usability is usually greater than zero immediately after
inspection for the SiP recovery state. The sheltering capacity is provided immediately after
inspection for 100-year motions and the scenario-based assessment in West Vancouver as seen in

Figure 7.3b.

The recovery trajectories to functional recovery are plotted for all realizations of the intensity- and
scenario-based assessments in Figure 7.4 along with the median, 10" and 90" percentile
realizations. The large uncertainty associated with downtime estimates is highlighted the figure.
The median, 10" and 90" percentile realizations, are determined considering the time required to
achieve 100% building usability; therefore, the time to achieve other values of building usability

can be higher in the 10" percentile realization than the median realization (e.g. Figure 7.4e).
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Figure 7.4. Recovery trajectories to functional recovery state for all realizations of the intensity-
based assessments with (a) 100-year; (b) 475-year; (c) 975-year; (d) 2475-year return periods

and scenario-based assessments in (e) Delta; (f) Richmond; (g) Burnaby; (h) Surrey; (i) New
Westminster; (j) Vancouver; (k) North VVancouver; (1) West Vancouver.
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The distribution of downtime to functional recovery can be captured better by means of
histograms. Figure 7.5 provides histograms of downtime to functional recovery for all realizations
of both intensity- and scenario-based assessments. Red numbers in Figure 7.5 are the median
downtimes to functional recovery. Figure 7.5 demonstrates that the dispersion of downtime in
Delta, Richmond, and West Vancouver in the scenario-based assessment and for the 100- and
2475-year motions is considerably higher than other locations and intensity levels. The tails of the
downtime distribution in the scenario-based assessments in Delta and Richmond exceed the
median building replacement time (i.e. 907 days) which indicates the number of collapse and
irreparable damage realizations is larger in these locations compared to other locations in the

scenario-based assessments and all hazard levels in the intensity-based assessments.
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Figure 7.5. Variation of downtime to achieve the functional recovery state for the intensity-
based assessments with (a) 2475-year; (b) 975-year; (c) 475-year; (d) 100-year hazard levels and
the scenario-based assessments at (e) Delta; (f) Richmond; (g) Burnaby; (h) Surrey; (i) New

Westminster; (j) Vancouver; (k) North VVancouver; (I) West Vancouver.
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7.3 Robustness and Rapidity

Robustness determines the ability of the building to withstand seismic forces without loss of
function (Molina Hutt et al., 2022). The robustness performance metric proposed by Molina Hutt
et al. (2022) (Eq. 2.2) is leveraged to determine the post-earthquake usability of the buildings for

each of the intensity- and scenario-based assessments.

For all the hazard levels considered in the intensity-based assessment and all the locations
considered in the scenario-based assessments, the probabilities of achieving target recovery states
of SiP, RO, and FR immediately after the earthquake are shown in Figure 7.6. As shown in Figure
7.6, for the functional-level earthquake, i.e., 475-year motions, the probability of not achieving the
expected target recovery state of SiP far exceeds the recommended 10% threshold (Molina Hutt et
al., 2022). Therefore, tall residential RCSW buildings designed per current standards in Metro
Vancouver do not meet the robustness performance criteria recommended by Molina Hutt et al.

(2022).

As shown in Figure 7.6a, the recommended 10% threshold for SiP is achieved only in the scenario-
based assessment in West VVancouver and the 100-year event where SiP is hindered in 1% and 2%
of the realizations, respectively. The reoccupancy and functional recovery states are hindered in
all of the realizations for each location and intensity level except in West Vancouver and 100-year

motions.
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Figure 7.6. Percentage of realizations for where the criticality of the immediate post-earthquake
recovery state is greater than that of target recovery state of: (a) shelter-in-place, (b)
reoccupancy, and (c) functional recovery for the intensity and scenario-based assessments.

Rapidity determines the ability of the building to meet recovery goals in a timely manner (Molina
Hutt et al., 2022). The method proposed by Molina Hutt et al. (2022) (Eqg. 2.3) is used to determine
how fast the building archetypes achieve different recovery states after the earthquake for each of
the intensity- and scenario-based assessments. As recommended by Molina Hutt et al. (2022), the

rapidity threshold and target recovery time are set to 10%, and four months, respectively, for the

functional recovery state.
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The downtime to achieve each recovery state as a percentage of realizations is shown in Figure 7.7
for all intensity- and scenario-based assessments. Note that the rapidity performance measure is
not met for the 475-year motions as 100% of the realizations require more than four months to
achieve functional recovery. Therefore, tall residential RCSW buildings designed per current
standards in Metro VVancouver do not meet the rapidity performance criteria proposed by Molina

Hutt et al. (2022).
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Figure 7.7. Downtime to achieve Functional Recovery (FR), Reoccupancy (RO), and Shelter-in-
Place (SiP) recovery states for the intensity- and scenario-based assessments.
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The probability of the functional recovery time exceeding four months for all intensities and basin
sites is same as that of 475-year motions (i.e., 100%). The only exception are the 100-year motions
and the scenario-based assessment in West Vancouver where the probability of the functional
recovery time exceeding 4 months are 50.8% and 61.95%, respectively. This shows that even in
100-year and West Vancouver motions, the rapidity performance measure is not met (i.e., the 10%

threshold for rapidity is exceeded).

7.4 Downtime Deaggregation
The goal of this section is to provide a deaggregation of downtime to determine the importance of
different downtime contributors. Engineers can use the results to develop better design strategies

and retrofit solutions.

The contribution of collapse, irreparable damage, and repairable damage to the total downtime to
functional recovery for the intensity- and scenario-based assessments are highlighted in Figure 7.8
by means of downtime vulnerability functions where the mean downtime ratio is plotted against
return period for intensity-based simulations and depth to soils with shear wave velocity of 2.5
km/s, Z», for scenario-based assessments. For all hazard levels and locations, repairable damage
is the dominant downtime contributor. Building collapse contributes only to the downtime of the
scenario-based assessments in Delta, Richmond, and Burnaby with collapse probabilities of
16.7%, 6.7%, and 3.3%, respectively. The irreparable damage has a negligible (less than 1%)
contribution to functional recovery time in all scenario-based assessments except in Delta,
Richmond, and Burnaby. Also, the irreparable damage does not contribute to functional recovery

time in any of the intensity-based assessments except the 2475-year motions.
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These results show that the significance of downtime and loss contributors are not necessarily the
same. For instance, while collapse is a major contributor to economic loss in Delta in the scenario-
based assessment (see Figure 6.6), its contribution to downtime is less significant. Note that the
linear interpolation of data points in Figure 7.8 may not be accurate for return periods and Z.s

values not considered in the assessments.
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Figure 7.8. Mean downtime to achieve functional recovery state for the intensity- and scenario-
based assessments including contributions from collapse, irreparable damage, and repairable
damage.

The percentage of repairable realizations (realizations which do not render building collapse or
irreparable damage) in which a component hinders achieving a recovery state immediately after
an earthquake is shown in Figure 7.9 for Delta, Richmond, and Burnaby in the scenario-based
assessments and for 475-, and 2475-year hazard levels in the intensity-based assessments. Using

these plots, one can determine the components that require strengthening to help achieve the above

mentioned “robustness” performance goal.
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As seen in Figure 7.9, damage to the slab-column connections hinder achieving stability
immediately after the earthquake in 100% of realizations in Delta, Richmond, and Burnaby, as
well as the 2475-year motions. The slab-column connection component does not hinder the
stability recovery state immediately after the earthquake in only 31% of the realizations of the 475-
year assessment. Therefore, strengthening the slab-column connections is a key strategy to
increase the robustness of the archetype buildings. As the damage to the shear walls are low (see

Chapter 6), the contribution of shear wall damage to downtime is negligible.

Among non-structural components, staircase damage is the only contributor to the SiP recovery
state for the locations and intensity levels provided in Figure 7.9. It hinders achieving the SiP

recovery state in 11% of the realizations in the scenario-based assessment performed in Delta.

The most critical non-structural components which hinder reoccupancy are wall partitions and
finishes as they hinder achieving this recovery state in almost all of the realizations. Other critical
non-structural components are the mechanical equipment, hot and cold water piping, and HVAC

ducts as seen in Figure 7.9 which also hinder reoccupancy in most of the realizations.

Damages to the staircases and fire sprinkler system also hinder achieving reoccupancy in most of
the realizations. This is more critical in the scenario-based assessment in Delta and the intensity-
based assessment using 2475-year motions. Elevator and Electrical equipment damages hinder
functional recovery in more than 50% of the realizations for the locations and intensity levels

provided in Figure 7.9. By contrast, the contribution of curtain walls and suspended ceiling damage
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is not significant except that curtain walls can hinder the functional recovery state in 49% of

realizations in the intensity-based assessment under the 2475-year motions.

Note that while the economic losses associated with wall partitions and mechanical equipment are
considerable (see Figure 6.8), the economic loss associated with hot and cold water piping and
HVAC ducts is not significant in all hazard levels and locations. It can be concluded that although
hot and cold water piping and HVAC ducts are not critical components in terms of their
contribution to economic loss, they are important in terms of hindering the building functionality

immediately after the earthquake.
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Figure 7.9. Percentage of repairable realizations in which a component incurs damage that
hinders either of recovery states for the scenario-based assessments in (a) Delta; (b) Richmond;
(c) Burnaby; and for the intensity-based assessments with (d) 2475-year; and (e) 475-year hazard
levels.

The deaggregation of repairable downtime to functional recovery is shown in Figure 7.10 and is

developed by determining the average contribution of each repair path across all realizations for



Delta, Richmond, and Burnaby in the scenario-based assessment and for the 2475-, 975-, and 475-
year hazard levels in the intensity-based assessment. Note that the inspection time and the
impeding factors delays, other than contractor mobilization, are the same for all repair paths. Also,
the repair time is the same within each repair path. The repair time is categorized as structural and
non-structural repair time. Since all structural components repair is done in repair path A, the
structural components repair time is zero in other repair paths. Based on the results in Figure 7.10,
in sites with a deep basin (e.g. Delta) and under high intensity levels (e.g. 2475-year motions),
repair path A governs the downtime, while repair paths C and D govern in shallow basins and
under lower intensity levels (e.g. 475-year motions). Figure 7.10 shows that the downtime
associated with repair paths C and D is mostly caused by the impeding factors, not the components
repair time. The contractor mobilization delay is considerably higher in repair path C (elevators
repair) than other repair paths and governs the downtime to the functional recovery state for 475-
year motions despite the short time required to repair the elevators (Figure 7.10e). This is another
indication that the relationship between seismic damage and downtime not being one-to-one. As
inferred by the results in Figure 7.10, strengthening a component will reduce downtime only if that
component belongs to the governing repair path (Molina Hutt et al., 2022) and the impeding factor
delay corresponding to the repair of that component is not significant. Previous studies also showed
that contractor mobilization impeding delays governs the downtime under a 475-year event (e.g.
Molina Hutt et al., 2021; Tipler, 2014). The lowest contractor delay time among all repair paths is
associated with the staircase repair, i.e., repair path D. Figure 7.10 also shows financing delays are
significantly lower in 475-year motions compared to higher intensities or at deep basin sites. This

is because the financing delay is determined as a function of the economic loss ratio and thus, the
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downtime associated with financing delays is lower in locations or intensities with lower

earthquake-induced loss.
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Figure 7.10. Deaggregation of mean downtime to functional recovery for repairable realizations
for the scenario-based assessments in (a) Delta; (b) Richmond; (c) Burnaby; and for the
intensity-based assessments with (d) 2475-year; (e) 975-year and (f) 475-year hazard levels.
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7.5 Summary and Recommendations

The downtime estimation tool developed by Molina Hutt et al. (2022) is utilized to evaluate the

downtime of the 30-story residential RCSW building archetypes for a range of intensity levels and

basin depths across Metro Vancouver under simulated M9 motions. Three recovery states are

considered in the assessment which are Functional Recovery (FR), Reoccupancy (RO), and

Shelter-in-Place (SiP). The most significant findings are summarized below:

The median functional recovery time for the scenario-based assessments varies between
175 and 543 days for West Vancouver (located outside the basin) and Delta with highest

basin depth, respectively.

The median functional recovery time for the intensity-based assessments varies between

164 days (for 100-year motions) and 491 days (for 2475-year motions).

When subjected to an M9 CSZ earthquake scenario, the functional recovery time of the
buildings located in all locations across Metro Vancouver except West Vancouver exceed
that of a “functional level earthquake” (i.e., a 475-year ground motion) primarily due to

basin amplification effects.

The median functional recovery time of the buildings designed per current provisions in
Metro Vancouver (i.e., for the 2475-year hazard level) is 491 days which is greater than
50% of the median building replacement time (i.e., 907 days) and therefore, future

considerations are necessary.

155



Building recovery trajectories highlight huge uncertainty in downtime estimates. Detailed
recovery trajectory plots show that repair path A (structural, interior, and equipment
repairs) governs downtime for locations with deep basins and under high shaking
intensities while repair paths C (staircase repairs) and D (elevator repairs) are the governing

repair path in shallow basins and under lower shaking intensities.

69% of the 475-year realizations hindered achieving the shelter-in-place recovery state
after the earthquake and thus, the building archetypes does not meet the robustness

performance criteria proposed by Molina Hutt et al. (2022).

100% of the 475-year realizations have functional recovery times greater than 4 months;
therefore, the building archetypes does not meet the rapidity performance criteria proposed

by Molina Hutt et al. (2022).

Downtime deaggregation shows that the contribution from building collapse and
irreparable damage to functional recovery time is considerably less than repairable damage

contribution.

Among the structural components, slab-column connections contribute the most to

downtime of the building archetypes. Critical non-structural components are wall partitions

and finishes, mechanical equipment, hot and cold water piping, and HVAC ducts.
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Chapter 8: Conclusions

8.1 Summary of Findings

As part of this thesis, nonlinear structural analysis models of tall residential RCSW archetype
buildings, representative of modern construction practice in Canada, are generated. These models
are employed to perform nonlinear time-history analyses as part of a series of intensity-based
seismic performance assessments using ground motions with return periods of 2475, 975, 475, and
100 years (referred to as 2015 NSHM motions). In addition, nonlinear time-history analyses is
performed as part of scenario-based assessments using simulated ground motions of M9 CSZ
earthquakes at eight locations across Metro Vancouver. The simulated ground motions account for
the effects of the Georgia sedimentary basin, which can amplify ground motion shaking,
particularly at long periods. The nonlinear analysis results are used to estimate the economic loss
and downtime to different recovery states of the building archetypes. The following sections
provide a summary of observations under the following key categories: nonlinear analysis results
(Section 8.1.1), loss assessment results (Section 8.1.2), and downtime assessment results (Section

8.1.3).

8.1.1 Summary of Nonlinear Analysis Results

The building archetypes are designed for the same site class in eight locations across Metro
Vancouver (Delta, Richmond, Burnaby, New Westminster, Surrey, Vancouver, North Vancouver,
and West Vancouver) and subjected to the same ground motions in the intensity-based
assessments. Under such conditions, the resultant structural responses are the same for the eight
locations considered in this study. By contrast, high variations in structural responses are observed

in the scenario-based assessments. Structural response parameters in the scenario-based

157



assessments are higher at sites where the Georgia sedimentary basin is deeper (i.e., higher Z2s
values), which results in higher basin amplification. The highest structural demands are observed
at Delta with a Z2s value of 3.27 km, and the lowest structural demands are observed at West
Vancouver with a Z» 5 value of 0.67 km. For example, the maximum transient drift ratio in Delta,
the deepest basin site, is more than five times the maximum transient drift ratio in West VVancouver,
which is located immediately outside the basin. This sharp variation in seismic demands is not
captured in the 2015 NSHM (Adams et al., 2015), which does not explicitly consider deep
sedimentary basin effects. Consistent with past studies (Eksir Monfared et al., 2021), the structural
responses of the scenario-based assessments at deep basins are higher than those associated with
the 2475-year ground motions, the hazard level employed by NBC 2015 (NRC, 2015) for modern

building design.

Aligned with the intent of NBC 2015, the collapse probability is zero under any of the hazard
levels considered in the intensity-based assessments. However, in the scenario-based assessments,
collapse probabilities of 16.7%, 6.7%, and 3.3% are observed in Delta, Richmond, and Burnaby,
respectively which demonstrates that life safety is not necessarily achieved when basin effects are

considered.

8.1.2 Summary of Loss Assessment Results

The loss assessment results demonstrate a one-to-one relationship between the structural demands
and earthquake-induced economic losses. For scenario-based assessments, the mean loss ratios
vary from 1.4% in West VVancouver which is located outside the basin to 32% in Delta, the deepest

basin site. For the intensity-based assessments, the mean loss ratios vary from 0.7% for 100-year
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motions to 14% for 2475-year motions. Due to basin effects, the mean loss ratios associated with
scenario-based assessments in Delta, Richmond, and Burnaby exceed those of the 2475-year
motions. The mean loss ratio associated with 475-year motions is 4.4%, which is lower than that
of the scenario-based assessments in all locations except West Vancouver despite the fact that the
return period of the M9 CSZ earthquake scenarios is 500 years (Atwater & Hemphill-Haley, 1997)

which is close to that of the 475-year motions.

Loss deaggregation results indicate that collapse has a considerable contribution to the total loss
of building archetypes in the scenario-based assessments in Delta, Richmond, and Burnaby where
52.2%, 35.9%, and 24.1% of the estimated mean loss ratio is associated with collapse. In the
scenario-based assessments, irreparable damage has a negligible contribution (less than 3%) to the
mean loss in all locations except Delta, Richmond, and Burnaby with 16.3%, 5.9%, and 8.4%
irreparable damage contribution. In the intensity-based assessments, irreparable damage
contribution is only considerable for the 2475-year intensity level with a 10.7% contribution to the
mean loss ratio. For the scenario-based assessments, other than in Delta and West Vancouver,
structural damage is the main loss driver in all locations with contributions ranging from 43% (in
Richmond) to 70% (in Surrey) of the mean loss ratio. Similarly, structural damage is the main
contributor to mean loss ratio in the intensity-based assessments with moderate (475-year and 975-
year) to high (2475-year) hazard levels with an average contribution of 65%. In shallow basins
and for low hazard levels, non-structural damage is the main contributor to economic loss with
64.8% and 71.8% contributions for the scenario-based assessment in West VVancouver and under

the 100-year motions, respectively.
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Among structural components, slab-column connections are the main contributor to the mean loss
ratio of repairable realizations with contributions ranging from 37% (in West VVancouver) to 75%
(in Delta) for the scenario-based assessments and 29% (for 100-year motions) to 73% (for 2475-
year motions) in the intensity-based assessments. Among non-structural components, wall
partitions contribute the most to the mean loss ratio with contributions ranging from 14% (in Delta)
to 49% (in West Vancouver) for the scenario-based assessments and 14% (for 2475-year motions)
to 38% (for 100-year motions) in the intensity-based assessments. Therefore, strengthening the
wall partitions and slab-column connections or developing strategies to minimize the seismic drift
demands (which causes damage to these components) can reduce the earthquake-induced

economic losses.

8.1.3 Summary of Downtime Assessment Results

The median functional recovery time for scenario-based assessments varies from 175 days in West
Vancouver which is located outside the basin to 543 days in Delta, the deepest basin site. The
median functional recovery time for the intensity-based assessments ranges from 164 days to 491
days for the 100- and 2475-year hazard levels, respectively. Due to basin amplifications, when
subjected to M9 CSZ earthquake scenarios, the functional recovery time of the buildings located
in all locations across Metro Vancouver except for West Vancouver (which is located outside the
basin) exceed that of a “functional level earthquake” (i.e., a 475-year ground motion). The median
functional recovery time of the buildings designed per current provisions in Metro VVancouver (i.e.,

for the 2475-year return period) is 491 days which is greater than 50% of the median building
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replacement time (i.e., 907 days) which may warrant future considerations in design codes and

guidelines.

The robustness performance criteria proposed by Molina Hutt et al. (2022) is not met as the shelter-
in-place recovery state is hindered in 69% of the 475-year realizations. Similarly, the rapidity
performance criteria proposed by Molina Hutt et al. (2022) is not satisfied as the functional

recovery time of all 475-year realizations is greater than 4 months.

Downtime deaggregation results demonstrate that most of the FR downtime (i.e., 63 to 100%) is
associated with repairable realizations. Collapse contribution is zero for all hazard levels in the
intensity-based assessment and for all locations in the scenario-based assessment except Delta,
Richmond, and Burnaby with 28%, 14.4%, and 10% contribution in total downtime. The

irreparable contribution varies from 0 to 8.7% among all locations and intensity levels.

The deaggregation of repairable components demonstrate that the main contributor to downtime
of the building archetypes is the damage to the slab-column connections and therefore,
strengthening the slab-column connections is a good strategy to reduce the downtime to achieve
any of the recovery states. Among non-structural components, wall partitions and finishing,
mechanical equipment, hot and cold water piping, and HVAC ducts contribute the most to

downtime.

In sites with deep basins and for high hazard levels, repair path A (structural, interior, and

equipment repair) governs the functional recovery downtime mostly due to the high repair time of
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the slab-column connections. However, for low hazard levels and shallow basins, repair path C
(elevator repair) governs the functional recovery downtime mostly due to the high contractor

mobilization delays required for elevator repairs.

8.2 Future Studies

The presented thesis provides comprehensive estimations of the structural responses, economic
loss and downtime of modern residential tall RCSW buildings in Metro Vancouver under different
earthquake scenarios and earthquake ground motion shaking intensities. Some of the simplifying
assumptions and limitations associated with this study which warrant further research are listed

below.

e Nonlinear modeling and time-history analysis of the archetype buildings are performed
only in the cantilevered direction and the resultant engineering demand parameters are used
in both cantilevered and coupled directions for the purpose of loss and downtime
assessment. Future studies can explicitly model and analyze the buildings in both directions

and provide more accurate predictions of structural responses as well as loss and downtime.

e Due to the limitations of the 2D model, the gravity system is modeled as a single column
with high axial stiffness and low bending stiffness to account for the P-Delta effects (see
Chapter 3). Therefore, the contribution of the gravity system to the seismic response of the
structure is not fully captured and any possible nonlinear response of the gravity system is

not considered. Future studies can address this limitation.
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The interaction of the basement levels retaining walls with the surrounding soil is not
considered in the finite element model, and fixed connections are used at the base of the
core and retaining walls. Soil structure interaction can be included in future research to

better capture the effects of soil response on the response of the structure.

The basement diaphragms and retaining walls are modeled using linear elastic springs and
Timoshenko beam elements, respectively. Future studies can improve the basement model

and provide more accurate estimates of structural response.

The main focus of this study is on estimating the functional recovery downtime of tall
residential RCSW buildings across Metro VVancouver due to their predominance. Only one
seismic force resisting system, building plan, and occupancy type is considered in this
study. Future research can include more variations of tall buildings for functional recovery
time assessment. Also, in addition to tall buildings, functional recovery downtime of mid-
and low-rise buildings can be the focus of future studies. In particular, a regional
assessment in terms of functional recovery downtime can provide useful information for

policy makers and insurance companies.

Median values of FEMA P-58 (FEMA, 2018) fragility functions for slender shear walls
fragility group (fragility id “B1044.101”) are considerably higher than the damageable wall
drift ratios obtained from structural analysis and therefore, most of the RCSWs have
negligible damage. The author believes FEMA P-58 fragility functions for slender shear

walls should be based on the stress-strain of concrete or steel materials as opposed to
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effective drift to better capture the damage to RCSWs by leveraging results from nonlinear
dynamic analysis. Further studies are required to improve FEMA P-58 fragility functions

for slender shear walls.
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