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Abstract

This thesis focuses on the behaviour of thin and lightly-reinforced concrete walls subjected to axial and lateral

in-plane force and displacement demands within high-rise cantilever and coupled shear wall type buildings.

Many older and some new high-rise buildings employ thin wall elements of this type as a part of the main

gravity system. A brief case study of a fictitious sample building is used to identify some shortcomings of

these elements in design practice.

Current North American design codes employ two main design methods to determine the in-plane, uni-

axial capacity of thin bearing walls. Results of past wall tests are aggregated and compared to the empirical

method and rational ”moment magnifier” method of slender wall design. Comparisons of the design methods

show that significantly different design axial load capacities are possible within the same design code. The

results of this comparison are used to derive a new empirical bearing wall design formula which better

corresponds with the results and design input parameters of the rational ”moment magnifier” design method.

Recent seismic events have also shown that these thin walls are subject to sudden compression failures

when subjected large in plane lateral displacements. A database analysis of past wall tests is used to identify

parameters which influence the drift capacity of these elements, and a new empirical relationship of overall

wall drift capacity based on shear height and compression zone slenderness is derived. The database results

are used to identify several low drift capacity elements for further analysis. An analysis of several previous

wall tests and non-linear finite element models is used to determine the sectional and global response charac-

teristics of these members. The results of this test specimen analysis shows that thin and lightly-reinforced

wall elements show very little vertical spread of plasticity resulting in smaller than anticipated plastic hinge

lengths, however sectional analysis methods produce good estimates of overall sectional properties. Finally,

a model of in-plane shear displacements based on measured average vertical strains in the plastic hinge zone

is validated for these types of elements.
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Lay Summary

This research aims to better understand thin and lightly-reinforced concrete walls within shear wall type

buildings. This thesis presents advanced insight into several broad areas of thin and lightly-reinforced wall

behaviour, largely relying on aggregation of past research programs.

A case study of a fictitious building representative of buildings in South-Western British Columbia is

presented and discussed. Next, a review of the most common design and analysis procedures within Canadian

codes is presented. A newly simplified design method for lightly reinforced bearing walls is presented and

compared with results of past tests. The final section focuses on the response of these members under seismic

loading conditions. A database analysis of previous test specimens is used to identify wall tests with low

levels of drift capacity for further analysis. Further analysis is applied to validate several proposed models.
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Chapter 1

Introduction

Reinforced concrete building design in Western Canada relies heavily on the use of cantilever wall style

lateral force resisting systems. This style of building typically consists of a core made up of an assembly of

cantilever and coupled concrete walls which serve to resist lateral forces on the building, and a distinctly

separate gravity load resisting system made up of concrete columns, walls, beams, and slabs. The lateral

force resisting system’s (LFRS) primary purpose is to not simply resist lateral forces on the building, but to

protect the gravity force resisting system (GFRS) to ensure that it is able to retain the ability to carry the

gravity loads present in the building when lateral deformations due to wind, seismic events, or other sources

are imparted on the structure. In the simplest cases, this style of building follows a fairly simplistic design

and analysis philosophy which is structurally efficient and economical. In practice, the simplistic nature of

this style of building is easily complicated due to non-structural design constraints, and often the distinction

between LFRS and GFRS is less apparent. A common complication is the presence of reinforced concrete

walls which are not part of the main core wall assembly. These walls are often mainly used as a part of the

GFRS, however due to their often high in-plane lateral stiffness they can also be subjected to significant

lateral forces. This thesis explores several aspects of the codified design and analysis of these wall elements.

Figure 1.1: Photo of downtown Vancouver showing many examples of concrete core style shear wall high
rise buildings.

As previously mentioned, the current design philosophy in most cases is to think of the LFRS and GFRS

as distinctly separate systems with design checks to the gravity system under lateral loading applied separate

from the main LFRS analysis. This approach is typically robust when applied to buildings made up of a core

wall assembly LFRS and a GFRS made up of concrete columns with small plan dimensions in comparison

to the core wall assembly. As the length of the column elements become longer with respect to the main

core, they begin to resemble what would be described as a wall. In buildings of this style, there have

been documented events of the thin and lightly-reinforced walls outside the core being heavily damaged
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after seismic events (Adebar 2013; Elwood 2013). These wall elements are often observed to have failed in

compression dominated modes as a result of the high axial and lateral demands they undergo in seismic

events. CSA A23.3-14 (CSA Group 2014) contains guidance on the level of displacement which gravity

load members must be able to undergo. Despite the codified requirements, the behaviour of wall elements

subjected to in-plane loading has been largely focused on heavily reinforced, ductile members. However,

the presence of thin and lightly-reinforced wall elements persists in some new, and certainly in many older

buildings.

In addition to the issues of in-plane lateral design and analysis of thin and lightly-reinforced wall elements,

CSA A23.3-14 allows several methods of design and analysis for axially loaded bearing walls. Two of these

codified methods which have been widely applied, have been shown to produce conflicting predictions of

capacity (Bartlett, Loov, and Allen 2002). Since accurate predictions of capacity are not only required

to ensure safe, but also economical designs, the opportunity for more in-depth understanding exists. This

thesis explores these various behaviours of thin and lightly-reinforced concrete walls within shear wall style

buildings.

1.1 Thesis Overview

1.1.1 Demands on Gravity Load Walls Due to Lateral Response of Core Wall

Buildings

The first section of this thesis presents a case study of a fictitious 35 storey reinforced concrete high rise

building similar to those built in South-Western British Columbia. The study building represents a very

typical style of construction in the area, and includes a several thin and lightly reinforced wall elements

outside of the main core. The main lateral force resisting system consists of a single ductile reinforced

concrete core with cantilever shear walls in one direction, and coupled walls along the orthogonal axis

direction. The gravity load system is made up of a combination of concrete columns and bearing walls. This

case study exemplifies some of the issues to be discussed in detail in the subsequent chapters.

A wind and seismic analysis of the building is included to determine the types of demands present in

the various thin wall elements throughout the building. The seismic analysis consists of a linear response

spectrum analysis. This type of dynamic seismic analysis was selected to represent standard industry practice.

The results of the case study are used to frame the importance of the topics covered in subsequent chapters.

This case study is not intended to be a rigorous presentation of the dynamic behaviour of the case building.

1.1.2 Thin Lightly-Reinforced Bearing Walls

As informed by the results of the case study building in the preceding chapter, this chapter delves into the

treatment of thin and lightly-reinforced bearing walls within Canadian reinforced concrete design codes. The

wall elements in this section are subjected to monotonic, uni-axial, in-plane eccentric loading only.

There are two main methods of analysis employed in Canadian concrete codes. The first is a semi-

empirical analysis which has been in use since before the 1950’s, and the second is the more robust “moment

magnifier” method of design, more commonly employed in columns. Past test results from various research

programs are aggregated and the results are compared with predictions of axial load capacity based on

the two design code analysis methods. The comparisons are used to inform whether one design method is

preferable over the other.
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In addition to the comparison of the two analysis methods in general, a comparison of the various

parameters which influence the axial load capacity estimate is made, with the relative merits of each discussed

in detail. As a result of the comparisons made, modifications to the semi-empirical analysis method are

presented. A new closed form solution of the moment magnifier method is derived based on an unreinforced

wall element, and is shown to produce good results in comparison to the aggregated test results.

A final discussion on code methods for bearing wall analysis is included, with various specific relevant

discussion topics such as sustained loading effects, high strength concrete, member buckling, effective length,

and member slenderness.

1.1.3 Thin Lightly-Reinforced Shear Walls

To better understand the behaviour of thin and lightly-reinforced walls subjected to lateral demands, this

chapter investigates the behaviour of these elements both in aggregate, and on a case specific basis.

The aggregate analysis of these members is based on study of test results identified using a newly built

database of wall tests kindly provided by colleagues at the University of California Los Angeles (UCLA). The

ULCA RCWalls database is a clearing house of wall test results from researchers all over the world. Using

the results from the database, parameters which are important to the overall displacement capacity of thin

and lightly-reinforced walls is identified. The results of this analysis are then compared with a previously

developed model of estimated overall drift capacity, and in addition a new predictive model of total drift

capacity is derived and presented for specific application to thin and lightly-reinforced concrete walls.

As a result of the ULCA RCWalls database analysis in the leading section of this chapter, several partic-

ularly poor performing test results are identified for further analysis to determine the important parameters

which result in such low levels of drift capacity. Of the walls identified, one set of test results from the École

Polytechnique Fédérale de Lausanne (EPFL) present an opportunity for further analysis. The researchers at

EPFL made a special emphasis on documenting the raw data from their heavily instrumented test specimens,

with an aim that other researchers would be able perform their own analyses on the test specimens. As the

main focus of the EPFL tests was geared towards out-of-plane buckling phenomena, this thesis includes an

in depth summary of the results of several of the test specimens, with a focus on the test observed failure

modes, flexural strains, curvatures, and out-of-plane behaviour.

Non linear finite element models (NLFE) of the EPFL test specimens are developed to provide further

insight into the behaviour of these elements, and to determine if the test set up influenced inelastic vertical

spread of plasticity. The results as observed from the EPFL tests and the NLFE models are used to validate

a proposed plastic hinge model based on the spread of inelastic curvatures, and shear strain model based on

average vertical strains in walls.
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Chapter 2

Demands on Gravity Load Walls Due

to Lateral Response of Cantilever and

Coupled Wall Buildings

2.1 Introduction

Recent seismic events have shown that buildings which employ the use of thin wall elements as part of

their gravity load system may be prone to failures due to the lateral and gravity load demands imparted

during seismic events (Adebar 2013; Saatcioglu et al. 2013; Elwood 2013). The style of design which relies

on distributed walls as part of the gravity and lateral load design is commonly observed in older high rise

buildings in the Vancouver area (Yathon, Adebar, and Elwood 2017), however has fallen out of favour in the

past 20 years as buildings codes have evolved. Increased emphasis on torsional behaviour, problems with

flexural ductility, and increased design seismic demands have all contributed to a paradigm shift away from

the use thin wall elements in high rise buildings. Despite these changes some designers have still opted for

the use of thin walls within cantilever wall style buildings due to architectural constraints, pressure from

developers to maximize floor areas and to preserve exterior views, and to reduce slab spans. To better

understand the role which thin wall elements play in the response of cantilever and coupled wall buildings,

this case study looks at how thin walls influence the ultimate behaviour of a high rise building subjected to

wind and seismic lateral loads. In general, serviceability requirements are not considered in this case study,

with ultimate strength design and inelastic displacement capacity being the main focus.

To determine the demands on thin wall elements in cantilever and coupled wall type buildings, relatively

simple methods of analysis using linear models, and reduced section properties are typically employed by

designers in practice. It is acknowledged that the industry is trending towards performance based design

for high profile and more complex tall buildings, however the majority of typical high rise buildings are

still designed using traditional linear methods. To better align the results of this thesis toward practical

applications, the industry standard software ETABS (Computers and Structures Inc. 2016) has been chosen

for analysis of the example building’s global structural analysis. The demands resulting from the analysis

in this chapter are intended to provide insight into the behaviour of thin wall elements within a core wall

structure, and are used simply to frame subsequent sections of this thesis in an established context.

2.2 Building Description

The case study building represents a design column layout more typical of buildings constructed prior to

1980, however is based on the design of more recently completed structures in the Vancouver area. Newer

4



core wall buildings in south west British Columbia typically rely on the ductile core alone to resist lateral

force demands, with the gravity system consisting solely of gravity force resisting column elements. The

sample building in this study employs the use of thin wall elements as part of the gravity frame system,

however due to their in plane stiffness they are expected to significantly influence the response of the building

under lateral demands, and attract large in plane lateral shear forces.

The fictitious case study building is a 35-story residential tower assumed to be in South West British

Columbia. The main tower section is approximately 300 feet tall. The building consists of a central core

with coupled shear walls in one direction, and cantilever walls in the perpendicular direction. The main

gravity load resisting system consists mainly of concrete columns, however also includes the use of bearing

wall type elements in both direction. The floors plates are typically 7 1/2 inch conventionally reinforced flat

plate slab. Foundations are a combination of strip and spread footings on soil classified as seismic site class

“C”. The typical tower floor plan is shown in Figure 2.1. A more detailed plan is included in Appendix A.1.

Figure 2.1: Case study building typical floor plan.

The structure uses assumed specified concrete strengths ranging from 30 MPa to 55 MPa, with the higher

strengths represented in the gravity and lateral frame elements in lower portions of the building. Reinforcing

is assumed as standard 400 MPa yield stress.

2.3 Analysis Model Description

The analysis model applied to the case study building is implemented in the industry standard software

package ETABS (Computers and Structures Inc. 2016). The analysis model is constructed in 3D using a
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combination of frame and shell elements. The core was made up of entirely of shell elements with appropriate

stiffness modifiers which will be discussed in a subsequent section. For the dynamic analysis, the building

mass and its distribution is automatically generated by the model elements. The typical tower floors have

in-plane diaphragm multi-point constraints applied to increase computational efficiency.

2.4 Wind Load Demands

2.4.1 Wind Demands According to NBCC

The NBCC defines two analysis methods of determining wind loads on the primary structural system of a

building. The static method which is based on an assumed pressure distribution and a relatively rigid build-

ing, and the dynamic procedure which includes provisions for determining any resonant dynamic response.

The static method is typically sufficient for low and mid rise structures, while the dynamic procedure applies

to slender or tall structures. NBCC specifies the use of the dynamic procedure when the height to effective

width of a building exceeds 4.0, or the overall height is greater than 120 meters. The building in this study

has height to effective width ratios of approximately 3.3 and 4.6 in each direction. Since the slenderness of

the structure requires the use of the dynamic procedure in the direction with slenderness of 4.6, and the

difference in final design loading based on dynamic versus static procedure is not known, as an exercise both

design pressure distributions is calculated for comparison. The final design wind pressure distribution to be

used in the analysis is based on the dynamic procedure.

2.4.1.1 NBCC Static Wind Analysis

Wind loads applied to the main structural system in the NBCC are derived from static pressure distributions

applied to the windward and leeward faces of the building in various combinations as to produce the most

severe effect. The main underlying assumption in the use of the static procedure is that the structure is

assumed to be relatively rigid, resulting in a system which is insensitive to dynamic effects. This is generally

true for low and mid rise buildings. Figure 2.2 shows the static pressure distribution, detailed calculations

and loading effects are outlined in Appendix A.2.

2.4.1.2 NBCC Dynamic Wind Analysis

The NBCC dynamic wind pressure distribution applied to tall or slender structures. It’s application is

generally similar to the static approach, however provides inclusions for the dynamic effects of wind and

structure interaction. The dynamic approach alters the wind gust factor, Cg to account for various effects

including turbulence, size effects, resonant frequencies, critical damping ratio, and wind speed variations

over the height of the structure. The determination of gust effect factor is much more involved than the

static approach of Cg = 2.0, however often produces higher wind loads due to the dynamic properties of the

structure.

In addition to gust effects, the exposure factor Ce also differs in it’s application, and it is responsible

for producing different windward face pressure distributions. The dynamic exposure factor produces higher

wind pressures at higher elevations for rough exposures, to represent the decreasing sheltering effects as

elevation rises. This has the effect of producing higher overturning moments than the static method, even

when total wind loads stay constant.
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Figure 2.2: Example building NBCC static wind pressure distribution.

The dynamic pressure distribution for the example building is shown in Figure 2.3, and does not differ

significantly in the X or Y direction which is purely coincidental. The gust factor typically increases as

fundamental period in the along wind direction increases, however decreases as effective width decreases.

The gust effect factors in the X and Y directions of the case study building are the same due to counteractive

width and fundamental frequency parameters. The applied dynamic wind pressure distribution is based on

the dynamic characteristics of a model including the main core and gravity frame system, and is applied to

all models regardless of if the gravity frame is omitted or not.

2.4.1.3 FE Model Implementation of Wind Loads

The wind pressure distributions as outlined in the previous section are implemented in ETABS to determine

the strength demands on various critical structural elements in the building. Two models were produced

for comparison of wind effects in this thesis. The first model includes the main core of the building only,

neglecting any contribution from the gravity load system against lateral wind loads. The second includes

the entire gravity system in the model. The core only model is used as the benchmark model, from which

any reductions or deviations of demands in the second full frame model can be compared. The deviations in

demands are then known to be due to the inclusion of the frame system. In practice, it is common practice

for designers to include any resistance provided by the gravity frame against wind lateral loading.

Since the the model to be implemented in ETABS is linear, reduced section properties are employed to

capture any material non-linearities which would occur. The reduced stiffnesses applied to the wind analysis

model are as suggested by CSA A23.3-14 (CSA Group 2014), and are shown in Table 2.1.

The ETABS models has been developed to use a combination of shell and beam elements depending on

the desired structural member to be implemented. Typically, walls and slab elements are shells, and smaller

columns and the coupling beams are beam elements. All joints are assumed to be fully fixed due to being
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Figure 2.3: Example building NBCC dynamic wind pressure distribution.

Table 2.1: Effective stiffnesses applied for example building wind load analysis finite element models.

Member Type Effective Stiffness

Wall Piers in Core Ie = 0.75Ig, Ae = 0.75Ag
Diagonally Reinforced Coupling Beams Ie = 0.35Ig, Ave = 0.40Ag
Out-of-plane Bending of Slabs Ie = 0.20Ig
Columns Ie = 0.70Ig, Ae = 0.70Ag
Thin Shear Walls Outside Core Ie = 0.75Ig, Ae = 0.75Ag

cast in place, and any joint softening is assumed to be captured as part of the reduced section properties

presented previously.

All FE models are taken as pinned at the level of the footings, and in general the below grade parking

structure was not included in the analysis. Where the below grade floor diaphragm elements provided

stiffness to the lateral force resisting system, it is assumed that the diaphragm not deformable and pinned in

the horizontal directions to simplify the analysis. Due to this simplifying analysis, any below grade response

of the structure is not necessarily indicative of the actual response of the structure. Since the focus of this

study is the behaviour of the above grade lateral force resisting system, this simplifying assumption is deemed

to be appropriate.

2.4.2 Results from NBCC Wind Analysis

This section presents the demands on the lateral load resisting systems as determined from each model

developed. Results presented are the distribution of overturning moment resistance between the main core

walls and the gravity frame system, as well as sample thin wall sectional forces which produce the governing

worst case combined design forces.

The distribution of member sectional forces is influenced by inclusion of the gravity frame system in
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the structural model. To determine the contribution of the gravity frame system in resisting lateral wind

pressures, a brief analysis of the overturning moment resistance distribution between members is presented.

The core only model moment resistance is analysed in terms of proportion of moment resisted by coupling in

the wall piers and sectional moment resistance of the wall piers. The core and gravity frame model moment

resistance is analysed in terms of proportion of moment resisted by the core walls, the thin wall elements

along grid lines C or 4, and the rest of the gravity system. Figure 2.4 shows the results of the moment

resistance analysis including the gravity frame system contributions.
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Figure 2.4: Wind moment resistance distribution profiles for analysis model results, including influence of
the gravity frame system.

Sectional forces including gravity load demands are presented in Table 2.2 below. In addition to the

sectional force levels, the normalized values based on concrete strength and cross section are presented for

reference.
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Table 2.2: Sample sectional forces on thin wall elements due to NBCC dynamic wind demands.

Member Axial Force, P [kN] Shear Force, V [kN] Bending Moment, M [kN-m]
Normalized P

f ′
cbt

V√
f ′
cbt

M
f ′
cbt

2

Wall C3(X-Dir) 9857 kN 581 kN 5781 kN-m
Normalized 0.215 0.085 0.025
Wall C1(Y-Dir) 17325 kN 2125 kN 7517 kN-m
Normalized 0.240 0.198 0.016

As shown in Figure 2.4a, the gravity frame system contributes roughly 36% of the overturning resistance

in the coupled wall direction (X-Direction) is provided by the gravity frame system, with the thin walls

along GL 4 making up around a third of that resistance. This results in the sectional forces as shown in

Table 2.2 which shows that the overturning and shear force demands are not particularly high, especially

considering an axial load ratio of 21%, which serves to aid the thin wall element’s ability to resist moments.

These results show that wind forces in the coupled wall direction are not a cause of significant concern with

respect to lateral wind demands.

Moment resistance distributions for the cantilever wall direction (Y-Direction) are presented in Figure

2.4b, and show that the gravity frame system demands in this direction make up a significantly lower

contribution to overturning resistance. However as shown in Table 2.2, sectional moment demands are quite

low, however shear demands on this element are quite high. This result shows that while the stiff core

dominates overturning moment resistance, shear demands may remain high in these type of elements.

It is acknowledged that these simplistic results do not tell the whole story with respect to wind response

in this structure. This analysis shows that, as expected, the long, thin wall elements in this structure do

indeed make a significant contribution to wind demands. It is common practice in some design scenarios to

size the main core to resist all lateral wind demands, and apply a separate analysis with inclusion of the

gravity frame to help control deflections.

2.5 Seismic Load Demands

2.5.1 Seismic Demands According to NBCC

2.5.1.1 NBCC Seismic Analysis Procedure

The NBCC requires that deflections and loading due to seismic ground motions be considered in the design of

a building structure. Depending on site seismic hazard, the dynamic response characteristics of the structure,

and the complexity of the structure, the method of analysis prescribed by the NBCC varies considerably. The

required method of analysis varies from the most rudimentary Equivalent Static Force Procedure (ESFP),

to more complex dynamic analysis procedures.

Since the structure in this study exceeds a height of 60 meters, the NBCC requires the use of a dynamic

analysis procedure. To align the results of this study’s analysis with those typically implemented in design

practice, the most commonly applied dynamic analysis procedure is used.

2.5.1.2 NBCC Equivalent Static Force Procedure

Regardless of the dynamic analysis required by NBCC, an ESFP analysis must be performed to provide a

baseline estimate of the maximum base forces in the structure. The basis of the ESFP is the assumption
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that the main features of the dynamic response of the structure can be represented by a single fundamental

mode response. The result of the ESFP is the lateral earthquake design force, V which is defined as,

V =
S(Ta)MvIEW

RdRo
(2.1)

where S(Ta) is the spectral acceleration at the fundamental period Ta of the structure, Mv is a factor to

account for higher modes in long period buildings, IE is structure importance factor, W is the seismic weight,

Rd is a ductility force modification, and Ro is an overstrength force modification. The structural system

ductility and overstrength force modifications are defined in the NBCC for this structure as 4.0 and 1.7 for

ductile coupled walls in the east-west direction, and 3.5 and 1.6 for ductile shear walls in the north-south

direction.

2.5.1.3 Linear Modal Response Spectrum Analysis

The dynamic analysis procedure to be applied in this study was selected to align closely with typical design

practice. In practice, the most common dynamic analysis applied is a Linear Modal Response Spectrum

Analysis (RSA). This medium complexity analysis procedure measures the contribution of the natural modes

of vibration to determine a likely seismic response of the elastic structure.

To determine the modal response of the structure for analysis, the idealized multiple degree of freedom

(MDOF) system is typically implemented in commercial software. The results of the modal analysis are then

applied to a design spectrum which is used to determine the single mode maximum pseudo-acceleration and

deformation. The modal results of the MDOF system applied to the design spectrum provide the distribution

of forces and deflections for that modal response. From there, the peak response of each mode is determined

and combined using a modal combination method. The combined modal deformation and element force

results are then used in the design of the structure.

The design spectrum applied is determined by the NBCC. For this study the design spectrum is applied

and defined as shown in Table 2.3.

Table 2.3: NBCC spectral acceleration design spectrum used for the analysis of the example building.

Spectral Period [s] Spectral Acceleration [g]

0.2 1.0
0.5 0.69
1.0 0.33
2.0 0.17

PGA 0.51

2.5.1.4 FE Model Implementation

Keeping in line with applying an analysis approach which is commonly applied in professional practice, two

analysis models are developed. The first model is that which is typically used in professional practice for the

design of the main LFRS. This first ”core only” model for the study structure in this chapter is the main

vertical circulation core which consists of the 3 main elevator shafts, the 2 exit stairs, and small common

area. This model represents the level of complexity typically applied in design practice.

The second model developed is a full representation of the gravity and lateral force resisting systems.

While a model of this complexity is often generated for use in the design of the gravity system, many

11



designers opt to reduce computational complexity by using the previously described ”core only” model for

lateral analysis. These two models will used to compare the sectional force demands on the lateral and

gravity force resisting system elements.

Since the method of analysis is a simple linear RSA, effective member stiffnesses are applied to ap-

proximate system non-linearity. For the this analysis, the CSA A23.3-14 (CSA Group 2014) recommended

effective stiffnesses are applied as shown below in Table 2.4.

Table 2.4: Effective stiffnesses applied to the example building seismic load analysis finite element models.

Member Type Effective Stiffness

Beams Ie = 0.40Ig
Columns Ie = 0.60Ig
Coupling Beams Ave = 0.45Ag, Ie = 0.25Ig
Slab Frame Elements Ie = 0.20Ig
Walls Axe = 0.70Ag, Ie = 0.70Ig

2.5.2 Results from NBCC Seismic Analysis

This section includes the results of the two separate model linear response spectrum analyses. Similar to the

wind analysis results presented above, overturning moment resistance of the main core and gravity frame

system are quantified over the height of the structure in Figure 2.5, and sample sectional forces on the

thin wall elements are presented in Table 2.5. In addition, a simple check of the thin wall element inelastic

rotational capacity and demands are presented in Table 2.6.

The modal analysis results identified a fundamental period of 4.45s in the coupled wall direction. The

first 2 modes are dominated by behaviour in orthogonal directions, and the third mode is torsional. 90%

mass participation of all modes is achieved in the first 15 modes.

Table 2.5: Sample sectional forces on thin wall elements due to NBCC dynamic seismic demands in the
example building.

Member Axial Force, P [kN] Shear Force, V [kN] Bending Moment, M [kN-m]
Normalized P

f ′
cbt

V√
f ′
cbt

M
f ′
cbt

2

Wall C3(X-Dir) 9084 kN 381 kN 3401 kN-m
Normalized 0.198 0.056 0.015
Wall C1(Y-Dir) 16338 kN 3075 kN 10062 kN-m
Normalized 0.240 0.286 0.022

As shown in Figure 2.5a, the gravity frame system contributes roughly 25% of the overturning resistance

in the coupled wall direction (X-Direction) is provided by the gravity frame system, with the thin walls

along GL 4 making up around a third of the total resistance. This results in the sectional forces as shown

in Table 2.2 which shows that the overturning and shear force demands are not particularly high, especially

considering an axial load ratio of 20%, which serves to aid the thin wall element’s ability to resist moments.

However as will be shown in the inelastic rotational demand results, this is not indicative of the thin wall

element’s ability to undergo deformations.

Moment resistance distributions for the cantilever wall direction (Y-Direction) are presented in Figure

2.5b, and show that the gravity frame system demands in this direction make up a low contribution to

overturning resistance. As shown in Table 2.2, sectional moment demands are moderate, however similar
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Figure 2.5: Seismic moment resistance distribution profiles for analysis model including influence of the
gravity frame system.
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to the wind analysis, shear demands on this element are quite high at 28%. This result again shows that

while the stiff core dominates overturning moment resistance, shear demands may be high in these type of

elements.

Up until this point, the analysis results have shown that the thin wall elements have certainly contributed

to the overall behaviour of the structure under seismic response, however none of the thin wall force demands

have been shown to be of particular concern. Herein lies the fundamental error many designers make

when considering the analysis results of a simple linear response spectrum analysis. The modal response

indicates that these force demands occur with a corresponding distribution of deformations, which will be

largely controlled by the more structurally dominant core walls. In the case of this structure, the response

spectrum analysis results indicate total displacements of approximately 1000 mm in the coupled wall direction

(X-Direction), and 700 mm in the cantilever wall direction (Y-Direction). Since the it is not possible to

decouple the displacements of the main core and the thin wall elements, these walls must also undergo these

displacements.

To quantify the effects of inelastic rotations the core walls will undergo in the plastic hinge region of the

structure, CSA A23.3-14 (CSA Group 2014) applies a method of calculating inelastic rotational demands in

cantilever walls taken to be,

θid =
∆fRdRo −∆fγw

hw − 0.5lw
(2.2)

where θid is the inelastic rotational demand in the plastic hinge region, ∆f is the design displacement at

the top of the building, RdRo are the ductility and overstrength force reductions, gammaw is the design

overstrength of the core walls, hw is the height of the structure, and lw is the length of the cantilever wall.

A slightly modified version of this equation is applied to coupled wall piers.

To compare the calculated inelastic rotational demands, it is necessary to determine the thin wall element

inelastic rotational capacity. It can be shown that inelastic rotations in an axially loaded member subjected

to in-plane shear demands can be related to the compression zone depth, and in-lieu of a direct inelastic

rotational comparison, A23.3-14 applies the following limit of compression zone depth,

cmax ≤
εcu

2θid + 0.004
lw (2.3)

where cmax is the maximum allowable compression zone depth of the wall, εcu is the maximum design

compression strain capacity of the concrete, lw is the length of the wall element, and θid is the previously

calculated inelastic rotational demand of the system.

The maximum compression zone depth is then compared with the anticipated compression zone depth

of the member from a simple sectional moment-curvature analysis. The results of this analysis for the

thin wall elements along grid line 4 and grid line C are shown in Table 2.6. As shown in Table 2.6, the

Table 2.6: Sample thin wall inelastic rotational demands and capacities due to NBCC dynamic seismic
demands.

Member Inelastic Rotational Demand Maximum Compression Depth D/C
θid [radians] cmax [mm]

Wall GL 4(X-Dir) 0.0116 659 2.61
Wall GL C(Y-Dir) 0.0050 1595 1.57

maximum compression zone depth for the thin walls in the coupled wall direction (X-Direction) is exceeded

by over 2 times. Similarly, the thin walls along GL C in the cantilever wall direction (Y-Direction) have a
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compression zone which exceeds the maximum by roughly 50%. What this result shows is that regardless of

the distribution forces which the response spectrum analysis purports to present to the designer, the ability

for these thin wall members to actually undergo the deformations imposed by the system is not possible.

2.6 Chapter Conclusion

This chapter presented the results of a fictitious case study of structure similar to some built within the last

10 years in the Vancouver area of British Columbia. As was shown, the behaviour of the core wall structure

under lateral wind and seismic loading was influenced by the presence of several thin wall elements which are

a part of the main gravity resisting system. The sectional forces on the thin wall elements under wind and

seismic loading were shown to be significant, with walls in the coupled direction shown to resist up to 15%

of the total overturning moments in a combination of bending and unintended outrigger effect. In contrast

to the seemingly manageable ultimate force levels in the thin walls, a simple analysis of inelastic rotational

demands and capacities of these elements shows that the ability for these thin wall elements to undergo

deformations of the full system are of paramount importance. The thin walls undergo significant levels of

inelastic demand, far in excess of what they are able to withstand. It is expected that providing increased

amounts of reinforcing would aid in increasing the inelastic rotational demands, however this would also

serve to stiffen the walls, ultimately increasing force demands.

This case study, while not intended to be a rigorous presentation of the dynamic behaviour of the

structure, shows how a simple force based linear analysis method is alone inadequate for the design of the

gravity system in a shear wall core type building. This case study represents a small glimpse into the

complexity of the behaviour of thin wall elements within shear wall core type buildings. The subsequent

chapters of this thesis expand on the ability for thin and lightly-reinforced walls to undergo lateral in-plane

displacements and in-plane axial forces in shear wall buildings.
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Chapter 3

Thin Lightly-Reinforced Bearing

Walls

3.1 Introduction

Reinforced concrete bearing walls are vertical load carrying elements which carry axial loads parallel to their

vertical axis, and are subjected to low levels of in plane forces. Axial loads distributed over the horizontal cross

section of the wall are inherently distributed unevenly resulting in a vertical load vector which is eccentric

with respect to the length and thickness of the wall. Eccentricities parallel to the horizontal longitudinal

axis of the wall are generally small with respect to the overall length and are ignored. Eccentricities of

the vertical load vector transverse to the horizontal longitudinal axis are often substantial with respect to

the thickness of the wall that its inclusion in the analysis is warranted. The eccentric vertical load results

in an applied moment generated out-of-plane in single curvature for non-sway systems such as shear wall

buildings. As the height to thickness ratio (slenderness) of the wall increases, out-of-plane moments result

in deflections which produce non-linear second order moments (commonly known as P − δ effects). Typical

bearing wall elements are of a height to thickness ratio which requires that these second order effects be

taken into consideration.

Second order effects due to P − δ in bearing walls can be addressed in several common ways. The most

rigorous method involves non-linear structural analysis techniques which solve the system deflections under

the loads considered and produce a corresponding updated loading scheme under the deformed configuration.

This type of second order analysis is generally considered a very detailed analysis method which can produce

precise results. The downside of this type of analysis is that this accuracy comes at the cost of increased

complexity and computational time. This type of analysis is generally considered infeasible for the vast

majority of design cases where the applied loads, material properties, and often the structural geometry are

uncertain. This thesis does not consider this type of complex analysis.

As an alternative to a full second order analysis method, concrete bearing walls have been constructed

under laboratory conditions and tested to failure to determine their ultimate load carrying capacity. Labora-

tory tests have resulted in semi-empirical models being developed which marry mechanics based approaches

with observed results. Examples of these methods are employed in many modern design codes such as CSA

A23.3-14 (CSA Group 2014) and ACI 318-14 (ACI Committee 318 2014). These methods are generally

accepted to produce good results under specific conditions, however are less certain in their applicability as

parameters move away from the most basic situations.

In addition to empirical types of analysis for bearing walls, a common design approach is to perform a

first-order linear analysis and amplify any applied out-of-plane moments based on a procedure commonly

known as the “Moment Magnifier Method”. This method of analysis forms the basis of slender member

design in many design standards including CSA A23.3-14 and ACI 318-14. The Moment Magnifier Method
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is well established, and studies have been performed which validate its use for columns and wall type elements.

However, the method is not without its pitfalls. The Moment Magnifier Method uses a member’s critical

buckling load in its magnification and is thus based on the flexural stiffness of the member. Since reinforced

concrete is materially non-linear, this flexural stiffness varies substantially as loading conditions change.

This chapter investigates the CSA A23.3-14 empirical and moment magnifier methods of estimating

maximum axial load applied to slender wall elements. Both methods are compared with the results over

100 laboratory tests of bearing wall elements loaded with eccentric axial loads. This study then performs a

comparison of the two methods with the aim of determining if they produce similar estimates of ultimate

axial load capacity when applied in isolation from each other.

Once a preferred method of analysis is established to produce appropriate estimates of ultimate axial

load capacity, this chapter presents a closed-form solution for a special case of the Moment Magnifier method

for use in the design and analysis of lightly reinforced slender bearing walls. The method is presented as

an alternative to both the empirical and full Moment Magnifier procedure. The alternative method is then

validated for lightly reinforced bearing wall elements.

Other topics relevant to the behaviour of slender and eccentric axial loaded bearing walls are also discussed

as they become relevant. A brief historical overview of bearing wall test and design procedures is presented.

Parameters which may effect behaviour of bearing walls are investigated such as concrete strength, vertical

reinforcing placement, vertical reinforcement amount, minimum applied axial load eccentricity, estimates of

flexural stiffness, sustained loads, effective lengths, slenderness, and member buckling factors.

3.2 Tests on Bearing Walls

This section presents and compares experimental testing schemes and results of bearing wall elements sub-

jected to eccentric monotonic uniaxial loads. Typically the tests were devised to determine the relation

between wall slenderness1 and maximum axial load carrying capacity. Some experimental programs in-

cluded other varying parameters and are discussed as they arise in each specific case. The test results which

are identified to be appropriate for comparison are then aggregated to determine the general influence of

varying parameters, and for use in comparison to established design and analysis methods. Table 3.1 in-

cludes a summary of the test parameters from each author, and Appendix B.1 includes a full list of specimen

geometric and material properties.

3.2.1 Bearing Wall Test History

Bearing wall axial load testing mainly began in the early 1970s with an aim to validate existing empirical

design methods in use at the time. The experimental test programs are discussed chronologically from the

date of their publication. A literature review of experimental wall test programs identified the existence wall

tests prior to the 1970s (Leabu 1959; Seddon 1956), however they focus on research topics more generally

related to bearing wall behaviour and typically neglect in depth investigation of ultimate load carrying

capacity. As such, research prior to approximately 1970 is not included for discussion in this thesis.

1Wall height to thickness ratio (h/t) is typically used as a proxy for wall slenderness (KL/r). Where no distinction is
required, the term slenderness may represent either definition in this thesis
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3.2.1.1 Oberlender and Everard, 1977

Oberlender and Everard’s testing program performed from 1971 to 1973 was the first large series of tests

performed on reinforced concrete load-bearing walls (Oberlender 1973; Oberlender and Everard 1977). 54

individual wall panels were tested to failure to determine the ultimate strength and structural behavior of

the panel elements. Of the 54 panels, 27 were loaded eccentrically, with the remaining specimens loaded

concentrically. Test results were then compared with ACI Building Code (ACI Committee 318 1971) design

methods which were in use at the time.

Test specimens were approximately half-scale with cross-sectional dimensions of 76.2 mm (3 inches) thick

and 609.6 mm (24 inches) in length. Heights were varied from 609.6 mm to 2133.6 mm (2 ft to 7 ft),

producing height to thickness ratios ranging from 8 to 28 or slenderness ratios of approximately 27 to 93.

The height to thickness values were selected to represent a typical range of element dimensions used in

conventional building construction design. In addition to variations in wall slenderness, the amount and

placement of reinforcing was varied. Vertical reinforcing ratios (As/Ag) of 0.33% and 0.47% were placed in

two layers with a cover of 15.875 mm (5/8 in) or 9.525 mm (3/8 in) to determine the effects of reinforcing

amount and placement on behaviour and ultimate axial load capacity. Concrete cylinder strengths ranged

from 28 MPa to 42 MPa (4000 psi to 6000 psi), which represented a common range of design strengths

in use at the time. The actual concrete strengths of each specimen was not recorded, and all results are

based on an average concrete strength of a group of walls of the same height. Load eccentricity effects were

studied by having two different loading configurations. Half of the specimens were loaded concentrically

with a uniformly distributed load over the full cross-sectional area, with the remaining half loaded with the

uniform loading applied at and eccentricity of t/6 of 12.7 mm (0.5 in) from the centreline of the section.

The maximum applied eccentric load of the tests represents the minimum assumed value used for empirical

wall design in the ACI Building Code. The wall support conditions were set up to be essentially pinned

to produce a column effective length factor of K = 1.0. The loading and support configurations of the

Oberlender and Everard tests were typically used in other future test programs, with variations in element

geometry or reinforcing being selected as target test parameters.

Some typical observations found that walls with low height to thickness ratios (h/t = 8) failed due to

bearing stress failures where the loads were applied. Load eccentricity had no effect on the failure mode of

these squat members. Concentrically loaded members with values of h/t = 12 failed in multiple locations

along their heights, with eccentric members of the same slenderness failing at the ends. Concentrically loaded

members of h/t = 16 failed in multiple locations along their height, with horizontal cracking becoming more

apparent than in less slender members. Eccentrically loaded members with h/t = 16 and greater, all failed by

buckling and collapsed at ultimate load levels. All remaining concentrically loaded members with h/t = 20

and greater failed horizontally at the centreline of the wall. Of all the specimens tested, only a single

concentrically loaded member was found to have deflected in double curvature, all other members were

found to deflect in single curvature under the applied loads.

3.2.1.2 Pillai and Parthasarathy, 1977

Pillai and Parathasarathy’s 1977 paper (Pillai and Parthasarathy 1977) was both a comparison and vali-

dation of several analytical wall design methods, and a presentation of Parathasarathy’s 1973 MSc thesis

experimental testing work at Calicut University in Calicut, India.2

2Parathasarathy’s MSc thesis was not available from Calicut University’s collection or archives at the time of writing this
thesis
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Parathasarathy’s thesis work involved ultimate axial load testing of 18 wall specimens. The wall specimen

height to thickness ratios (h/t) varied from 5 to 30, and vertical reinforcing ratios As/Ag of 0.00%, 0.15%,

and 0.30% were used. Reinforcing was placed in a single layer at the centre of the cross section of the wall

elements. Field cured concrete cylinder strengths ranging from 15 MPa to 31 MPa were used in the tests. In

keeping with the premise of a “reasonably concentric” loading scheme, the wall elements were loading with

an eccentricity of t/6. The wall support conditions were assumed to be pinned (K = 1.0), and the testing

apparatus was designed to provide a negligible amount of wall end fixity.

Results of the testing program showed that elements with low height to thickness ratios (h/t) failed by

cracking or splitting of the members near the supports. More slender elements (h/t > 20) showed formation

of horizontal tensile cracking near mid-height of the members at ultimate load levels.

3.2.1.3 Saheb and Desayi, 1989

Saheb and Desayi’s work was based on testing of 24 approximately full sized reinforced concrete wall panels

in one-way action (Saheb and Desayi 1989). Tests were performed as part of Saheb’s 1985 PhD thesis3. The

test program was performed parametrically, where parameters were selected and varied to determine the

influence of slenderness ratio, aspect ratio, vertical reinforcing, and horizontal reinforcing on ultimate load

of the wall elements. In addition to the presentation of test results, a comparison of past test results and

recommendations was performed.

Wall testing was broken into six groups of four wall specimens, with each group representing a different

parameter to be tested. The first group varied in aspect ratio with panels ranging in height to length from

0.67 to 2.00. The aspect ratio group used a height to thickness ratio (h/t) of 12, concrete cylinder strength of

17.9 MPa, vertical reinforcing ratio of 0.173%, and a horizontal reinforcing ratio of 0.199%. The second group

varied in height to thickness ratio from 9 to 27. The height to thickness ratio tests used an aspect ratio of 1.5,

a concrete cylinder strength of 17.3 MPa, a vertical reinforcing ratio of 0.165%, and a horizontal reinforcing

ratio of 0.199%. The third group varied in vertical reinforcing ratio with panels ranging from 0.173% to

0.845%. This group was the first of two groups of varying vertical reinforcing ratio, each performed with a

different slenderness ratio and aspect ratio. The first vertical reinforcing tests had a height to thickness ratio

of 12, an aspect ratio of 0.67, concrete cylinder strength of 20.1 MPa, and a horizontal reinforcing ratio of

0.199%. The fourth group again varied in vertical reinforcing, however with differing values of slenderness

and aspect ratio. The fourth group had an aspect ratio of 1.50, a height to thickness ratio of 24, concrete

cylinder strength of 18.3 MPa, and a horizontal reinforcing ratio of 0.199%. The fifth group was the first

of two groups to vary in horizontal reinforcing ratio, at two different values of height to thickness ratio and

aspect ratio. The fifth group varied in horizontal reinforcing ratio from 0.199% to 0.507%. Other parameters

for group five were a height to thickness of 12, an aspect ratio of 0.67, cylinder strength of 19.6 MPa, and a

vertical reinforcing ratio of 0.173%. The final group again varied in horizontal reinforcing ratio from 0.199%

to 0.507%. Other parameters were a height to thickness ratio of 24, aspect ratio of 1.50, concrete cylinder

strength 16.1 MPa, and a vertical reinforcing ratio of 0.176%. All reinforcing was placed in two layers with

a clear cover of 10 mm.

The wall testing apparatus was devised to be a hinge at both bearing ends, with the axial load applied

with a constant eccentricity of t/6. Loading was monotonically increased in phases to failure. The phasing

and overall duration of loading is not specified. Failure modes for low height to thickness ratios (h/t < 19)

3Saheb’s MSc thesis was not available from the Indian Institute of Science collection or archives at the time of writing this
thesis
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were typically by crushing at the ends of the specimen. More slender members (h/t > 18) typically failed in

bending at approximately mid-height.

3.2.1.4 Fragomeni, 1995

Fragomeni’s work (Fragomeni 1995) was focused on the behaviour of slender concrete walls. 20 wall specimens

were constructed and tested to failure. Member thickness varied from 35 mm to 50 mm, wall length from

200 mm to 500 mm, height to thickness ratios from 12 to 25, and reinforcing ratios from 0.17% to 0.86%

in one and two layers. This paper was not available at the time of writing this thesis, and all values are as

reported by Doh and Fragomeni (2005).

3.2.1.5 Sanjayan, 2000

Sanjayan’s testing (Sanjayan 2000) included 4 approximately quarter scaled wall elements all with height

to thickness ratios of 40. The walls included a variety of reinforcing including wire mesh, conventional

reinforcing, fibre reinforcing, and a combination of wire and conventional reinforcing. The first specimen

used wire mesh with a vertical reinforcing ratio of 0.99% and a concrete cylinder strength of 58.5 MPa.

The second used a combination of wire mesh with supplementary conventional reinforcing for a vertical

reinforcing ratio of 2.80% and a concrete cylinder strength of 59.0 MPa. The third specimen was reinforced

with wire mesh and a vertical reinforcing ratio of 0.21% and a concrete cylinder strength of 59.0 MPa. The

final specimen used only fibre steel reinforcing with an approximate reinforcing ratio of 1.22% and a concrete

cylinder strength of 60.5 MPa4.

Test specimens were loaded with a constant eccentricity of t/2 (25 mm), with the line of action parallel

with the exterior edge of the wall specimen. The end conditions were set up in such a way that they were

effectively hinged (K = 1.0). All failure modes were by buckling of the member at mid-height.

3.2.1.6 Doh and Fragomeni, 2005

Doh and Fragomeni’s work (Doh and Fragomeni 2005) was focused on both two way and one way concrete

panel action. 18 approximately 1/5 scale wall specimens were tested, with 6 of those being one way tests.

Only the 6 one way tests are described here for brevity. Concrete cylinder strengths varied from 35.7 MPa to

78.2 MPa with each set of 2 walls meant to represent normal and high strength concrete mixes respectively.

All specimens were reinforced with steel wire mesh reinforcing at a vertical reinforcing ratio of 0.31%. Height

to thickness ratios were varied from 30 to 40 for these tests. The testing apparatus was set up to apply

the axial load with a constant eccentricity of t/6 and the end supports were devised to be effectively hinged

(K = 1.0). All test specimens were observed to have failed at mid-height of the specimen in a buckling

action.

3.2.1.7 Robinson, Palmeri, and Austin, 2013

Robinson tested sixteen eccentrically loaded wall panels in one-way action (Robinson, Palmeri, and Austin

2013). Two of the tests were loaded concentrically, and are not included for comparison in this thesis. The

remaining fourteen walls were loaded with an applied eccentricity of either t/3 or t/6. Concrete cylinder

strengths varied from 49.1 MPa to 53.2 MPa. All specimens were reinforced with 8mm wire reinforcing

4It is unclear whether the concrete cylinder corresponding to the fibre reinforced concrete specimen included fibre reinforcing,
however this specimen is omitted from the comparison data, as fibre reinforced behaviour is not a part of this study
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placed at the centre of the section, with a yield strength which is not noted in the paper. Since the axial

load capacity is not sensitive to the reinforcing yield strength, an assumed value of 450 MPa is applied for

analysis purposes in this thesis. Test specimen height to thickness ratios varied from 25 to 30. The tests were

set up in such a way that the end supports were effectively pinned, resulting in an assumed effective length

factor of K = 1.0. Some specimens were pre-cracked at mid height to assess sensitivity of the panel buckling

capacity for cracked sections. All specimens were observed to have failed at mid height in a buckling action.

3.2.1.8 Huang, Hamed, Chang, and Foster, 2015

Huang tested eight wall panels to observe the effects of reinforcement ratio and arrangement, load eccentricity,

and slenderness ratio on the ultimate axial load capacity (Huang, Chang, and Foster 2015). The walls were

loaded with eccentricities of t/12, t/6, and t/3. Panels were reinforced with wire mesh in two layers (except a

single member with one layer), with a yield strength of approximately 550 MPa, and reinforcing ratios from

0.164% to 0.592%. Concrete cylinder strength was quite high at 81.4 MPa. Height to thickness ratios were

varied from 17 to 27 for these specimens. The tests were set up in such a way that the end supports were

effectively pinned, resulting in an assumed effective length factor of K = 1.0. All specimens were observed to

have failed at mid height in a buckling action, with some members fracturing into two pieces upon failure at

peak axial load. The member with the highest reinforcing ratio 0.592% was noted to have not fractured at

peak load, however it is uncertain whether or not this would have been the case had the loading apparatus

been directly applied load, as opposed to a displacement controlled apparatus.
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Table 3.1: Summary of eccentrically loaded bearing wall test parameters.

Researcher
Number

of
Tests

Specimen Dimensions Reinforcing Details Concrete
Cylinder
Strength

[MPa]

Thickness,
h

[mm]

Length,
L

[mm]

Height,
h

[mm]

Height to
Thickness

h/t

Vertical
Reinf.

Ratio, ρv

#
of

Layers

Bar
Diameter

[mm]

Clear
Cover
[mm]

Oberlender and Everard 1977 27 76 610 610-2130 8-28
0.33%
0.47%

2 4-5 10-15 28-42

Pillai and Parthasarathy 1977

3 40 400 1200 30
0.00%
0.15%
0.30%

1 Unknown Centered 16-32
3 48 500 1200 25
3 60 560 1200 20
9 80 700 400-1200 5-15

Saheb and Desayi 1989 24 50 300-900 450-1350 9-27
0.17%

to
0.86%

2 2-5 10 20-26

Fragomeni 1995 20 35-50 200-500 420-1000 12-25
0.17%

to
0.86%

1-2 Unknown
10

Centered
33-67

Sanjayan 2000 3 50 1500 2000 40
0.21%

to
2.80%

1 5-12 Centered 59-61

Doh and Fragomeni 2005 6 40 1000-1600 1000-1600 30-40 0.31% 1 4 Centered 36-78
Robinson, Palmeri, and Austin 2013 14 100 500 2500-3000 25-30 0.50% 1 8 Centered 49-52

Huang, Chang, and Foster 2015 8 100-160 460 2700 17-27
0.16%

to
0.59%

1-2 5
25

Centered
81

Note: A complete list of individual test specimen geometric and material properties is included in Appendix B.1
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3.2.2 Comparison of Experimental Results

Each experimental program selected in this comparison has similar testing parameters and conditions and are

appropriate for comparison. All tests of interest were loaded with an eccentricity of t/6 with the exception

of Sanjayan’s tests which were loaded at t/2. Sanjayan’s test results are included for qualitative comparison,

however are omitted for any quantitative results presented in this section.

Results of the various test programs have been aggregated for comparison and analysis with respect

to the ultimate axial load capacity of monotonically loaded, uniaxial, eccentrically loaded wall elements.

In each case, the wall elements are of an appropriate range of test scale, loading configuration, concrete

strength, reinforcing type, and overall form. Where any important deviation occurs with a given data set,

it is appropriately noted.

The test results as extracted from work by the authors described in the previous section is shown in

Figure 3.1. This figure presents the maximum axial load achieved by each wall specimen normalized by the

product of the reported concrete strength and the gross cross-sectional area, plotted as a function of wall

height to thickness ratio which is defined as the quotient of wall height and wall thickness.

Figure 3.1: Test axial load capacity results vs. wall height to thickness ratio for e = t/6†.
† Applied eccentricity for Sanjayan (2000) was t/2

The plotted results show that as wall slenderness is increased, a corresponding drop in maximum axial

load occurs. This result is well documented in the literature, and is the expected behaviour of a typical

bearing wall member undergoing an eccentric uniaxial applied load based on a simple mechanics based

approach. A fairly distinct lower bound of axial load strength is observed with upward scatter present across

the entire range of slenderness. For test specimens with height to thickness ratios of approximately 30 and

above, the maximum axial load capacity appears to decrease at a lower rate than for more squat specimens.

This is important to note, since the effect of slenderness on ultimate axial load capacity is not linear over
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the entire range of test results.

3.2.2.1 Effect of Concrete Strength

A wide range of concrete cylinder strengths are present in the test results, therefore a comparison of the

behaviour with respect to cylinder strength is noted. Past studies have shown that higher strength concrete

walls produce lower normalised axial load capacities (Doh and Fragomeni 2005; Fragomeni, Mendis, and

Grayson 1994; Robinson, Palmeri, and Austin 2013; Fragomeni 1995). Figure 3.2 shows the test results

sorted into quartiles of concrete cylinder strength. The figure shows that a wide array of cylinder strengths

are represented over the range of slenderness values. The highest strength tests tended to correspond to more

slender wall specimens. From this figure, a possible connection between concrete strength and maximum

axial load ratio may be present. A statistical analysis of the general trend of the effect of concrete strength

on the ultimate axial load level has been completed.

Figure 3.2: Test axial load capacity results vs. wall height to thickness ratio for e = t/6†, including test
specimen concrete cylinder strengths.

By grouping the test results into bins by high or low concrete strength, and performing a least squares

linear regression on each set, the general trend of each data set can be assessed. Cylinder strengths above

40 MPa are considered as higher strength, and lower than 40 MPa as lower strength. This level is selected

so each bin has an appropriate amount of tests to make a comparison, and strengths above 40 MPa are

less common for typical construction practice for bearing walls. For tests of slenderness of h/t ≈ 10, all

members were made of lower strength concrete. Similarly, tests on members with slenderness greater than

h/t ≈ 35, correspond to higher strength specimens. Both extreme slenderness values have been omitted

from the comparison data set since they include limited ranges of concrete strength. While this rudimentary

analysis is not statistically rigorous, it will provide some insight into any effect concrete strength may have
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on ultimate axial load level for bearing walls.

Figure 3.3 shows the results of the linear regressions for the lower and higher concrete cylinder strengths.

From this analysis, there appears to be some relation between the strength of concrete and the ultimate axial

load capacity of the wall element. The plot shows that higher strength concretes produce lower ultimate

axial loads, and lower strengths producing relatively higher strengths. This trend can only be assumed to

be valid over the range of slenderness selected for comparison.

Figure 3.3: Test specimen axial load capacity results grouped by high and low concrete cylinder strengths
including linear regressions of each data set.

This short study confirms the presence of concrete cylinder strength effects on ultimate axial load capacity

over a range of slenderness of 10 < h/t ≤ 30. Higher strength concrete cylinder strengths are shown

qualitatively to have produced lower normalized ultimate axial load capacities. Producing a model for axial

strength reductions as a result of increasing concrete cylinder strength may be possible, however is not

the focus of this research. High strength effects will be discussed within the context of established design

standard strength estimation methods in subsequent sections of this thesis.

3.2.2.2 Effect of Number of Reinforcing Layers

Another potentially significant factor in the ultimate axial load level of slender concrete bearing walls is the

reinforcing configuration, however it has been suggested in past studies (Kripanarayanan 1977) that for low

amounts of vertical reinforcing the location of reinforcing within the cross section may have little effect on

the overall capacity of a wall element.

Figure 3.4 shows the test results sorted by single or double layer reinforcing, with the aim of identifying

any relation between reinforcing location and ultimate axial load capacity. As is evident, there is limited

evidence to support any difference in ultimate axial load capacity for slender wall elements based on the
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configuration of the vertical reinforcing.

Figure 3.4: Test specimen axial load capacity results grouped by number of reinforcing layers.

3.2.3 Conclusion of Experimental Results

In total, 111 test specimens of similar loading configuration, from 8 separate studies were identified. These

tests results represent over 45 years of study on the topic of eccentrically loaded bearing wall behaviour.

The results of these tests will form the basis of comparison for the proceeding sections on the topic of

eccentric monotonic uniaxial loaded walls. These results will be used to gauge the effectiveness existing

design standards to estimate the maximum capacity of bearing wall elements.

It is acknowledged that the variety of test programs were attempting to identify the effect of several

different parameters on ultimate axial load capacity. The presence of many confounding variables such as

reinforcing ratio, test specimen dimensions, test scale, type and placement of reinforcing, and other intangible

differences makes determining the explicit cause of higher or lower ultimate axial load capacities difficult.

However the main purpose of aggregating the test data is to determine the lower bound and general trend of

axial load capacity, for comparison to existing analysis methods available. With this purpose in mind, the

test results are acceptable as presented.

3.3 Empirical Strength Equations

This section includes a brief historical outline of empirical ultimate axial strength equations and a comparison

of those equations to the bearing wall test data presented in the previous section. A summary of the historical

empirical strength equations is presented and several of the functions are compared to the experimental
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results. Finally, an in depth comparison of the CSA A23.3-14 empirical design equation is compared to the

experimental data and general trends are discussed.

3.3.1 Empirical Strength Equation History

3.3.1.1 Pre 1970s

Various forms of empirical strength equations exist prior to the 1970’s research into bearing walls began.

Given that prior to the 1970s designers were predominantly using a variety of stress based design procedures,

a comparison to the newer more generic force based equations was not performed. It is known that the

empirical design equations date back to at least the 1928 ACI design code (ACI Committee 318 1928).

These early codes lacked the documentation of modern codes, and the development of the equations within

is cumbersome to trace. No effort was made to identify or document specific design equations in use prior

to 1970.

3.3.1.2 Kripanarayanan, 1977

Kripanarayanan’s 1977 paper (Kripanarayanan 1977) explored the historical aspects of the ACI Building

Code empirical wall equation, and performed a theoretical examination of ultimate capacity wall elements

under axial loads with varying height to thickness ratios h/t.

The author presents a brief history of empirical wall design starting with early allowable stress design

methods from as early as 1908. Various limits based on allowable stress design were used up until in 1971

when the ACI Building Code introduced a strength design method approach using the equation,

Pu = 0.55φf ′cAg[1.0− (lu/40h)2] (3.1)

One provision of using this equation as defined was that the applied loads must be “reasonably concentric”,

which was defined as to be within the middle third of the cross-section.

Kripanarayanan identified the empirical wall design equation to be a product of two individual functions,

F1 which is a function of eccentricity and is a value less than 1.0, and F2 which is a function of height to

thickness ratio and is assumed to be a negative parabolic function.

The author used a computer based parametric analysis approach to determine theoretical load carrying

capacity of the wall elements under axial load at the defined eccentricity of t/6. Three values of vertical

reinforcing ratio were used in the analysis 0.00%, 0.15%, and 1.00%. In addition, three thicknesses of wall

sections were considered, 203.2 mm (8 in), 254.0 mm (10 in), and 304.8 mm (12 in).

A modified empirical design equation was proposed of,

Pu = 0.55φf ′cbh[1.0− (klu/32h)2] (3.2)

which was calibrated to closely match with the lower bound of the ACI Building Code rational analysis

approach for columns. Kripanarayanan found that the proposed equation was better suited to match Ober-

lender’s 1973 PhD thesis data for a wider range of slenderness values, which the 1971 ACI Chapter 14

equation had overestimated. Kripanarayanan also identified that wall elements would not see a significant

increase in axial load carrying capacity until vertical reinforcing ratios were in the range of 1.00%.
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3.3.1.3 Overlender and Everard, 1977

In the same paper which presented the bearing wall test results (Oberlender and Everard 1977), the author’s

also provided insight into the ongoing use of the empirical design equations within the context of their results.

The authors suggested that the ACI Building Code adopt the following empirical equation for use in Chapter

14,

Pu = 0.60φf ′cbh[1− (l/30h)2] (3.3)

The proposed equation was developed to closely match the lower bound of the eccentrically loaded specimen

test results.

In addition to the test program, the proposed empirical equation was compared with the existing ACI

Building Code moment magnifier column design provisions. The authors found that the Chapter 10 procedure

produced results which closely matched those of the test program and even went so far as to recommend the

Chapter 10 design method as the preferred method of design, even though it produced conservative results

for small h/t values (8 and 12). It was also suggested that all wall design procedures and provisions be

consolidated within Chapter 13 of the ACI Building Code, with the two methods of design be correlated and

any limitations of the empirical method stated therein.

3.3.1.4 Pillai and Parthasarathy, 1977

In the same paper which presented the bearing wall test results (Pillai and Parthasarathy 1977), the author’s

also provided insight into the ongoing use of the empirical design equations within the context of their results.

The authors found that the ultimate axial load capacity estimated by all of theoretical analysis methods

used were conservative in comparison to test results. An equation was presented to replace the ACI 318-71

Chapter 14 empirical approach,

Pu = 0.57φf ′cbt[1.0− (h/50t)2] (3.4)

Ultimately the author’s suggested that the ACI 318-71 Chapter 14 empirical design approach was overly

conservative, and the adjusted equation suggested may better represent the ultimate axial load capacity of

wall elements.

3.3.1.5 Fragomeni, Mendis, and Grayson, 1994

This paper focussed on bearing wall design of members in one and two-way action, with an emphasis on

the development of the ACI 318 empirical equation with regard to one-way action (Fragomeni, Mendis,

and Grayson 1994). A history of the ACI 318 empirical equation was presented with a comparison of the

various forms. No further developments to the existing equation in use at the time of publication was made,

however it was identified that the basis of the empirical equation was limited to a specific set of parameters

and conditions, and that designers should exercise caution in its use. In conclusion it was suggested that

the buckling failure of bearing wall elements was poorly understood, and a significant gap in research was

present.

3.3.1.6 Bartlett, Loov, and Allen, 2002

Bartlett, Loov, and Allen’s 2002 paper (Bartlett, Loov, and Allen 2002) deals specifically with bearing wall

design in the context of Canadian design codes. The paper outlines and compares wall design methods

in CSA A23.3-94. The authors identify the empirical design equation procedure can produce significantly
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higher maximum design axial loads when compared with the moment magnifier method for compression

member design in A23.3.

Additional to comparing bearing wall design methods in CSA A23.3, this paper provides a mechanics

based approach to derivation of the empirical bearing wall design equation. By considering the deflected

shape of a pin ended simple wall, with a load applied at one third of the thickness of the wall at both ends,

the deflection reduces the depth of mid-height internal compression block which resists the external loads.

Equilibrium of the external load applied at t/6 and the internal compression block resultant force results

in the following expression,
a

2
+ ∆ =

h

3
(3.5)

where a is the width of the equivalent rectangular stress block. Mid height deflection of the wall can be

related to the curvature of the wall through the moment-area theorems with constant curvature as,

∆ =
1

3
θmax

(
lc
2

)2

(3.6)

where θmax is the maximum curvature at mid-height and is related to the failure strain and neutral axis of

the concrete section through the expression,

θmax =
εcβ1

a
(3.7)

where the equivalent stress block factor β1 = 0.97 − 0.0025f ′c. By combining the three presented equations

and noting that the depth of the compression stress block is is proportional to the applied axial load as

P/Po, and simplifying, the following expression results,

1

2

(
P

Po

)2

− 1

3

P

Po
+

1

3

εcβ1

4

(
lc
h

)2

= 0 (3.8)

Solving for the positive root of this expression through the use the first two terms of Taylor expansion and

reducing to a single term results in the expression,

P

Po
≈ 2

3

[
1− 3

8
εcβ1

(
lc
h

)2
]

(3.9)

Finally assuming a maximum concrete failure strain of εc = 0.0035 and an equivalent compression block

factor β1 = 0.92 corresponding to 20 MPa concrete, the equation simplifies to,

P

Po
=

2

3

[
1−

(
lc

29h

)2
]

(3.10)

This final expression is the same as the empirical bearing wall equation, with the derived version having

a slightly more conservative slenderness term. It could be easily shown that assuming a slightly lower

maximum concrete compression strain of εc = 0.0029, the derived equation would be practically identical to

the empirical equations in CSA A23.3-14 and ACI 318-14. This mechanics based derivation shows that the

empirical equation is not simply a best fit solution.

In addition to the mechanics based derivation of the empirical design equation, the authors also identify

the absence of sustained loading effects, more commonly known as creep, in the empirical equation. The
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inclusion of creep and other effects which are required to be considered when using the general compression

member design procedure in CSA A23.3-14, can result in higher axial load capacities resulting from the

empirical method. Despite the higher apparent axial loads predicted by the empirical equations, the authors

make a comparison with the ACI 318 design equation and show that CSA consistently predicts lower values

than the ACI version, and therefore need not be adjusted.

3.3.1.7 ACI 318 and CSA A23.3

Use of the bearing wall empirical axial strength equation in the current general form began with ACI 318-71

(ACI Committee 318 1971) and with CSA A23.3 development occurring in tandem. Minor changes to the

maximum achievable load, and slenderness effects have been made as time went on as new research to bearing

walls was performed, as presented in the previous section.

Currently, ACI 318-14 uses the following expression as the empirical method of bearing wall design,

PN = 0.55f ′cAg

[
1−

(
klu
32h

)2
]

(3.11)

This equation is defined as valid for members which are subject to axial load with out of plane flexure which

are loaded within the middle third of the thickness of a rectangular solid wall. The effective length factor k

is defined as 0.8, 1.0, or 2.0 for walls with rotations restrained at at least one end, unrestrained at both ends

(pinned), and walls unbraced against lateral rotation, respectively.

Likewise, CSA A23.3-14 uses the following expression (A23.3-14 Equation 14-1) as the empirical method

of bearing wall design,

Pr =
2

3
α1φcf

′
cAg

[
1−

(
khu
32t

)2
]

(3.12)

This equation is defined as valid for solid rectangular cross-sections, which the principal moments acting

about a horizontal axis parallel to the plane of the wall, with the resultant of the all loads located within the

middle third of the of the thickness. Additionally the wall must be supported against lateral displacement

along the top and bottom edges. The effective length factor k is defined as 0.8 for walls restrained against

rotation at one or both ends, and as 1.0 for walls unrestrained against rotations at both ends.

Both ACI 318-14 (ACI Committee 318 2014) and A23.3-14 (CSA Group 2014) have no additional restric-

tions on the use of the empirical equations outside those defined generally for all wall elements, regardless

of the method of design or analysis.

3.3.2 Empirical Strength Equations Summary

A summary of the various empirical design equations presented in the literature and those in use in ACI

318 and CSA A23.3 are shown in Table 3.2. In addition to the mathematical formulations, Figure 3.5 shows

a plot of the various design equations compared with the results of experimental testing presented in the

previous section. A discussion of the the test results in comparison to the CSA A23.3-14 design equation is

presented in the succeeding section.
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Table 3.2: Summary of previously published and implemented bearing wall empirical axial load strength
equations.

Equation Ultimate Axial Load Expression

Oberlender and Everard, 1973 Pu = 0.60f ′cAg[1− (h/30t)2]
Pillai and Parthasarathy, 1977 Pu = 0.57f ′cAg[1− (h/50t)2]

Kripanarayanan, 1977 Pu = 0.55f ′cAg[1− (h/32t)2]
Saheb and Desay, 1989 Pu = 0.55[Agf

′
c + (fy − f ′c)Asv][1− (h/32t)2]ζ

where ζ = [1.20− (h/10L)]
for h/L < 2.0

Pu = 0.55[Agf
′
c + (fy − f ′c)Asv][1− (h/32t)2]

for h/L ≥ 2.0
ACI 318-71 to 77 Pu = 0.55f ′cAg[1− (h/40t)2]

ACI 318-77(1980) to 318-14 Pu = 0.55f ′cAg[1− (kh/32t)2]
CSA A23.3-94 to 14 Pu = 0.67α1f

′
cAg[1− (kh/32t)2]

3.3.3 Comparison of Empirical Strength Equations with Experimental Results

This section includes a presentation of historical design equations used in current and historical design codes,

and equations presented or recommended in the literature.

As shown in Figure 3.5 for the majority of cases, the empirical equations provide reasonable estimates

of the ultimate axial load at low slenderness values, with none of the equations exceeding test results for

h/t ≤ 12. This suggests that the maximum ultimate axial load is consistently overestimated by all of the

equations in use. Similarly, with the exception of ACI 318-71, the empirical equation appears to provide a

low estimate of the strength of the wall. The empirical equation as used in ACI 318-14 and CSA A23.3-14

provides a lower bound estimate of the ultimate axial load of a bearing wall which is loaded within the

middle third of its thickness.

To aid in determining the applicability of Equation 3.12 used in CSA A23.3-14, Figure 3.6 presents the

ratio of the theoretical ultimate axial load as predicted by Equation 3.12, to the results of each test specimen

presented in the previous section. The plot includes only wall test results for specimens with h/t ≤ 30, as

this is the upper limit of wall slenderness defined in CSA A23.3-14. Additionally, the use of Equation 3.12

for walls with h/t > 32 would be irrational, as the equation is simply a downward opening parabola which

intercepts the slenderness axis at a value of h/t = 32 (or h/t = 40 in the case of K = 0.8), and its use beyond

would produce negative predictions of strength. It is possible, however that the empirical equation could be

useful over the intermediate 25 > h/t > 30 range of slenderness.

Figure 3.6 shows that Equation 3.12 can produce unconservative estimates of ultimate axial load in a

minority of cases for h/t > 12. As h/t increases beyond the CSA A23.3-14 Chapter 14 upper limit of 25,

increasingly conservative estimates are produced as expected, with the exception of a single member with a

severe over estimation of ultimate load capacity predicted.

The previous section of this thesis has established a relationship between strength of concrete and ultimate

axial load capacity, therefore it is rational to present these results in the context of cylinder strength. Figure

3.19 shows the ratios of experimental strength to theoretical strength for Equation 3.12 plotted against

the recorded cylinder strength. As suspected, as cylinder strength is increased a corresponding decrease in

the ratio of predicted to test strength is observed. The lowest ratio of predicted to test strength was 0.82

observed in a specimen from Fragomeni (1995), with a cylinder strength of f ′c = 60MPa. This shows that

the use of Equation 3.12 may be unconservative when applied to members with concrete cylinder strengths
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Figure 3.5: Comparison of experimental data and historically applied empirical axial strength equations.
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Figure 3.6: Ratio of test to CSA A23.3-14 Eqn. 14-1 predicted ultimate axial load capacity vs. wall
slenderness h/t.

Figure 3.7: Ratio of test to CSA A23.3-14 Eqn. 14-1 predicted ultimate axial load capacity vs. wall concrete
cylinder strength f ′c.
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higher than ≈ 40MPa.

It is noted that three test results for lower concrete strengths were also observed to have failed at a

lower value than predicted5, however the specimen’s predicted strengths were within 10% of observed values,

and may represent statistical outliers. Specific details of all three of the aforementioned lower strength test

results are published in PhD works which were not available at the time of writing this thesis.

It is interesting to note that in practice, the CSA A23.3-14 empirical equation 3.12 would be implemented

including the effect of end restraint, with a effective length factor of k = 0.8 applied in the majority of typical

cases. The addition of this condition results in modest increases to the ultimate axial load capacity over the

range of slenderness which is allowable by the ACI and CSA design standards, which is h/t ≤ 25 in most

cases. Considering that none of the tests have been performed on elements with end restraints applied, this

increase is justified only through a basic mechanics assumption. It is unknown whether the end restraint

assumptions are borne out in actual wall elements. Additionally in cases where rotational end restraints of

the wall element could be subjected to softening though cyclic motion, such as imposed displacement due

to seismic ground motions, a resulting reduction in ultimate load carrying capacity may occur at higher

slenderness levels. The effect would increase as the slenderness of the wall element increased, as the effective

length effects only the h/t in any of the empirical equations presented.

Given that few restrictions are made on the use of either the ACI 318-14 or CSA A23.3-14 equations, it is

easy to imagine cases where the in practice use of either equation could depart from the test conditions. For

example, possible reductions in ultimate axial load capacity due to sustained loading (creep), initial allowable

construction imperfections, concrete strength, variations in applied load eccentricity, vertical reinforcing

ratio, and reinforcing placement may occur. It is apparent that the empirical method, while useful in

the generic case, does not encapsulate many of the other considerations present in the design of concrete

structures.

3.4 Rational Method for Strength of Bearing Walls

As an alternative to the empirical equation method of bearing wall design presented in the previous section,

both ACI 318-14 and CSA A23.3-14 allow the use of a rational procedure for slender compression member

design. This section contains details of the rational method for slender compression member design as is

implemented in ACI 318-14 and CSA A23.3-14 design codes, and their implementations within the context

of slender bearing walls. Both design codes relevant to this discussion use the moment magnifier method for

slender member design and a brief presentation of the method is included. A comparison of the CSA A23.3-

14 moment magnifier with respect to the test results presented in previous sections is performed. In addition,

topics relevant to axial load design of bearing walls in general are presented and discussed. Topics include

minimum eccentricity, maximum axial load resistance reductions, flexural stiffness estimations, sustained

load effects, and critical buckling load factors.

3.4.1 Moment Magnifier Method

The general procedure for slender compression member design and analysis in ACI 318-14 and CSA A23.3-14

uses the moment magnifier method, which is an approximate elastic first order analysis method developed

for slender columns. The moment magnifier method was fist introduced into North American practice as

5Saheb and Desayi (1989) specimens WAR-3 and WAR-4, and Fragomeni (1995) specimen 7b. See Appendix B.2 for details.
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a part of ACI 318-70, and was the result of perceived shortcomings in the reduction factor method in use

prior to 1970. This section includes a brief literature review of the moment magnifier method for design of

slender compression members, and relevant studies regarding the estimation of flexural stiffness used which

is important when the method is applied to slender bearing walls.

3.4.1.1 MacGregor, Breen, and Pfrang, 1970

The moment magnifier method for slender column design was first introduced in a 1971 paper by MacGregor,

Breen, and Pfrang (MacGregor, Breen, and Pfrang 1971). In their proposal they provide an outline of slender

column behaviour, the major variables affecting strength, and an overview of the proposed general design

procedure. A summary of the contents of that paper is provided here, as it forms the basis of the rational

column analysis and design method in modern North American standards.

Columns can be generally divided into two categories. Short-columns, denoted by their ability to resist

combined axial and bending forces with the full expected capacity of the member cross section. And slender-

columns, which exhibit reductions in member resistance due to second-order deformations. Using these

definitions as the basis, a column of fixed slenderness ratio may be both a short and slender member

depending on the applied loading and restraints. As shown in Figure 3.8, the maximum moment occurs

at Section A-A as a result of the eccentricity e and the deflection ∆. From this configuration two failure

modes are possible. First the applied axial load P and moment M in the deformed position may exceed the

cross sectional capacity of the column, indicated as a “material failure” in Figure 3.8(c). Alternatively if the

column is very slender, the deflection may reach a point such that the value of δM/δP is zero. This type of

failure is denoted in Figure 3.8(c) as a “stability failure”. Typically, a material failure may occur in braced

or non-sway systems, and a stability failure will occur in an unbraced or sway frame.

Representing the column axial load and moment interaction diagram with varying slenderness values

results in a family of curves which represent the slender column response of the member. Shown in Figure

3.9(a), the slender column response can be represented as the short column response with the moment

magnified by the additional moment due to deflection of the column. To determine the slender column

curve, the intersection of the interaction envelope and the slender column axial is found, shown as point B

in Figure 3.9(a). The slender failure intersection point is then projected back to the short column line of

fixed eccentricity to generate a single point on the slender interaction diagram for a given slenderness. This

is repeated for varying eccentricities and slenderness values to create the family of slender curves for the

member of interest. An example of the final group of slender axial load and moment interaction diagrams is

as shown in Figure 3.9(b).

Several factors affect the strength of a slender column, with the major effects resulting from the degree of

rotational end restraint, the degree of lateral restraint, the ratio of end eccentricities, the ratio of axial load

level to cylinder strength P/f ′c, and the level of sustained loads (creep). Knowing these factors, the moment

magnifier method is presented as a good approximation of the second order effects.

To approximate the maximum moment in an elastic beam-column in single curvature using the moment

magnifier method the following equation is presented,

Mmax = Mo +
P∆o

1− (P/Pc)
(3.13)

where Mo and ∆o are the first order moment and deflections respectively, and Pc is the critical axial load
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Figure 3.8: Slender column or wall free body diagrams and typical axial load and moment interaction
diagram, (MacGregor 1971).

Figure 3.9: Typical slender column or wall axial load and bending moment interaction diagrams, (MacGregor
1971).
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more commonly known as the Euler buckling load. It can be shown that equation 3.13 can be reduced to,

Mmax =
Mo

1− (P/Pc)
(3.14)

for a column deflecting in single curvature, since the maximum moment and deflection occur at the same

place. To account for unequal end moments, the concept of “equivalent uniform moments” is introduced.

The equivalent moment factor Cm is developed to produce the same column strength as the actual moments

and is the ratio of smaller end moment to larger end moment. Equation 3.14 with the inclusion of the

equivalent uniform moment factor is,

Mmax =
CmMo

1− (P/Pc)
≥Mo (3.15)

In practice for a reinforced concrete member, the axial load P resulting from a first-order analysis is used,

and the corresponding maximum moment at that axial load level is Mmax given by Equation 3.15.

The moment magnifier method employs the critical buckling load Pc as a main measure of the influence

of the applied axial load on the slenderness effects of the member. The critical buckling load is defined as,

Pc =
π2EI

l2
(3.16)

where the flexural stiffness(EI) applied in practice, is an approximate equivalent stiffness which takes ma-

terial and cross sectional non linearities into consideration. The author suggests the following estimates of

flexural stiffness are appropriate for analysis of column type members,

EI =
(0.2EcIg + EsIse)

(1 + βd)
(3.17)

for heavily reinforced members (ρv ≈ 8%), or

EI =
0.4EcIg
(1 + βd)

(3.18)

for lightly reinforced members (ρv ≈ 1%). Both estimations for flexural stiffness were selected for use because

they represent lower bound estimates of stiffness in most cases.

This forms the basis of the moment magnifier method as originally outlined. Modifications are also

possible for the inclusion of frame sway effects. Sway effects are defined as lateral displacements of the

member ends with respect to one another, as would occur in a frame type structure. This thesis is focussed

on the behaviour of wall elements, which typically occur in shear wall type buildings which are not expected

to have a frame type of sway response.

3.4.1.2 Mirza, 1990

Mirza’s review (Mirza 1990) of the ACI Building Code provides an overview of the moment magnifier

approach to compression member design. The main focus of the study is to provide insight into the influence

of flexural stiffness (EI), and appropriately measure the functionality of the existing estimations used in the

moment magnifier method. Mirza used a theoretical nonlinear analysis of approximately 9500 configurations

of slender columns, and compared the results to those estimated using existing equations.
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Mirza identified a 305 x 305 mm (12 x 12 in) as the smallest practical cross section which would be used

in design, and used this cross section as the basis of his analysis. The effects of varying concrete cylinder

strength f ′c, vertical reinforcing yield strength fy, concrete cover, length to thickness ratio, load eccentricity

to thickness ratio, and vertical reinforcement arrangement, were taken into consideration.

A statistical analysis of the difference to flexural stiffness estimation compared with the nonlinear analysis

results is presented. It was found that both equations 3.17 and 3.18, produce stiffness ratios (EI Theoretical

/ EI Estimated) which average very close to unity. However the coefficient of variation of stiffness ratios was

very high (0.33 and 0.38 for equations 3.17 and 3.18 respectively). It was determined this deviation was due

to both design equations missing various factors which affect the flexural stiffness.

The study performed multiple regression analyses to identify the slenderness ratio and end eccentricity

ratio caused the greatest discrepancies of flexural stiffness. From the regression analyses, it was possible

to develop new proposed design equations for flexural stiffness which includes the effects of slenderness and

eccentricity. The equations proposed were,

EI =
αEcIg + EsIs

(1 + βd)
(3.19)

where,

α = (0.27 + 0.003l/h− 0.3e/h)EcIg + EsIs ≥ 0 (3.20)

or alternatively,

α = (0.3− 0.3e/h)EcIg + EsIs ≥ 0 (3.21)

where βd is greater than or equal to zero, l is the unsupported height of the member, and e is the larger

end eccentricity. Equations 3.17 and 3.18 are subject to the following limits: f ′c ≤ 6000 psi, ρv ≥ 1%, and

e/h ≥ 0.1. Both equations were not implemented in ACI 318, however they provide valuable insight into the

applicability and usefulness of the commonly used estimations for flexural stiffness in design codes.

3.4.1.3 MacGregor, 1993

MacGregor was involved in the original implementation of the moment magnifier method in North Amer-

ican design codes (MacGregor, Breen, and Pfrang 1971). In this follow up publication (MacGregor 1993),

MacGregor presents some simplifications and provisions for second-order analysis in the ACI design codes.

In the context of bearing wall ultimate load design, the main addition of this research is the inclusion of a

new proposed slenderness limit for non-sway frames. Previous versions of slenderness limit were found to

have been derived inappropriately, and a new limit of,

klu
r
≤ 25− 10 (M1/M2)√

Pu
f ′cAg

(3.22)

has been derived. The new slenderness limit shown as Equation 3.22 corresponds to a lower bound of moment

magnifier factor of 1.05. In other words, a member is not defined as a slender member unless the effect of

magnified moment is at least 5% greater than the short column response.
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3.4.1.4 Khuntia and Ghosh, 2004

In a pair of companion papers (Khuntia and Ghosh 2004a; Khuntia and Ghosh 2004b) which explored the

influence of flexural stiffness in the ACI 318-02 implementation of the moment magnifier method, Kuntia

and Ghosh provided both an analytical approach, and experimental verification of the approximations im-

plemented in practice. The analytical approach discussed the factors which generally influence the flexural

stiffness of a reinforced concrete compression member, including reinforcement ratio, axial load ratio, ec-

centricity ratio, and compressive strength of concrete. Considering these factors, a parametric study was

performed which focussed on column type members. The main result of the study was that the flexural

stiffness estimations in Equations 3.17 and 3.18, produced overly conservative magnified moments when

compared with those observed from more advanced non-linear analysis. Ultimately the authors present the

following expressions for estimation of flexural stiffness for typical columns,

EIe = EcIg (0.80 + 25ρg)

(
1− e

h
− 0.5

Pu
Po

)
≤ EcIg ≥ EcIbeam (3.23)

where ρg is the vertical reinforcing ratio, e/h is the load eccentricity to thickness ratio, and Pu/Po is the

axial load ratio. The authors found that Equation 3.23 produced a mean analytical to predicted ratio of

flexural stiffness of 1.24 with a standard deviation of 0.15, with only 2 of the 50 values of the ratio marginally

less than 1.0. Low levels of axial load ratio produced the most conservative results.

Flexural stiffness estimated by Equation 3.23 was compared in the companion paper which focused on

experimental verification of the proposed equation. Three investigations with a total of nine sets of test data

were identified as relevant for the case of a column in a nonsway frame under single curvature bending. The

study found that Equation 3.23 produced results which matched well to the test results, and the typical

ACI 318-02 procedure which in all cases used Equation 3.17 as an estimate for flexural stiffness, typically

produced more conservative results. A final recommendation to implement Equation 3.23 into subsequent

versions of ACI 318 was suggested. This method of flexural stiffness estimation is provided as an alternative

method in ACI 318-14.

3.4.1.5 Mirza, 2006

This study (Mirza 2006) undertakes a meta-analysis of 25 past investigations for a total of 354 physical tests,

with the aim of validation of the moment magnifier method of slender column design in CSA A23.3-94. The

analysis compared the maximum axial load of the tests to the predicted maximum axial load using the CSA

A23.3-94 implementation of the moment magnifier method with flexural stiffness estimated using equation

3.18. In addition, an alternative estimation of flexural stiffness proposed by a study by Mirza (Mirza 1989)

is compared. The alternative estimation of stiffness is,

EI = [(0.3− 0.3e/h)EcIg + EsIrs] ≥ EsIrs (3.24)

The study finds that the CSA A23.3-94 method using Equation 3.18 produces a mean value of theoretical

to test maximum axial load of 1.08 at a standard deviation of 0.17. The alternative Equation 3.24, improves

the results slightly to a mean of 1.07 at a standard deviation of 0.14. According to the study, the modest

increase in accuracy warrants the use of equation 3.24 in future editions of CSA A23.3. The study does not

include considerations with regard to axial load ratio, which has been shown to have a significant effect on

effective flexural stiffness estimations (Khuntia and Ghosh 2004a; Khuntia and Ghosh 2004b).
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3.4.2 Rational Method in CSA A23.3-14 and ACI 318-14 Standards

This section includes an overview of slender compression member design using the moment magnifier

method as implemented in CSA A23.3-14 and ACI 318-14 in the context of its application to bearing wall

axial load design.

3.4.2.1 CSA A23.3-14

Design of bearing walls in Canada is generally governed by CSA A23.3-14 Design of Concrete Structures

(CSA Group 2014). Chapter 14 of the standard defines the requirements for wall type elements. A wall is

defined in CSA A23.3-14 as “a vertical element in which the horizontal length, lw, is at least six times the

thickness, t, and at least one-third the clear height of the element.” Further, the definition of a bearing wall

is specified as a wall which supports,

a) factored in-plane vertical loads exceeding 0.04f ′cAg

b) weak axis moments about a horizontal axis in the plane of the wall; and

c) the shear forces necessary to equilibrate the moments specified in Item b)

Structural design of bearing walls is governed by Clause 14.2 “Structural design of bearing walls”. This

Clause provides designers with two avenues of design of these members, by using a general approach governed

by Clauses 7, 10, and 11, and by using the empirical design equation as defined in Clause 14.2.2.

CSA A23.3-14 provisions of Chapters 7, 10, and 11 are required to be followed in the general design of

bearing wall type elements. Contained within Chapter 10 are the design requirements for axial and flexure

load design, including provisions for combined axial and flexure analysis.

Typically for vertical load carrying elements vertical reinforcing is required to be fully tied, however

because of Clause 10.10.4.c which defines a maximum axial load resistance for “other walls”, the standard

acknowledges the existence of a vertical load carrying wall element within Chapter which does not contain

transverse reinforcing ties. Clause 14.1.8.7 allows vertical distributed reinforcement to be untied in wall

elements if the area of vertical reinforcing is less than 0.005Ag, and the reinforcing used is 20M or smaller.

This feature is what allows the design of untied wall type elements under the provisions of Chapter 10.

As a part of Chapter 10, all compression members must be checked for slenderness effects under Clause

10.13 “Slenderness effects - General”. Since this study is concerned with reinforced concrete shear wall

structures, the slenderness effects of a “Non-sway frame” system will typically govern the design of any

compression members in the structure. Designation of a system as a non-sway frame is covered in Clause

10.14.4 of the standard, and gauges whether or not the structure is resisting lateral load effects through the

resistance of a stiff lateral load resisting system such as shear walls, or if the gravity load resisting frame

defoemations contribute greatly to lateral resistance. Typically this check can be performed by inspection

(CSA Group 2014).

Under Clause 10.15 “Slenderness effects - Non-sway frames”, slenderness effects may be neglected for

compression members which satisfy,
klu
r
≤ 25− 10(M1/M2)√

Pf/(f ′cAg)
(3.25)

which can be reduced further due to the assumption of any flexure in the bearing wall occurring in single

curvature with equal end moments due to applied minimum eccentricity, therefore M1/M2 = 1.0, which
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results in the reduced equation,
klu
r
≤ 15√

Pf/(f ′cAg)
(3.26)

Once the slenderness trigger of Clause 10.15.2 has been exceeded (Equations 3.25 and 3.26), a second

order analysis taking into consideration the effects of member curvature is required. CSA A23.3-14 uses

a moment magnifier procedure, which amplifies the applied moments to account second order effects in

compression members. In the case where there is no or low magnitude applied end moments, a minimum

moment of M2 = Pf (15mm+ 0.03h) is to be applied (minimum eccentricity of e = 15mm+ 0.03h.

The amplified moment based on member curvature is defined in Clause 10.15.3.1 as,

Mc =
CmM2

1− Pf

φmPc

≥M2 (3.27)

where the member resistance factor is defined as,

φm = 0.75 (3.28)

the critical axial load (Euler buckling load) is,

Pc =
π2EI

(klu)2
(3.29)

and the member flexural stiffness can be approximated by either,

EI =
0.2EcIg + EsIst

1 + βd
(3.30)

or

EI =
0.4EcIg
1 + βd

(3.31)

Also, a factor which relates the actual member moment diagram to an equivalent uniform moment diagram

is defined as,

Cm = 0.6 + 0.4
M1

M2
≥ 0.4 (3.32)

The modulus of elasticity of concrete applicable to the estimates of flexural stiffness in Equations 3.29,

3.30, and 3.31 are defined in CSA A23.3-14 as,

Ec = (3300
√
f ′c + 6900)

( γc
2300

)1.5

(3.33)

where γc is the unit weight of the concrete. CSA A23.3-14 also provides an alternative estimation of elastic

modulus for normal density concrete with compressive strength between 20 and 40 MPa which is,

Ec = 4500
√
f ′c (3.34)

Both estimates of elastic modulus are based on the average of the secant modulus for a stress of 0.40f ′c

determined for similar concrete in accordance with ASTM C469.

When applied to a bearing wall element assumed to be in a non sway frame system with the only moment

arising from equal end eccentricities, the ratio M1/M2 is positive and equal to unity. For this special case,
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Equation 3.32 reduces to unity.

The term βd in Equations 3.31 and 3.30 accounts for member creep and for non-sway frames is defined

as the ratio of the maximum sustained axial load to the maximum factored axial load associated with the

same load combination (CSA Group 2014). For a typical residential building, it has been suggested that

βd ≈ 0.6 (MacGregor and Bartlett 2000), however an analysis of a typical reinforced concrete shear wall

building in the Vancouver area has shown that the value of β may reach as high as 0.9 for some elements.

Further details are provided on this study of member sustained load in a subsequent section.

3.4.2.2 ACI 318-14

Design of bearing walls in the United States is generally governed by ACI 318-14 Building Code Requirements

for Structural Concrete (ACI Committee 318 2014). Chapter 11 of the standard defines the requirements

for wall type elements. A wall is defined in ACI 318-14 as “a vertical element designed to resist axial load,

lateral load, or both, with a horizontal length-to-thickness ratio greater than 3, used to enclose or separate

spaces.”

Structural strength design of bearing walls is governed by Clause 11.4 “Required Strength”, and Clause

11.5 “Design strength”. This clause provides designers with two avenues of design of these members, by

using a general approach governed by Chapter 6 and Clause 22.4, and by using the empirical design equation

as defined in Clause 11.5.3.

In general, the provisions of ACI 318-14 are identical to those presented for CSA A23.3-14. One major

exception is an alternative measure of approximate member moment of inertia to be used in the moment

magnifier method. The alternative effective moment of inertia is based off the previously discussed work of

Khuntia and Ghosh (2004a) and Khuntia and Ghosh (2004b) and is presented as,

I = Ig (0.80 + 25ρg)

(
1− e

h
− 0.5

Pu
Po

)
(3.35)

and is restricted to be greater than 0.25Ig and less than 0.875Ig. This alternative moment of inertia is

defined to only be valid for column and wall type elements.

3.4.3 Parameters Affecting Strength Estimations

This section includes a brief discussion of the various parameters which have been identified to effect axial

strength estimations of bearing wall elements. Parameters include minimum eccentricity, estimations of

flexural stiffness, sustained loading (creep), buckling factor, and end restraint.

3.4.3.1 Minimum Eccentricity and Limiting Factored Axial Resistance

The general procedure for short compression member axial load design in ACI 318-14 and CSA A23.3-14

applies a limit to the theoretical maximum axial load which may be applied. The maximum axial load is in

place to represent the effect on axial strength which an applied moment would have. This relation can be

shown graphically on an axial load and moment interaction diagram. Figure 3.10 shows the relation between

maximum axial load, Pmax and the minimum eccentricity, emin.

The minimum applied moment is intended to account for eccentricities not quantified in the analysis,

and the possibility that concrete strength at high loads may be reduced to less than f ′c (CSA Group 2014).

The levels of Pr,max were calibrated to roughly correspond to the minimum column eccentricities used in

42



Mr

Pr

Pr,max

emin

Figure 3.10: Axial load and moment interaction diagram showing the limiting axial load resistance based on
minimum applied axial load eccentricity.

design prior to the introduction of the maximum axial load level approach (ACI Committee 318 1977; Neville

1980). The minimum assumed column design eccentricities are 10% and 5% of the member dimension in the

direction of interest for normal and spirally reinforced members respectively.

In the design of slender members with the moment magnifier method, a minimum moment to determine

the slenderness effects for members loaded without applied moments is required. The minimum moment to

apply for slender members is set at Pf (15+0.03h) for CSA A23.3-14 and Pu(0.6+0.03h) for ACI 318-14. The

level of minimum moments are unchanged since the introduction of the moment magnifier method in design

standards. This minimum moment was established to roughly correspond with the minimum eccentricity

employed to determine the level of Pr,max. No work has been identified which rigorously establishes the

validity of either the levels of minimum eccentricity for wall elements.

3.4.3.2 Flexural Stiffness

An important aspect of the moment magnifier method is the estimate of flexural stiffness used to determine

the critical axial load. More flexible members will have more severe second order slenderness effects, than

stiffer members. Since the flexural stiffness of reinforced concrete is non-linear in material response and

cracked section geometry, an equivalent linear elastic approximation is typically used in practice. The

equivalent flexural stiffness for a reinforced concrete compression member in CSA A23.3-14 and ACI 318-14

is approximated as,

EI =
0.2EcIg + EsIst

1 + βd
(3.36)

or

EI =
0.4EcIg
1 + βd

(3.37)

where Ec is the tangent modulus of elasticity, Es is the modulus of elasticity of the reinforcing steel, Ig

is gross section moment of inertia, Ist is the moment of inertia of the reinforcing, and βd is a reduction

modifier for sustained member load. ACI 318-14 also allows the use of an alternative flexural stiffness based

on Khuntia and Ghosh (2004a) and Khuntia and Ghosh (2004b) of,

EI =
EcI

1 + βd
(3.38)
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where I is defined as,

0.35Ig ≤
(

0.80 + 25
Ast
Ag

)(
1− Mu

Puh
− 0.5

Pu
Po

)
≤ 0.875Ig (3.39)

where Ast is the total cross sectional area of reinforcing, Ag is the gross cross section of the member, Mu is

applied moment, Pu is the applied axial load, h is the section thickness, and Po is the maximum axial load

resistance of the member.

The estimation of flexural stiffness greatly effects the predicted behaviour of wall and column elements.

An accurate estimation of flexural stiffness is perhaps the single most important parameter to be determined

in the design and analysis of slender members.

3.4.3.3 Sustained Loading (Creep)

Sustained loading effects, more commonly known as creep, are the increase in deformations which occur after

initial elastic deformations. Creep is addressed in the moment magnifier method through a flexural stiffness

reduction factor based on the ratio of sustained load to total load level. The reduction factor βd as shown

in equations 3.36, 3.37, and 3.38, acts to reduce the equivalent effective flexural stiffness.

A ratio of sustained factored dead load to factored total load of βd = 0.6 has been suggested as reasonable.

However an analysis of a 35 storey residential tower in the Metro Vancouver area has shown that some

members may experience factored sustained load ratios as high as βd = 0.9. This high value of βd represents

a typical vertical load carrying element in high rise residential constructions, where already light live loads

are reduced based on floor area and dead loads predominate the majority of the design load. High axial

load ratios are especially prevalent in wall type members due to code allowable live load reductions which

are based on the total floor area which a member carries. Since walls, by virtue of their length, are able to

carry much higher total floor areas than typical columns.

In practice, the effect of member sustained load on slender bearing wall elements is not well known.

Factors such as level of sustained load, initial curvature due to construction imperfections, and reinforcing

ratio are all known to influence the sustained load effect on members in general, however no studies which

outline the effects for slender bearing walls are known to have been completed.

3.4.3.4 Buckling Factor

As part of the moment magnifier’s implementation in design codes, the critical buckling load used which

is part of Equation 3.27 is reduced to represent the uncertainty associated with understrength of a single

member in isolation. Both ACI 318-14 and CSA A23.3-14 apply a reduction of φm = 0.75 to the critical

load for both sway and non-sway frames. The reduction factor is based on a study of approximately 9500

configurations of a 305 mm x 305 mm column (Mirza 1990). Critical buckling load of wall type members

has not been explicitly studied.

3.4.4 Comparison of Rational Method Strength Equation with Experimental

Results

With the framework established for rational strength analysis of slender compression members both generally

and as implemented in North American design codes, a comparison of the rational method to experimental

44



results is possible. This section applies the CSA A23.3-14 moment magnifier method for use as a comparison

to the experimental strength results presented in the opening section of this chapter.

3.4.4.1 Comparison Parameters

To appropriately compare the rational strength analysis method to the experimental results as presented

earlier in this chapter, the rational method parameters must match those of the experimental programs.

Since the experimental data is based on members of various cross sectional area, amount of reinforcing, and

other parameters, each test specimen must be evaluated. Where unknown parameters exist, tests have either

been excluded or reasonable estimates have been used in place. Appendix B.1 includes a detailed list of the

test parameters for each individual specimen.

3.4.4.2 Slender Interaction Diagram Generation

For the comparison, slender interaction diagrams are generated to compare the observed maximum axial

load level of the experimental tests. Implementing the A23.3-14 procedure for slender members in performed

in a MATLAB program which first generates the CSA A23.3-14 out-of-plane interaction diagram for the wall

section of interest. Next the magnified moments are generated along a fixed eccentricity over the range of

axial load levels in the member. By calculating the intersection of the interaction failure envelope and the

magnified moment trajectory, the maximum axial load for the magnified applied moment is determined. To

generate the complete final slender interaction diagram, the previously determined maximum axial loads are

traced back to the unmagnified eccentric line along the moment axis. These intersections form the basis of

the slender interaction diagrams for each level of member slenderness investigated. Figures 3.11, and 3.12

show the slender interaction diagrams generated for a 203mm wall section with 0.15% vertical reinforcing

in 2 layers. The maximum axial load for a given slenderness is recorded and plotted for comparison to

experimental results and empirical equations in the next section.

3.4.4.3 Presentation of Results

The previous section outlined the generation of slender interaction diagrams for a typical lightly reinforced

thin wall section. This section presents a comparison of the experimental test results and the CSA A23.3-14

implementation of the moment magnifier method. Figure 3.13 shows the normalized test results plotted

against a typical maximum axial to slenderness relation. This shows that the data tends to follow the typical

shape of the estimated curve.

To rigorously evaluate the CSA A23.3-14 moment magnifier procedure when applied to slender bearing

wall elements in non-sway frames, a comparison of each test result to a predicted strength is performed.

Figures 3.16, 3.14, and 3.18 show the computed ratios of maximum theoretical axial load capacity based

on the CSA A23.3-14 moment magnifier method versus that of each test result. Each plot represents a

different estimation of stiffness, including Equations 3.36 and 3.37. In addition, a comparison plot which

utilizes the ACI 318-14 alternative stiffness of Equation 3.38 is presented to determine its potential utility

applied to bearing wall elements. The figures presented include the maximum slenderness cut-off levels as

defined in CSA A23.3-14 Clauses 10.13.2 and 14.1.7.1. Some ambiguity exists within CSA A23.3-14 as to

which slenderness level governs for wall designed using the moment magnifier methods, however they are

both included for comparison.
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Figure 3.11: CSA A23.3-14 chapter 10 slender interaction diagrams for t = 203mm, ρv = 0.15% in 2 layers,
25mm clear cover, and EI = 0.4EcIg.

Figure 3.12: CSA A23.3-14 chapter 10 slender interaction diagrams for t = 203mm, ρv = 0.15% in 2 layers,
25mm clear cover, and EI = 0.2EcIg +AsIst.
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Figure 3.13: Comparison of predicted axial load capacity using CSA A23.3-14 moment magnifier method
and experimentally measured maximum axial load results for bearing walls.

Concrete cylinder strength has been established to play an important role in the behaviour of slender

axially loaded members. It is therefore important to determine if any under estimation of strength using the

moment magnifier method is due to concrete strength. Plots of the theoretical calculated maximum axial

load to test results ratio are again presented, however are plotted versus the measured concrete cylinder

strength. Figures 3.17, 3.15, and 3.19 show the results of this analysis. Again, the three figures presented

represent the two CSA A23.3-14 estimations of flexural stiffness (Equations 3.36 and 3.37), as well as the

ACI 318-14 alternative (Equation 3.38). Specimens are identified where they exceed the minimum CSA

A23.3-14 minimum slenderness limits of h/t = 25 and h/t = 30.

3.4.4.4 Discussion of Results

As shown in Figures 3.14 and 3.15, Equation 3.31 produces estimates of strength which generally match those

of the test results. Several predictions fall below the test results, however the margin of error is small. One

high slenderness test appears to produce the worst case failure, however it occurs at a level of slenderness

which is far outside the allowable range defined by CSA A23.3-14.

Figures 3.16 and 3.17 show the results when Equation 3.30 is used as the estimate for flexural stiffness.

This estimation is the most conservative, and produces over estimations which appear to become increasingly

poor as slenderness is increased.

Figures 3.18 and 3.19 show the analysis results when the alternative ACI 318-14 estimation of flexural

stiffness is applied (Equation 3.38). This method appears to produce results with much lower standard

deviation than the two CSA A23.3-14 methods of flexural stiffness. The lower level of variance appears to

come at the cost of reduced conservatism, as many members’ strengths are over estimated.
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Figure 3.14: Ratio of experimentally recorded maximum axial load to CSA A23.3-14 moment magnifier
predicted axial load capacity vs. member slenderness h/t using flexural stiffness EI = 0.4EcIg.

Figure 3.15: Ratio of experimentally recorded maximum axial load to CSA A23.3-14 moment magnifier
predicted axial load capacity vs. concrete cylinder strength f ′c using flexural stiffness EI = 0.4EcIg.
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Figure 3.16: Ratio of experimentally recorded maximum axial load to CSA A23.3-14 moment magnifier
predicted axial load capacity vs. member slenderness h/t using flexural stiffness EI = 0.2EcIg + EsIst.

Figure 3.17: Ratio of experimentally recorded maximum axial load to CSA A23.3-14 moment magnifier
predicted axial load capacity vs. concrete cylinder strength f ′c using flexural stiffness EI = 0.2EcIg +EsIst.
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Figure 3.18: Ratio of experimentally recorded maximum axial load to CSA A23.3-14 moment magnifier
predicted axial load capacity vs. member slenderness h/t using flexural stiffness from Equation 3.38.

Figure 3.19: Ratio of experimentally recorded maximum axial load to CSA A23.3-14 moment magnifier
predicted axial load capacity vs. concrete cylinder strength f ′c using flexural stiffness from Equation 3.38
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The numerical data presented in Figures 3.14 to 3.19 are included in Appendix B.2. A summary of the

statistical properties of the analysis completed is included in Table 3.3.

Table 3.3: Summary of statistical analysis of moment magnifier method estimation compared with test
results for varying estimates of flexural stiffness (n=111).

Flexural
Stiffness
Estimation

Min. Mean Max.
Std.
Dev.

Number
Failed

% Failed
Mean
Failed

Std.
Dev.

Failed

EI = 0.4EcIg 0.84 1.72 4.29 0.53 4 3.6% 0.92 0.05
EI = 0.2EcIg
+EsIst

1.07 2.72 7.59 1.13 0 0.0% N/A N/A

Equation 3.38 0.58 1.23 2.84 0.32 25 22.5% 0.90 0.09

From this analysis, it appears that Equation 3.36 produces overly conservative estimates of maximum

axial load capacity of lightly reinforced, slender bearing wall elements. On average it produced estimates

which were over 2.5 times lower than observed and estimates varied considerably, with the most conservative

estimate producing an estimate of strength over 7.5 times lower than observed. For a data set this large, it

is expected to observe some under estimates of capacity due to random variations.

Equation 3.37 produced good results with only 4 failures out of 111 specimens observed, resulting in a

failure rate of 3.6%. Of the under estimates of strength observed, the worst case was an over estimation of

axial load capacity of appropriately 20%. While this represents a relatively severe under estimation, it is

of note that the this specimen was extremely slender at h/t = 40 and was made of a fairly high strength

concrete at f ′c ≈ 60MPa. The outstanding 3 failed specimens were of a much more modest level of under

estimated strength in the range of 5-6%, well within the traditional material strength reductions applied by

φc and φs in CSA A23.3-14.

The final estimation of flexural stiffness of Equation 3.38, which is allowed in ACI 318-14, produced

25 failures which made up 22.5% of the test specimens. While at first glance this number appears very

high, it is important to remember that these are nominal estimates of strength and had load and material

resistance factors been applied, the number of over estimates of axial load capacity would have been greatly

reduced. Also of importance is that the 2 worst case over estimates of strength (0.58 and 0.69) were

observed in members with high slenderness (h/t of 40 and 30 respectively). While one the latter specimen

would perhaps be allowable in CSA A23.3-14, it still would have represented a marginal failure had load

and material strength reductions been imposed. The worst case member would not have been allowed by

CSA A23.3-14 at its slenderness ratio without further second-order analysis methods implemented. This

alternative estimate of flexural stiffness appears to provide the most accurate estimate for use with the

moment magnifier, however comes at the cost of reduced conservatism. Given that this method produces

such a small level of variance in its results, it may represent an economical design method for bearing wall

elements and warrants consideration for adoption by CSA A23.3-14. It’s applicability for use in column type

members has been established (Khuntia and Ghosh 2004a; Khuntia and Ghosh 2004b), and it is already in

use for design in ACI 318-14.

In summary, the CSA A23.3-14 moment magnifier method produces estimates of maximum axial load

capacity which appropriately estimate the lower bound of experimental test results from lightly reinforced,

slender, eccentrically loaded bearing wall elements. Flexural stiffness estimated using equation 3.30 tends to

produce more conservative estimates than 3.31, which is as expected due to the small influence on stiffness
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that the reinforcing provides for lightly reinforced elements. The alternative ACI 318-14 estimate of flexural

stiffness has also been shown to produce the most accurate estimates of ultimate axial load capacity for

bearing wall type elements, however comes at the cost of conservatism. Future modifications to Equation

3.38 may result in estimates of bearing wall axial strength which maximize the economy of elements of this

type.

3.5 Comparison of Empirical and Rational Methods

This section presents a comparison of the CSA A23.3-14 rational and empirical design methods for bearing

wall design with test results as presented in previous sections. This is followed by a comparison of the design

methods based on varying parameters used in the CSA A23.3-14 implemented moment magnifier procedure.

The wall member parameters for comparison purposes are a thickness of 203 mm, length of 1218 mm,

concrete cylinder strength of 30 MPa, and a vertical reinforcing ratio of 0.15%, and two layers of reinforcing.

3.5.1 Comparison of Empirical and Rational Methods

To compare the empirical and moment magnifier methods to past test results, the parameters of the rational

method are set to match those assumed in the empirical equation and test set up. As was noted in earlier

sections, the empirical equation assumes the axial load to be applied within the middle third of the section,

resulting in a maximum eccentricity of e = t/6. In addition, the CSA A23.3-14 moment magnifier method

applies a reduction to critical axial load Pc equal to φm = 0.75. To appropriately compare the two design

methods, the critical axial load reduction factor is set as φm = 1.0 since the empirical method does not

include reductions for individual member effects for critical load. Also any reductions to flexural stiffness in

the moment magnifier method due to sustained axial load are neglected. These parameters allow the two

methods and the test results to be compared with little difference to the assumed parameters in each case.

Figure 3.20 shows the plot of each design method when compared with the test results.

It is evident that the rational and empirical methods produce similar estimations of ultimate maximum

axial load for approximately h/t < 24 when Equation 3.31 is used as the estimation for flexural stiffness.

The flexural stiffness estimation in Equation 3.31 has produced what seems to be a more accurate response

when compared with the test results and the empirical equation over much of the domain. This result was

expected as has been discussed, and Equation 3.31 is suggested for use in lightly reinforced bearing walls. In

contrast, applying Equation 3.30 to the moment magnifier method results in a lower estimation of flexural

stiffness, and by extension a lower ultimate axial load once second order effects become a driving factor in

the response of the member.

At high slenderness levels, the moment magnifier method continues to predict axial load carrying capacity,

whereas the empirical method by virtue of it’s formulation reduces axial load capacity to zero. This behaviour

is important to make note of, however in practice the use of such slender members is atypical. For example

CSA A23.3-14 limits the use of the moment magnifier method to klu/r ≤ 100, however wall thickness of

bearing walls is limited to hu/25. So walls are restricted from exceeding an h/t of 25. Interestingly, the

restriction of hu/25 does not take effective length into consideration, which may have a beneficial effect on

the stability of the wall element.

The empirical method and the rational method using Equation 3.31 as the estimate for flexural stiffness

provide good agreement with the lower bound of the test results over the domain of interest. The rational
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Figure 3.20: Comparison of experimentally observed axial load capacities and CSA A23.3-14 Chapter 10
design axial strength procedures.

method with Equation 3.30 applied as the estimate of flexural stiffness is overly conservative when second

order effects are considered. This is as discussed in the previous section.

It is important to note that the rational moment magnifier method relies on several assumptions to

be made and the adjustment of the parameters results in changes to the overall response of the member.

Since the moment magnifier method requires that sustained load effects and full member stability effects be

considered. By varying these parameters individually, the effect of each can be quantified.

First the baseline case which uses the same parameters as presented for the comparison with the test

results is presented in uppermost plot of Figure 3.21. The plot presents the ratio of rational method strength

estimation to the empirical equation with the empirical method providing the datum. The empirical method

and the rational method with Equation 3.31 closely match, with the rational method with Equation 3.30

producing an estimate of strength which is 34.4% lower than the empirical method in the worst case.

Next the effect of sustained load and the buckling member resistance factor on the rational method is

explored. A typical residential building may have a typical ratio of factored sustained axial dead load to

factored total load of βd = 0.6 (MacGregor and Bartlett 2000), however as previously discussed may be as

high as βd = 0.9 for modern residential construction. The member resistance factor reduces the critical load

which increases the moment magnifier effect in general. CSA A23.3-14 specifies the member resistance factor

to be φm = 0.75. The sustained load and buckling resistance factor have the effect of reducing the flexural

stiffness of the member. The central plot of Figure 3.21 shows the effect of sustained load on the rational

method axial load capacity.

The combination of sustained load and buckling resistance factor serves to reduce the maximum axial

load capacity using Equation 3.17 and 3.18 by up to approximately 65.6% and 42.7% respectively. This

shows that the inclusion of sustained load and the buckling resistance factor in the rational method has a
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Figure 3.21: Comparison of CSA A23.3-14 Chapter 10 moment magnifier method and Chapter 14 Eqn. 14-1
empirical predicted maximum axial load capacity.
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significant effect on the maximum load estimate which is not captured by the empirical method.

Up to this point comparisons have been made which represent the two CSA A23.3-14 methods being

applied to a situation where the minimum applied eccentricity is set as equal at e = t/6, however the minimum

eccentricity for each method when applied in CSA A23.3-14 is not equal. The Chapter 14 empirical bearing

wall method employs an assumed maximum eccentricity of t/6, the Chapter 10 rational method requires

that slender members have an end moment of 15mm + 0.03t be applied. Since when using the rational

method for simple bearing wall members it would be illogical to apply a minimum eccentricity greater than

the minimum specified if it was assumed that none existed, a comparison of the two methods at each of their

respective minimum eccentricities is reasonable.

Since the effects of sustained load βd, and member resistance factor φm have a significant effect on the

moment magnifier method in CSA A23.3-14, any comparison made should include the use of both parameters.

The lower plot in Figure 3.21 shows the comparison including the effects of sustained load βd = 0.6 and

member resistance factor φm = 0.75.

When sustained load effects are considered (βd = 0.6), and the buckling member resistance factor (φm =

0.75) is applied, the disparity in maximum axial load estimations is apparent. As shown in the bottom of

Figure 3.21 the moment magnifier produces maximum axial loads up to 30.9% lower when Equation 3.31 is

applied, and 59.8% lower when Equation 3.30 is applied.

From this comparison it is clear that a significant disparity between the rational moment magnifier

method and the empirical equation method is applied in practice in CSA A23.3-14 for bearing walls. A

designer who elects to use one method over the other, may be restricted in the maximum axial load capacity

which is allowed. As shown in the previous section, the moment magnifier method is assumed to produce

good estimates of ultimate axial load when compared with test results, and the empirical method producing

higher estimates would be unsafe. Since the empirical design method has been developed based on short

term testing, its application for long term load applications is dubious, and certainly no apparent effort has

been made for the inclusion of member stability effects.

One caveat to the results shown in Figure 3.21 is that in CSA A23.3-14, untied compression members

with thicknesses less than 300mm are restricted to maximum axial ratios less than 0.75Pro, and for the case

of the 203 mm (8 inch) member used in this example, the axial load is limited to 0.61Pro. The inclusion of

the maximum axial load restriction restricts any gain in apparent strength from the rational method when

compared with the empirical equation to a negligible amount for low slenderness levels. This result is curious

since the assumed eccentricity is different in each case, however the maximum axial load is the roughly equal.

This represents a significant inconsistency between the application of the two design methods.

Clearly the use of the empirical method of analysis is sufficient under the correct circumstances, however

gaps in CSA A23.3-14 present the opportunity for misuse. In the worst case of a bearing wall element carrying

substantial long term dead loads, the disparity between the two methods is severe, with the empirical method

severely over estimating the axial load carrying capacity of the member.

3.6 Simplified Rational Method for Strength of Lightly

Reinforced Bearing Walls

In previous sections the rational method for bearing wall design was presented and contrasted with the

empirical solution based on CSA A23.3-14. Applying the rational moment magnifier method requires devel-

opment of member specific moment-interaction diagrams, and amplifications to applied moments to arrive
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at an allowable maximum axial load capacity. This section presents a simplified special case closed form

solution of the moment magnifier method applied to lightly reinforced bearing wall members. The inputs

to the method are outlined and compared with solutions based on the fully implemented CSA A23.3-14

moment magnifier and empirical methods.

3.6.1 Derivation of CSA A23.3 Moment Magnifier Method for an

Unreinforced Rectangular Cross Section

As previously discussed, the moment magnifier method implemented in CSA A23.3-14 serves to determine

the intersection of a non linear loading trajectory (the magnified moment), and an axial-moment resistance

interaction diagram for a specific member cross section and reinforcing configuration. One major downside

of the method is the complexity of determining a solution, and many steps are required. For simple cross

sections with light reinforcing, this process represents a significant design task. To improve on this a simplified

method such as the empirical method can be used, however as shown in the previous section the empirical

equation is inaccurate in determining the maximum axial load capacity of a reinforced concrete member. An

alternative expression is to derived in the following.

As mentioned, implementing the moment magnifier method depends on the axial-moment interaction

diagram of the member cross section to be determined. Since for many applications, reinforced concrete

bearing walls contain design standard minimum vertical reinforcing, these walls are lightly reinforced. In the

case of CSA A23.3-14, ρv,min = 0.0015Ag. For lightly reinforced cross sections the axial-moment resistance

interaction diagram approaches that of an unreinforced cross section. That is a section which contains no

reinforcing steel and resists applied axial and bending moments entirely through the internal compression

stress block. The axial-moment resistance interaction diagram for an unreinforced rectangular section, using

an equivalent rectangular internal stress block can be shown to be,

Mr =
Prt

2

(
1− Pr

α1f ′ctlw

)
(3.40)

To determine the validity of applying this simplified interaction diagram to the solution of the problem,

a comparison to sections with varying amounts of reinforcing is shown in Figure 3.22 for two layers of

reinforcing, and Figure 3.23 for a single layer at the center of the section.

As shown in Figures 3.22 and 3.23, Equation 3.40 (Shown in red) produces close estimates for lightly

reinforced sections. This is especially true for the single layer reinforced section, which reduces to the un-

reinforced section moment capacity at P/(φcf
′
cAg) ≈ 0.5. The double layer reinforced section produces

increasingly poor estimates of maximum moment capacity as the amount of reinforcing in the section in-

creases. At the CSA A23.3-14 specified applied eccentricities of t/6 and 15+0.03t, the difference in maximum

axial and moment resistances is minimal, especially for low levels of reinforcing. This simple analysis shows

that for low levels of reinforcing, Equation 3.40 is appropriate to estimate the axial-moment interaction

diagram for a slender concrete wall with a rectangular cross section.

To determine a simple expression for maximum axial load capacity for a slender bearing wall member

based on the CSA A23.3-14 moment magnifier method, the simplified axial-moment interaction of Equation

3.40 is equated with the magnified moment load equation,

Mf =
MsCm

1− Pf

φmPcr

(3.41)
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Figure 3.22: Axial load and moment interaction diagrams of lightly reinforced bearing walls for varying ρv
placed in two layers.

Figure 3.23: Axial load and moment interaction diagrams of lightly reinforced bearing walls for varying ρv
placed in one centered layer.
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where the inputs are as described in Section 3.4.2.

By setting Equations 3.40 and 3.41 equal as Mf = Mr and solving for axial load P , the result is a quartic

equation of which one root is the desired solution. By inspection a trivial solution exists at the origin, which

reduces the solution of the remaining roots to a simple quadratic. Solving for the roots and simplifying

results in the following desired root of,

Pr =
A

2
−

√(
A

2

)2

−B
(

1− 2e

t

)
(3.42)

where,

A = φmPcr + α1f
′
cAg

B = φmPcrα1f
′
cAg

This solution represents the maximum axial load capacity Pr of an unreinforced concrete bearing wall,

based on a CSA A23.3-14 Chapter 10 moment magnifier load amplification to account for second order effects.

Next a comparison of the closed form solution to the full CSA A23.3-14 chapter 10 moment magnifier and

Chapter 14 empirical methods is presented.

3.6.2 Comparison of Closed Form Solution and Other Methods

The closed from solution of the A23.3-14 moment magnifier method as presented in Equation 3.42 is used to

solve for a maximum allowable axial load level for a given slenderness h/t, and other A23.3-14 modification

parameters such as φm and βd. For comparison, the closed form method (CSA A23.3-14 Chapter 10 moment

magnifier method with ρv = 0.00) is plotted alongside the results of a CSA A23.3-14 Chapter 10 moment

magnifier method with increasing vertical reinforcing ratios, and also the Chapter 14 Equation 14-1 empirical

curve. To represent typical practice, the comparison uses the following inputs:

t = 203 mm Wall Thickness

lw = 1000 mm Wall Length

f ′c = 30 MPa Specified Compressive Strength of Concrete

fy = 400 MPa Specified Yield Strength of Reinforcement

EI = 0.4EcIg Flexural Stiffness

φm = 0.75 Member Resistance Factor

βd = 0.00 Creep Factor

e = 15 + 0.03t and t/6 Applied Eccentricity

The results of the comparison for applied eccentricity of e = 15 + 0.03t (A23.3 Chapter 10) are shown in

Figures 3.24 and 3.25, and for eccentricity of e = t/6(A23.3 Chapter 14) in Figures 3.26 and 3.27.

Figure 3.24 shows that when Chapter 10 minimum eccentricity is applied to a section with two layers of

reinforcement at each face, the unreinforced section only produces significantly higher allowable axial loads

for reinforcing ratios of ρv ≈ 0.0050. As slenderness is increased, the effect of any reinforcing is significantly

diminished as the maximum axial loads for the reinforced sections approaches the unreinforced case. The

A23.3-14 Chapter 14 Equation 14-1 (Equation 3.12) is shown to compare how the different applied minimum

eccentricities affects the outcome of the analysis. In this case, the Chapter 14 empirical method produces

roughly the same maximum axial load as the Chapter 10 solutions in the range of 15 < h/t < 25, however
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Figure 3.24: Maximum axial load vs. slenderness for lightly reinforced bearing walls using CSA A23.3-14
moment magnifier equations for varying ρv in two layers with eccentricity e = 15 + 0.03t and empirical
equation 14-1.

Figure 3.25: Maximum axial load vs. slenderness for lightly reinforced bearing walls using CSA A23.3-14
moment magnifier equations for varying ρv in one centered layer with eccentricity e = 15+0.03t and empirical
equation 14-1.
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the Chapter 14 equation assumes a higher level of eccentricity of e = t/6. This result does not agree with

experimental results and is discussed in previous sections of this thesis.

Figure 3.25 again shows the results as presented previously, however for a section with a single layer of

reinforcing centred in the wall. The result is similar to the double layer reinforcing results, however the

effect of reinforcing is diminished even further, especially for slenderness values in the 15 to 20 range. This

is explained by the neutral bending axis of the wall and the reinforcing occurring close to the same depth

within the cross section and the strains induced in the reinforcing being small as a result. This analysis

shows that the configuration of the reinforcing is important to the behaviour of the member, and that a

centrally placed wall reinforcing provides little or no added resistance to a member of a certain slenderness.

Figures 3.26 and 3.27 show the maximum axial load to slenderness curves for walls subjected to a

minimum eccentricity of e = t/6 as is assumed for the empirical method of design. As can been seen for both

double and single layer reinforcing, the effect of added minimum reinforcing to the cross section provide a

minimal strength increase. In the case of a single layer with height to thickness of approximately 10 to 20,

the reinforcing has essentially no effect. Again this is due to the location of neutral axis at the failure state

coinciding closely to the location of the reinforcing.

Figures 3.24 to 3.27 validate that the simplified moment magnifier method derived in Equation 3.42

is appropriate for use in lightly reinforced members and provides a significant reduction to the amount of

effort input for the accurate design of a slender reinforced concrete wall member. The method also has the

advantage of the inclusion of sustained loading and individual member buckling reductions.

3.7 Conclusion

3.7.1 Empirical Bearing Wall Design in CSA A23.3-14

3.7.1.1 General Comments

Empirical bearing wall design by the CSA A23.3-14 method has been established to be a generally useful

tool for estimating short term, monotonic axial load capacity of lightly reinforced, and modestly slender wall

members (ρv ≈ 0.002 and h/t ≤ 25). This has been establish through comparison of analysis estimates to

multiple past experimental studies of wall elements loaded within the middle third of their cross section.

The term “empirical” has been shown by Bartlett, Loov, and Allen (2002) to somewhat of a misnomer.

While the empirical design equation has been established based on the results of experimental studies, the

behaviour is not simply a best fit to available data. The method has is rooted in well established principles of

structural mechanics. While this feature adds to its credibility for use as a design and analysis tool, it does

not come without its shortcomings which include the absence of sustained load effects, high strength concrete

strength reductions, no member buckling factor applied, and little experimental validation of effective length

factors.

3.7.1.2 Sustained Load Effects

Perhaps the most significant drawback of the CSA A23.3-14 empirical bearing wall design method, is the

omission of sustained load effects. The well known and widely studied effects which sustained loading has

on reinforced concrete members is an essential consideration in the design of any concrete structure which

is intended to perform suitably beyond a short period of time. Over time as sustained loads are imparted,
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Figure 3.26: Maximum axial load vs. slenderness for lightly reinforced bearing walls using CSA A23.3-14
moment magnifier equations for varying ρv in two layers with eccentricity e = t/6 and empirical equation
14-1.

Figure 3.27: Maximum axial load vs. slenderness for lightly reinforced bearing walls using CSA A23.3-14
moment magnifier equations for varying ρv in one centered layer with eccentricity e = t/6 and empirical
equation 14-1.
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permanent deformations increase which have a significant effect on the response of a reinforced concrete

member.

By comparing the empirical design method with another well established method of analysis, the moment

magnifier method, it was shown that the empirical method may produce estimations of axial load which can

be in the range of 150% to 250% higher than those estimated by the moment magnifier method under the

same conditions. This is shown in Figure 3.20.

The effect of sustained loads is of particular concern in members with high ratios of dead to total loads

βd. Mid and high rise residential buildings may have sustained load ratios βd as high as 0.90 in many cases.

This is due in part to the use of live load reductions based on floor area carried by a member, and also the

relatively low design live loads of residential structures when compared with structure self weight.

As such, the use of the empirical design method in CSA A23.3-14 Equation 14-1 (Equation 3.12 in this

thesis), is not recommended for use in elements which are expected to be affected in any way by sustained

loads. The disparity between estimated design axial loads when using the two design methods in CSA

A23.3-14 is identified as an area of future improvement, as it creates the opportunity for unsafe designs, and

provides little incentive for a designer to apply a more rigorous design solution, as the moment magnifier

would ultimately result in a lower design capacity under most conditions.

3.7.1.3 Higher Strength Concrete

As was shown in Figure 3.7, as concrete cylinder strengths increase above f ′c ≈ 40MPa, a reduction in

normalized axial load capacity occurs. This effect has been documented in previous studies (Fragomeni

1995; Doh and Fragomeni 2005), and is unaccounted for in CSA A23.3-14. In the worst case CSA A23.3-14

allowable scenario (h/t ≤ 25), a member’s capacity was over estimated by approximately 20%. Given the

small sample size of members with f ′c > 40MPa (n = 17), the failure rate of 35% for members in this category

is of particular concern. Given that the CSA A23.3-14 does not account for this reduction in estimated axial

load capacity, its use for concrete strength of f ′c > 40MPa is not recommended.

3.7.1.4 Member Buckling Factor

The moment magnifier method, which has been established in thesis to provide acceptable results of axial

load estimation, employs the use of the critical buckling load, or Euler buckling load in is estimate of second-

order effects. There is an inherent uncertainty in the level of critical buckling load due to the estimates

of flexural stiffness and concrete strength. To account for the potential of a reduced critical axial load, a

member buckling factor φm = 0.75 is employed. This factor has the effect of reducing the axial load capacity

of a slender member analysed using the moment magnifier method. The empirical method of design in CSA

A23.3-14 does not have an equivalent analogue for which full member effects are quantified.

It was shown in the uppermost plot of Figure 3.20 that the empirical method closely approximates the

moment magnifier when a critical buckling factor of φm = 1.0 is applied. Since this would not be the case in

practice, this results in yet another avenue of strength over estimation when the empirical method is applied.

For this reason it is suggested that the empirical method is recalibrated to better fit with the results of the

moment magnifier method when a member buckling factor of φm = 0.75 is applied.
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3.7.1.5 Effective Length Factor

No studies have been found which investigate the influence of effective length K on the capacity of axially

loaded bearing wall elements. Elements with larger cross sectional dimensions such as typical columns are

expected to provide significant end restraint when cast in place, resulting in a reduced effective length. Since

bearing wall elements have by definition an elongated profile, their ability to restrict end rotations about the

weak axis may be impacted. One aggravating factor to this may be cycling of loads through seismic actions.

In addition, no tests have been identified which validate the effective length factors applied to bearing wall

elements undergoing weak axis bending.

In practice, Equation 3.12 is applied in many cases with K = 0.8, assuming the ends are fixed against

rotations, however the level of restraint provided by connection of a thin wall element to a thin slab element

is questionable. Since the reduction of effective length represents a significant increase in axial load capacity

in some cases, caution is advised when applying effective length factors when thin elements are connected.

3.7.1.6 Use of the Empirical Method in Moderate Seismic Assessments

Given the inherent uncertainty in the seismic response estimation of a concrete structure when compared

with estimates of sectional and member strength, the use of Equation 3.12 in estimating the axial load

capacity of a bearing wall element warrants some consideration. Even though the empirical equation has

been shown to provide poor estimations of axial load capacity in some cases, when short term uniaxial loads

are applied it can produce reasonable estimates of member capacity when small out-of-plane eccentricities

are present.

When tasked with performing a seismic assessment of an existing structure, often with little or uncertain

information, and few resources provided, quick an simple estimates of member capacity are in high demand.

While the empirical method as it is employed for design of new members in CSA A23.3-14 is less than an ideal

tool, it does have the advantage of being both somewhat accurate for short term loading, and is extremely

simple and fast to employ. As a tool for mid level seismic estimations, where uncertainty is inherently high

and economic resources are low, the empirical method can provide valuable insight into the behaviour of

bearing wall elements under uniaxial seismically induced loading.

3.7.2 Rational Method of Design in CSA A23.3-14

3.7.2.1 General Comments

The moment magnifier method of slender compression member design in CSA A23.3-14 provides a rational

method to estimate second-order effects without the use advanced analysis tools. It also has the advantage of

being able to produce slender interaction diagrams such as shown in Figures 3.11 and 3.12. These diagrams

provide a useful tool for preliminary and detailed designs when time or budget constraints apply.

Estimations of axial load capacity using the moment magnifier method have been shown to generally

produce good estimations of axial load capacity, however depending on the assumptions made may produce

overly conservative results. The method was validated against 111 test specimens or various slenderness,

concrete strength, and levels of reinforcing. The results of this analysis are as shown in Figure 3.14 to 3.19.
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3.7.2.2 Effective Flexural Stiffness

One of the main factors affecting the estimation of axially loaded members using the moment magnifier

method is the estimate of flexural stiffness used in the analysis. Deflections along the length of the member

are determined according to an equivalent flexural stiffness which encapsulates the varied response of the

actual member.

Three estimate of flexural stiffness were investigated Equations 3.36 and 3.37 which are employed by

CSA A23.3-14, and Equation 3.38 which is an alternative allowed by ACI 318-14.

Equation 3.36 was shown to provide a conservative estimate of strength, however was certainly overly

conservative in many cases, especially at higher slenderness levels. Equation 3.37 produced good results

across the range of slenderness, however some over estimates of axial load capacity were observed, yet the

worst case was for an extremely slender member h/t = 40 which would not qualify to be designed using this

method under provisions of CSA A23.3-14. The final alternative Equation 3.38 produced the best results

based on overall member behaviour, however produced somewhat unconservative estimates in some cases,

particularly for higher slenderness levels.

As a result of this analysis, Equation 3.36 is not recommended for use for lightly reinforced slender bearing

wall elements, as it produces an overly conservative estimate of capacity which results in an unwarranted

and inefficient use of resources. Equation 3.37 is recommended for use in typical members of this type, and

has been shown to produce reasonable estimates of axial load capacity without producing overly conservative

results. The alternative Equation 3.38 does provide an excellent overall prediction of member behaviour,

with the lowest observed variance of the the three methods. However its use is not recommended at this

time, as it is uncertain if the level of failure produces an acceptable level of risk when applied to a much

larger number of members.

3.7.2.3 Sustained Load Effects

As was noted for empirical method of axial load estimation, sustained load effects result in significant effects

on the behaviour of slender bearing wall elements. Levels of sustained load to total load in residential high

rise construction can be upwards of 90% and the effects are not insignificant. The moment magnifier method

approach reduces the effective flexural stiffness to account for sustained loading effects, however the lack of

experimental data to confirm this behaviour creates some uncertainty. Since few or no axial load failures of

members under sustained loads have been observed in practice, it is cautiously assumed that the method is

at least satisfactory, if not conservative. More investigation into this phenomenon may produce more refined

methods of sustained load effect quantification, however for now it would seem there is little risk in it’s

application within the CSA A23.3-14 moment magnifier method.

3.7.2.4 Maximum Slenderness

One curious result of this research is the ambiguity between the CSA A23.3-14 Clause 10.13.2 and Clause

14.1.7.1 maximum slenderness limits. Chapter 14 indicates a maximum slenderness of h/t > 25, however

directs the user to the provisions of Chapter 10 for the detailed design of the element, which specifies a

maximum slenderness ratio of 100, or h/t = 30 for a rectangular cross sections. No guidance is provided as to

which provision governs, and a prudent user would perhaps err on the side of conservatism. However, coherent

interpretation of standards and codes is important for uniform application of the provisions within. Better

guidance on slenderness limits for members and when those limits apply may reduce user misapplication.
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3.7.3 Simplified Rational Member Design Equation

A simplified equation to determine the maximum axial load capacity of a lightly reinforced concrete wall

member derived from the axial-moment interaction of an unreinforced member, and the magnified moment

using the moment magnifier method is presented as Equation 3.42. This new equation provides a significantly

improved method of member design based on a well established design approach. It was shown that the

equation is valid for lightly reinforced members with little or no loss to the maximum axial load capacity, since

light reinforcing provides little strength gain to the member. An addition to the reduced effort and increased

accuracy of Equation 3.42 when compared to the full moment magnifier method and the empirical equation,

no loss of sustained loading effect or reduced member buckling capacity as implemented in CSA A23.3-14 is

present. The newly derived equation represents a significant improvement to the empirical equation which

this thesis has confirmed can produce unconservative and unreliable estimates of maximum axial load.

65



Chapter 4

Thin Lightly-Reinforced Shear Walls

4.1 Introduction

As discussed earlier in this thesis, thin and lightly-reinforced concrete walls have, in some cases, exhibited

poor behaviour when subject to in-plane lateral displacement demands due to seismic forces. A selection

of these elements have shown to fail in a brittle compression dominated mode, even under relatively low

axial loads. In some cases the compression failures modes are accompanied by out of plane buckling of the

compression zone, buckling of reinforcing, fracture of reinforcing, or a combination of all of these modes. To

better understand the behaviour of thin and lightly-reinforced shear walls, this chapter presents a study on

the effect of induced in-plane lateral displacements on flexural dominated wall elements. To this aim, this

chapter is divided into three main sections.

The first section presents the results and analysis on a sample of test walls extracted from a database

generously provided by researchers at the University of California, Los Angeles. These test results are used to

identify tests on thin and lightly reinforced wall elements and provide insight to the factors which affect their

drift capacity. A small study of several typically significant factors affecting the response of walls including

axial load, shear span, shear stress, slenderness, and depth of compression is presented. The results of the

database analysis and the study of their parameters affecting drift capacity is then applied to an existing

empirical model to predict drift capacity of walls generally. Finally, a new empirical model of drift capacity

is presented to predict the drift capacity of thin and lightly-reinforced shear walls based on some basic

parameters.

Using the results of the ULCA database analysis, several tests are identified to have particularly low levels

of overall drift capacity. Included in this group of tests are a series of walls tested at École Polytechnique

Fédérale de Lausanne (EPFL). The researchers involved in this series of tests, which focuses on the out

of-plane behaviour of thin walls, did an excellent job documenting and recording their data for public use.

Using the results of these well instrumented tests, a study of the walls is performed to assess many elements

of their response to lateral loading. The study includes analysis of the load-deformation response, failure

modes, vertical strains, shear strains, and curvatures of the test walls.

After presenting and discussing the results of the EPFL tests in the context of this study, non linear

finite element (NLFE) models of a selection of the test members is performed. The results of test walls is

used to validate and calibrate the NLFE models. The NLFE models are then used in the development of

plastic hinge and shear strain models for thin and lightly-reinforced walls. A plastic hinge models based on

distributions linearly varying inelastic curvatures is validated. In addition a model used to estimate shear

strains based on average vertical strains is validated for use in elements of the type used in the EPFL tests.

This chapter serves as a resource for the identification and discussion of many of the characteristics which

have been proposed to affect thin and lightly-reinforced shear walls subject to seismic in-plane lateral loads.
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4.2 UCLA RCWalls Database

4.2.1 Background

Test programs for many reinforced concrete elements have been completed at a wide variety of research

institutions, with their results presented in the literature with varying degrees of completeness, often with

important information missing. These published test results form the body of knowledge which is the

basis for understanding the intricacies of reinforced concrete behaviour. Traditionally, the results of test

programs are held in periodicals with comparisons between various studies completed as the requirements of

an individual researcher’s needs dictate. A distinct downside of single study results being held in isolation,

is the dissemination of test outcomes to other researchers is very limited.

In an attempt further understanding of reinforced concrete structural walls subjected to lateral defor-

mations, researchers at UCLA have developed the ULCA-RCWalls Database (Abdullah and Wallace 2018;

Abdullah and Wallace 2019). The database contains the detailed results of over 1000 wall specimens, and

is able to be searched and filtered to easily gain access to the results of many tests previously only available

through meticulous scouring of numerous sources.

On the topic of thin and lightly reinforced shear walls, many studies have been completed with a variety

of research outcomes in mind. The ultimate goal of this study is to develop models to accurately assess the

deformation capacity of this class of wall, along with various other ancillary conclusions along the way. With

this aim in mind, it is necessary to identify which test results can be used to provide productive insight. The

ULCA researchers have graciously allowed the use of the RCWalls Database to analyse the results of many

more test results than would have been possible by the traditional method. The results of this database

analysis are used to draw conclusions on the most important parameters affecting deformation capacity of

thin and lightly reinforced shear walls. In addition, the results of the database analysis are used to select

candidate test specimens identified as important for further study.

4.2.2 Database Query Parameters

For this study, walls will be filtered from the UCLA Database to create a subset of test specimen results

which have properties typical of “thin” members. With this aim in mind, the subset of data to be used in

this analysis was filtered according to the following criteria:

1. Main element thickness t < 200 mm

2. Axial load ratio P
f ′
cAg

> 0.03

3. Cross section aspect ratio lw/t > 6

4. Flexural failure modes only

5. Quasi-static, cyclic loading programs

6. No boundary zone confining reinforcement

From the criteria set above, 42 individual test specimens were identified in the database. The detailed

database results as extracted are shown in Appendix C.1.

The database results contain three main data groups. The first is the test specimens and setup informa-

tion, including the specimen geometry, material properties, loading protocol, and reinforcing configuration.
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The second is the results of the tests as described in the published materials, for example the backbone

curves, damage details, and failure modes. The final grouping of data is analytical results which are derived

from the test results, such as the depth of the neutral axis, flexural strength, and curvature.

The parameters of interest in this study have been identified as:

• Axial load ratio, P
f ′
cAg

• Shear span ratio, M
V lw

• Shear stress ratio, Vmax

Av

√
f ′
c

• Cross section slenderness, lw
t

• Compression zone slenderness, c
t

• Test panel aspect ratio, hw

lw

• Top drift capacity, ∆max

hw

For this study, the definition of top drift capacity is based on the values presented in the UCLA Database.

The database defines two cases of maximum observed top displacement, ∆max. The first is for specimens

which have been tested to the full height of their shear span, M/V lw, which is simply the displacement at

the top of the test specimen. The second definition applies to test specimens which are set up in a way to

have a shear height which is greater than the test specimen height. This effect is achieved by applying an

additional top moment to the test specimen. In this case the UCLA Database makes a prediction of the top

drift based on the recorded drift at the top of the specimen, increased to reflect the member rotation at the

top of the specimen and the additional flexural displacements present above the top, up to the theoretical

shear height. The ULCA Database curators use the recorded material and geometric properties to make an

estimate of the flexural stiffness of the test specimen.

Figure 4.1 shows the histograms of number of specimens with respect to each parameter. Typically, there

is a good number of samples representing a wide range of parameter results. Some notable exceptions are:

axial load ratios in the 15% to 25% range, shear stress ratios less than 0.10 (MPa), cross section slenderness

between 12.5 and 15.0, and compression zone slenderness of greater than 4. The samples sizes available are

expected to provide good estimates to determine the general trend of parameters which influence the drift

capacity of the test specimens.

The range of axial loads as shown in Figure 4.2 represent a wide range of potential load levels. The gap

in data between 15% and 25% isn’t expected to lower the quality of results, as the lower number of samples

is bounded by many higher and lower results. Since increased axial load leads to compression dominated

failures for members with combined axial and moment loads, it is expected that this parameter serves as a

good indicator of member drift capacity.

The range of shear span ratios represented in the data set is shown in Figure 4.3. Members with lower

shear span ratios begin to exhibit begin to exhibit shear dominated responses through the formation of

compression struts, and tension ties. Members with higher shear span ratios are expected to behave in a

flexural dominated mode. The members with responses defined by flexure are expected to have higher drift

capacities owing to the larger deformations typically possible through flexural deformations.
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(a) Axial Load Ratio, Pu
f ′
cAg

(b) Shear Span Ratio, M
V lw

(c) Shear Stress Ratio, Vmax

Av

√
f ′
c

[MPa] (d) Cross Section Slenderness, lw
t

(e) Compression Zone Slenderness, c
t (f) Top Drift Capacity,

∆top

hw

Figure 4.1: Histograms of selective parameters and results from UCLA wall database result query.
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4.2.3 Detailed Analysis of Selective Test Results

Figures 4.2 to 4.7 present the results of the UCLA RCWalls Database query for the various parameters of

interest. All results are plotted with respect to the maximum drift based on the actual or theoretical shear

height as discussed in the previous section.

Figure 4.2 presents the influence of axial load on the selected test results. It appears that the general

trend is for the axial load to have little effect on global drift capacity, however the maximum attainable

drift may be reduced as axial loads increase. The maximum levels recorded clearly decline as axial loads are

increased, however the presence of many lower recorded drifts tends to weaken the effect of axial load for

the entire dataset.
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Figure 4.2: UCLA database maximum drift capacity at shear height vs. axial load ratio P/(f ′cAg).

Figure 4.3 presents the influence of shear span ratio for the database query. As shear span is increased,

there is a strong upwards trend in displacement capacity. This effect is generally as expected, since as

shear span increases, the wall’s flexural response becomes dominant over it’s shear response, leading to large

displacements.

Figure 4.4 presents the influence of shear stress on the global drift capacity of the member. Since shear

forces serve to increase demand on the vertical reinforcing in reinforced concrete member undergoing flexure,

it is expected that the level of applied shear will generally serve to decrease ultimate displacements. This

appears to hold true for the ULCA Database query walls, however the effect is scattered and only offers a

weak downward trend as shear stress is increased.

Figure 4.5 presents the influence of cross section slenderness on the global drift capacity. It is evident

that as a member is elongated with respect to its thickness, it’s maximum global drift is reduced. This

effect is as expected, since as the length of the member is increased, the internal moment gradient at a

section is decreased, which tends leads to compression zones which are distributed farther into the section
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Figure 4.3: UCLA database maximum drift capacity at shear height vs. shear span ratio M/V lw.
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Figure 4.4: UCLA database maximum drift capacity at shear height vs. shear stress ratio Vmax/Av
√
f ′c with

f ′c in MPa.
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longitudinally.
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Figure 4.5: UCLA database maximum drift capacity at shear height vs. cross section slenderness lw/t.

Figure 4.6 presents the influence of the compression zone slenderness on the global drift capacity of the

member. As shown, when the compression zone length to thickness ratio increases, the is a well defined

corresponding drop in global drift capacity. This effect has been observed in other studies, and is generally

as expected (Abdullah and Wallace 2019).

Figure 4.7 shows there is little influence of the specimen height to length ratio on the global drift capacity

of the member. This may be in part due to the variety of test set ups which are included in the database

results.

4.2.4 Simple Empirical Models from Subset of UCLA Wall Database

This section presents several models to predict the global drift capacity of a thin and lightly reinforced wall

member, based on the member geometry, and the distribution of internal and external forces. The first

model discussed is one proposed by Abdullah and Wallace 2019, the second is the Abdullah model modified

to fit the ULCA database of this study, and the final is an original proposed model based on the analysis

results of the UCLA database from the previous section.

4.2.4.1 Abdullah and Wallace 2019 Model of Maximum Drift Capacity

A study by Abdullah and Wallace 2019 has proposed that for walls with special boundary elements which

adhere to the requirements of ACI 318-14 special structural walls, the drift capacity is primarily a function

of neutral axis depth to compression zone width, c/t, wall length to compression zone width, lw/t, and shear
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Figure 4.6: UCLA database maximum drift capacity at shear height vs. compression zone slenderness c/t,
including linear trend.
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Figure 4.7: UCLA database maximum drift capacity at shear height vs. specimen height to length aspect
ratio hw/lw.
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stress ratio, Vmax/(Av
√
f ′c). Their research presents the proposed linear relationship,

δc
hw

(%) = 3.85− λ

α
− vmax

0.83
√
f ′c

(4.1)

where δc/hw is the maximum global drift capacity, λ is the parameter clw/t
2, and vmax is the maximum

applied shear stress Vmax/Av. The parameter α is based on the configuration of boundary reinforcing and

is 60 when overlapping hoops are used, and 45 when a single hoop with supplemental cross ties is used. The

first term of the proposed model is mean maximum drift capacity based on a best fit linear relation between

observed maximum global drift capacity and slenderness parameter λ. The model was shown to have good

success in predicting the global drift capacity of the type of walls which were the focus of the study.

4.2.4.2 Proposed Modified Abdullah and Wallace 2019 Model of Maximum Drift Capacity

Adjustments can be made to Abdullah’s linear model to apply it to the wall specimen dataset of this study.

The first term is changed to reflect the maximum mean drift capacity for a linear model of maximum drift

capacity versus slenderness parameter, λ. As shown in Figure 4.8 is 2.08. Also from the same figure, the

reduction in drift capacity is simply the slope of the linear best fit, equal to 1/60.
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Figure 4.8: UCLA database maximum drift capacity at shear height vs. specimen slenderness parameter
λ = clw/t

2, including linear trend.

Next, the parameter for shear stress is to be determined. Specimen shear stresses lower than 0.25vmax/
√
f ′c

are taken as the low stress bin, and those above the higher stress bin. The results of the two specimen results

binned by high and low shear stress are shown in Figure 4.9. As shown, the average drop associated to an

increase in shear stress is approximately 0.65%. It is noted that unlike was observed for the specimens

studied by Abdullah, the specimens included here do not exhibit the same rate of drift capacity change
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for each shear stress bin. Since the application of the Abdullah model to the dataset in this study is for

illustrative purposes only, the effect is ignored. The average quantification of the effect of shear for this

model is determined to be vmax/0.60
√
f ′c.
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Figure 4.9: UCLA database maximum drift capacity at shear height vs. specimen slenderness parameter
λ = clw/t

2 including linear best fit trends, binned by shear stress ratios lower and greater than 0.25vmax/
√
f ′c.

The resulting modified Abdullah model is taken as,

δc
hw

(%) = 2.08− λ

75
− vmax

0.60
√
f ′c

(4.2)

This model as applied to the dataset of thin and lightly reinforced walls in this study results in a mean value

of predicted to experimental maximum drift capacity at shear height of 0.70 with a variance of 0.26. The

predicted versus experimental results are shown in Figure 4.10. It is clear that the Abdullah model approach

is overly conservative over a wide range, and the adjustment terms result in negative predictions for some

specimens.

4.2.4.3 Proposed Empirical Model of Maximum Drift Capacity for Thin and Lightly

Reinforced Walls

An observation of the effect of shear stress on drift capacity which was ignored for the model is that members

with very high slenderness parameters, the effect of shear appears to have diminishing effects. In addition,

unlike the set of walls applied to the Abdullah tests, the thin and lightly reinforced wall drift capacity is

less strongly correlated to cross section slenderness, lw/t, as shown in Figure 4.5. By plotting the specimen

cross section slenderness against the compression zone slenderness (Figure 4.11), it is shown that members

with slender compression zones typically also have slender cross sections. This effect is explained by the
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Figure 4.10: Abdullah model predicted vs. experimentally observed maximum drift capacity at shear height.

compression zone depth at maximum being in effect a function of the length of the wall. With this in mind it

is natural to attempt predictions based on compression zone slenderness alone, as its relation to drift capacity

appears to be better suited than the slenderness parameter, λ, or the cross section slenderness alone, lw/t.

As discussed, Abdullah’s study found that the maximum level of drift is sensitive to the shear stress

present in the wall. By separating the UCLA database results into groups of specimens with recorded shear

stresses less than and greater than 0.25vmax/
√
f ′c, any effect on the base linear relation between drift capacity

and compression zone slenderness is observed. The results of this analysis are shown in Figure 4.12. For the

thin and lightly reinforced walls included in this study, increasing shear stress appears to have little, if any

overall effect on the maximum drift capacity at the shear height of the specimen. As such, shear effects are

omitted from the model to be developed.

As shown in Figure 4.3, increasing shear span ratio may play a role in improving the maximum drift

capacity of members of this type. To determine the effect of shear span ratio on the proposed model, the

UCLA database results are separated into bins of shear spans less than and greater than 2.0. Shown in

Figure 4.13, the shear span ratio has a distinct influence on the test data. An increase of avergae shear

span ratio of 1.50 to 2.82 results in a corresponding increase to maximum drift capacity at the shear height

of approximately 0.43%, as is evidenced by the offset of linear relationships. To quantify this effect in the

model, a linear relation between the two average values is developed and added to the initial linear relation

as was shown in Figure 4.6.

The basic linear model taken from the relationship between maximum drift capacity at shear height and

compression zone slenderness, as shown in Figure 4.6 is determined to be,

δ

hw
(%) = 2.85− c

1.92t
(4.3)
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Figure 4.11: Comparison of UCLA database wall cross section slenderness lw/t vs. compression zone slen-
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Figure 4.13: UCLA database maximum drift at shear height vs. compression zone slenderness c/t, divided
into groups of shear span ratio, M/V lw greater than and less than 2.0.

The accompanying model of shear span ratio with respect to the linear model of compression zone slenderness

versus maximum drift capacity is determined to be,

∆
δ

hw
(%) =

M

3.05V lw
− 0.71 (4.4)

By combining the two models, the resulting proposed linear model to predict the maximum drift capacity

at the shear height δ/hw with respect to the compression zone slenderness, c/t, and the shear span ratio,

M/V lw is,
δc
hw

(%) = 2.14 +
M

3.05V lw
− c

1.92t
(4.5)

Applying the proposed linear model to the walls in the test database results in a mean predicted maximum

drift capacity versus experimentally observed maximum drift capacity of 1.02, with a variation of 0.04. The

predicted results are shown plotted against the observed results in Figure 4.14. This comparison shows that

the model produces acceptable estimates of the maximum drift capacity at the shear height for thin and

lightly reinforced shear walls.

4.2.4.4 Selection of UCLA Database Wall Specimens for Further Study

From the UCLA RCWalls database analysis and the proposed model which was developed in the previous

section, several test specimens are identified for further analysis. The walls with the lowest observed drift

capacities (less than 1.0%) are the results of three test programs. These tests are identified in Figure 4.15.

In addition to the low observed drift capacities, the proposed model predicted maximum drift at the shear
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Figure 4.14: Comparison of proposed model predicted vs. experimentally observed maximum drift capacity
at shear height.

height for these members was higher than observed for 6 out of 8 of them, with an average of a 10%, and as

high as 47% over prediction.

Of the tests identified the studies by Tomazevic 1995, and Ho 2006, provide few details regarding the

observed low drift capacities. In addition these studies provide little test data to perform supplementary

analysis. In contrast the study performed by Almeida et al. 2017 at École Polytechnique Fédérale de

Lausanne (EPFL), provides the full data set for 5 heavily instrumented test specimens. Of these specimens

there are two pairs of complimentary walls, with varying thickness, reinforcing configurations, and loading

configurations. These four test specimens are of interest to this study, and offer an excellent opportunity to

further explore the topic of thin and lightly reinforced compression dominated concrete walls subjected to

in-plane and out-of-plane demands.

4.3 Walls Tested at École Polytechnique Fédérale de Lausanne

(EPFL)

4.3.1 Summary of Experimental Program at EPFL

4.3.1.1 Testing Approach

The EPFL test program was devised to study out-of-plane and lap splice failure modes. The wall specimens

were proportioned to represent designs typical to lost cost Columbian mid and high rise residential buildings

(TW1 and TW4), and Swiss construction practices prevalent in the 1950s to 1970s (TW2, TW3, and TW5).

Wall specimen TW3 which focused on lap splice failure is outside the scope of this study and further
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Figure 4.15: UCLA database tests with observed maximum drift capacities at the shear height of less than
1.0%.

description of this specimen will be omitted. The test walls were proportioned to be rectangular with a

small flange at one end. Detailed descriptions of the test specimens is included in a subsequent section.

The EPFL test program included two loading configurations, both quasi-static cyclic tests. The first set

of tests (TW1, TW2) imposed the specimens to in-plane deformations only to determine baseline results,

and the second set of tests (TW4, TW5) included both in-plane and out-of-plane imposed deformations.

The test walls were constructed and loaded in such a way as to represent the lower portion of the wall only,

with actuators at the top of the walls imposing additional axial forces, and bending moments to simulate a

distribution of forces which would be present in a taller specimen. A diagram of the test set up is shown

in Figure 4.16. A detailed description of the test set up and loading program is included in a subsequent

section.

Since the main goal of the EPFL testing program was to determine out-of-plane behaviour of the test

walls, the specimens were heavily instrumented. Strains at the ends of the wall specimens were measured

with conventional linearly variable displacement transducers (LVDTs). The LVDT data was supplemented

with an optical triangulation system which used a camera system to track an array of LED sensors located on

one side of the test specimens. In addition, a digital image correlation (DIC) system was applied to the face

opposite to the LED optical triangulation system. The DIC system uses cameras to track the movements of a

specially applied speckle pattern on the face of the wall. A more detailed description of the instrumentation

used in this study is included in a subsequent section.

The results of the EPFL tests have been used to validate models of out-of-plane displacements of wall

elements due to residual tension strains which develop through cyclic loading (Rosso, Almeida, and Beyer

2016). The analysis of the EPFL tests by Rosso focused on models of the out-of-plane deformations present
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Figure 4.16: EPFL test wall setup (adapted from (Almeida et al. 2017)).

in thin members, and found that imposed out-of-plane displacements at the top of the wall had a significant

effect on observed out-of-plane instability of the wall boundary elements.

The availability of the very detailed EPFL test data as provided by Almeida et al. 2017 offers further

opportunity to study the behaviour of these test specimens. As the study on drift capacity using the results

of the UCLA RCWalls database has indicated, the EPFL test specimens represent excellent candidates for

further investigation. Since the work of previous researchers has focused on the localized effects observed in

the tests, this study will aim to garner insight on the global behaviour of these slender and lightly reinforced

walls.

4.3.1.2 Description of Test Specimens

Two wall types were developed for the EPFL tests. Walls TW1 and TW4 represent one pair of matching

specimens, and TW2 and TW5 present the other matching pair. All walls were 2000 mm in height and 2700

mm in length. Table 4.1 lists the geometric and reinforcing parameters of the four specimens of interest.

TW1 and TW4 Walls TW1 and TW4 represent the more slender of the two types, with a thickness of

80 mm, and a 440 mm wide and 80 mm thick flange at one end. The vertical reinforcing was a single layer

of 6 mm bars spaced at 240 mm, with 3 additional 16 mm bars at each end, spaced at 100 mm. The 6 mm

vertical reinforcing was lap spliced at the base with a 350 mm length, and the extra 16 mm vertical bars

were fully developed into the top and bottom supports. The horizontal reinforcing consisted of 6 mm bars

placed in a single layer spaced at 200 mm. The material properties of walls TW1 and TW4 are as shown in

Table 4.1.
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Table 4.1: Summary of EPFL test specimen geometric and concrete material properties.

Property Units Test Specimen
Geometry and Loading TW1 TW4 TW2 TW5

Clear Height mm 2000 2000
Length mm 2700 2700
Thickness mm 80 120
Shear Span mm 10,029 3150 7350
Shear Span Ratio 3.70 1.17 2.72
Axial Load Ratio 4.3% 3.3% 3.2% 4.8%
Loading Configuration (In-Plane/Out-of-Plane) IP OOP IP OOP

Vertical Reinforcing Content

Web Vertical Reinforcing Diameter mm 6 6
Boundary Vertical Reinforcing Diameter mm 16 6
Total Vertical Reinforcing Ratio 0.67% 0.51%
Web Vertical Reinforcing Ratio 0.15% 0.49%
Web Boundary Vertical Reinforcing Ratio 2.63% 0.50%
Flange Boundary Vertical Reinforcing Ratio 0.98% 0.64%

Horizontal Reinforcing Content

Horizontal Reinforcing Diameter mm 6 6
Horizontal Reinforcing Ratio 0.18% 0.36%

Concrete Material Properties

Concrete Cylinder Strength MPa 28.8 31.2 50.7 33.6
Concrete Tensile Strength MPa 2.2 1.5 2.1 1.7
Concrete Initial Tangent Modulus of Elasticity MPa 25,300 29,200 31,800 31,700

Table 4.2: Summary of EPFL test specimen reinforcing material properties.

Property Units Test Specimen
6 mm Reinforcing TW1 TW4 TW2 TW5

Yield Strength MPa 460
Strength at Onset of Hardening MPa No Yield Plateau
Ultimate Strength MPa 625
Yield Strain mm/m 2.5
Strain at Onset of Hardening mm/m No Yield Plateau
Ultimate Tensile Strain mm/m 99
Modulus of Elasticity MPa 184,000

16 mm Reinforcing

Yield Strength MPa 565 515 -
Strength at Onset of Hardening MPa 565 515 -
Ultimate Strength MPa 650 618 -
Yield Strain mm/m 2.7 3.2 -
Strain at Onset of Hardening mm/m 27 29 -
Ultimate Tensile Strain mm/m 141 127 -
Modulus of Elasticity MPa 208,150 200,000
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TW2 and TW5 Walls TW2 and TW5 represent the less slender of the two types, with a thickness of 120

mm, and a 440 mm wide and 120 mm thick flange at one end. The vertical reinforcing was two layers of 6

mm bars spaced at 95 mm. The 6 mm vertical reinforcing was not spliced, and was fully developed into the

top and bottom supports. The horizontal reinforcing consisted of 6 mm bars placed in two layers spaced at

130 mm. The material properties of walls TW2 and TW5 are as shown in Table 4.1.

The reinforcing properties as described above represent the average values of several individual specimens

tested for each diameter of reinforcing. All parameters described with the exception of ultimate strain, were

characterised to be fairly uniform across the tests performed.

Concrete material strength was measured with a series of concrete cylinder tests which were field cured

to accurately represent the in-situ conditions. Concrete tensile strength was measured using a double-punch

test. The concrete elastic modulus was measured using the relevant Swiss standard procedure, with the test

cylinders being loaded 3 times to a pre determined strain level, with the third and final cycle taken as the

measured elastic tangent modulus.

4.3.1.3 Instrumentation

The EPFL specimens were instrumented with vertical LVDTs placed at one or both of the wall ends, a grid

of optical triangulation LEDs on one face, and a digital image correlation system with an applied speckle

pattern on one face. For the purpose of the analysis in this thesis, the primary instrumentation relied upon

is the optical triangulation LEDs, with the vertical LVDT instruments providing validation of optically

measured results when available.

The optical triangulation grid consists of a field of infrared light emitting diodes (LEDs), which are tracked

by a camera which records the relative three dimensional position of each LED as the test is performed.

Accuracy of measurements is improved by the use of two separate cameras which each cover approximately

half of the length of the wall. All LED grids applied to each specimen included LEDs located on the

foundation to measure relative movements and boundary effects of the wall base. Additionally the top beam

has LEDs to measure any wall top boundary effects.

Specimens TW1 and TW4 include a grid of 255 LEDs for optical triangulation in a roughly 240mm

x 200mm grid, with additional sensors at the foundation, top beam, and lap splice locations. Specimens

TW2 and TW5 include a grid of 492 LEDs for optical triangulation in a roughly 95mm x 130mm grid, with

additional sensors at the foundation, and top beam.

4.3.1.4 Test Procedure

Each test specimen was subjected to either in-plane or a combination of in-plane and out-of-plane displace-

ments applied at mid-height of the top beam of the specimen. In addition, vertical actuators located above

each end of the top beam served to apply axial load and additional moment to increase the shear height of the

wall specimens. This configuration was devised to the reduce the height of the test specimen for practicality,

while retaining the height of wall expected to undergo the plastic deformations. Each specimen was tested

over several days, with the load actuators remaining engaged continuously until the test was complete, or

when a system safety shut down was required.

Specimen TW1 was subjected to in-plane loads only, with two fully-reversed load cycles applied at each

drift level (four total load stages per target drift level). Drift levels are 0.05%, 0.10%, 0.15%, 0.25%, 0.35%,

0.50%, 0.75%, and 1.00% were applied.
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Specimen TW2 was subjected to in-plane loads only, with one fully-reversed load cycle applied at each

drift level (two total load stages per target drift level). Drift levels are 0.05%, 0.10%, 0.15%, 0.25%, 0.35%,

0.50%, 0.75%, 1.00%, and 3.00% were applied.

Specimen TW4 was subjected to in-plane and out-of-plane loads, which is applied in a “clover leaf”

pattern. At drifts below 0.50%, only a half clover leaf is applied. The in-plane drifts applied were 0.05%,

0.10%, 0.15%, 0.25%, 0.35%, 0.50%, and 0.75%. Out-of-plane drifts applied were 0.05%, 0.10%, 0.15%,

0.25%, 0.35%, 0.50%, 0.50%, 0.75%, and 0.75%.

Specimen TW5 was subjected to in-plane and out-of-plane loads, which is applied in a half “clover leaf”

pattern. The in-plane drifts applied were 0.05%, 0.10%, 0.15%, 0.25%, 0.35%, 0.50%, 0.75%, 1.00%, and

1.50%. Out-of-plane drifts applied were 0.05%, 0.10%, 0.15%, 0.25%, 0.35%, 0.50%, 0.75%, 1.00%, and

1.50%.

4.3.2 Summary of Test Results

This study focuses on the behaviour of slender, lightly reinforced compression dominated flexural walls

subjected to in-plane forces. The results from the wall tests are compression and tension strains at the ends

of the specimen, distribution of elastic and inelastic curvatures over the height, distribution of shear strains,

and deformation components. Each of these values, and their quantification methodologies are presented

and described in the subsequent sections. All results shown are for bending which induces compression in

the slender wall end and tension in the flange end. Results for bending in induced in the opposite direction

are identified as they are relevant to the outcome of this study, and are clearly identified.

4.3.2.1 Load-Deformation Response

Load-deformation response is a useful result of any shear wall test program. The EPFL walls are instrumented

in a way which allows for precise analysis of the load-deformation characteristics of the test specimens. This

section presents the load-deformation results of the EPFL tests.

In this section, the drift reported is taken from the optical sensor data, and is taken for the section of

wall spanning from just below the base crack, to just below the top of the wall. In other words, the reported

drift is taken for the wall panel including base effects, but neglecting top boundary effects. The influence of

the base crack on the deformation response of the test is discussed in later sections.

The definition of drift capacity used in this study is based on the maximum observed top displacement,

∆max, and the clear height of the specimen hw as,

δmax =
∆max

hw
(4.6)

The maximum top displacement is defined as the displacement at a well defined sudden loss of load carrying

capacity, or an 80% drop in load carrying capacity. In later sections, estimates of the drift capacity at the

shear span (height) are made in an attempt to make estimates of the drift capacity of a full height wall.

Estimates of displacement ductility of the various test specimens are also presented. Displacement duc-

tility is based on the displacement at yield, ∆y and the maximum top displacement, ∆max, and is defined

as,

δmax =
∆max

∆y
(4.7)
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Where a well defined yield point is not apparent, yield is taken as the displacement which corresponds to a

load of 85% of the maximum observed load capacity.

Figure 4.17 shows the full hysteretic response for the specimen TW1. This full response is included as an

example of the full cyclic response of the wall members. The focus of this study is the behaviour of the EPFL

test specimens as they are loaded in such a way where compression is induced in the thin end, and tension

in the flanged end. Only the quadrant of the cyclic response for this direction of loading will be included in

the subsequent results. Further to the presentation of the load-deformation results for a single direction of

loading, the load steps (typically half cycles of loading) are identified only for the load step which induces

tension in the flange of the test specimen. The context of the discussion to follow will dictate whether the

load step (identified as LS#) is referring to the full or half cycle of interest. Where the distinction between

the a full and half cycle of loading is of exceptional importance, the specific load step of interest will be

explicitly identified.
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Figure 4.17: TW1 hysteretic response at 2 m above the base of the wall.

As shown in Figure 4.18, TW1 achieved a drift capacity of 0.75% at LS27. Two stable cycles at a drift

of 0.75% were performed with little strength loss observed. The last cycle to 1.0% drift showed significant

strength degradation prior to a drift of 0.75%, suggesting that failure was likely to have occurred soon after

a drift of 0.75% was achieved during the previous load cycles. A well defined yield point at 0.29% was

observed, which results in an approximate displacement ductility of 2.4.

The load-deformation response for member TW4 is shown in Figure 4.20. TW4 achieved a drift capacity

of 0.71%. One stable cycle at a drift of 0.71% was observed. The final cycle planned to impose a drift of

1.0%, and only an 11% loss of strength was observed. As the final cycle approached 0.75% drift, a sudden
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Figure 4.18: TW1 hysteresis plot for bending with slender wall end in compression with load steps identified.

complete loss of strength was recorded. Similar to wall TW1, a loss of strength is likely to have occurred

had the previous cycle of 0.75% been continued to failure. Similarly to wall TW1, TW4 was observed to

have a well defined yield point at approximately 0.31% drift. The displacement ductility of TW4 is 2.3.

As shown in Figure 4.20, TW2 achieved a drift capacity of 0.90%. One stable drift cycle of 0.75% was

observed. The final cycle was planned to impose a drift of 1.0%, however significant loss of strength was

observed at a drift of 0.90%. This specimen had a less well defined yield point, and yield is taken as the

drift at 85% of the ultimate load, and was observed to be 0.14%. The preceding drift values at ultimate and

yield result in a displacement ductility of 6.4.

As shown in Figure 4.21, TW5 achieved an ultimate drift capacity of 0.84%. The final cycle had a planned

imposed drift of 1.0%, however a complete loss of strength was observed at 0.84%. Similar to wall TW5,

a well defined yield point was not observed, therefore yield is again taken to be at the drift corresponding

to 85% of the maximum observed load. The yield drift is taken to be 0.17%, resulting in a displacement

ductility of 4.9.

The more slender specimens TW1 and TW4 had ultimate drift capacities (0.75% and 0.71%) which were

17% and 15% lower than those observed in walls TW2 and TW5 (0.90% and 0.84%). Perhaps of greater

concern than low drift capacity is the low displacement ductility observed in specimens TW1 and TW4

(2.4 and 2.3) when compared with those of TW2 and TW5 (6.4 and 4.9). The disparity in drift capacity

and displacement ductility between walls TW2 and TW5 may be attributed to the difference in shear span,

imposed out-of-plane displacement, or some other phenomenon.
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Figure 4.19: TW4 hysteresis plot for bending with slender wall end in compression with load steps identified.
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Figure 4.20: TW2 hysteresis plot for bending with slender wall end in compression with load steps identified.
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Figure 4.21: TW5 hysteresis plot for bending with slender wall end in compression with load steps identified.

4.3.2.2 Failure Modes

This section explores the dominant failure modes of the test walls, along with the general progression of

damage observed in late stage load cycles. The results of this section are purely qualitative observations

based on photos and videos as provided in the data set assembled by the EPFL researchers (Almeida et al.

2017), and observations of the load-deformation response presented in the previous section.

For specimen TW1, the EPFL researchers reported an in-plane failure caused by damage induced due

by out-of-plane deformations (Rosso, Almeida, and Beyer 2016). In the video of the test, it is evident that

large out-of-plane displacements were induced near mid-height of the specimen as a result of residual tension

strains present in the slender end of the wall. The residual tension strains allow out-of-plane curvature to

be induced in the wall prior to the closing of cracks in the subsequent load step. The closing of the cracks

corresponds with a recovery of the out-of-plane displacements, and as a result the member continues along

its planned loading program with no visible out-of-plane deformations. Simply put, as the wall experiences

higher levels of drift than in previous cycles, the wall is not subjected to increased out-of-plane deformations

at the or near the maximum drift.

As shown in Figure 4.18, wall TW1’s last three cycles are LS27, LS29, and LS31. Photos of the condition

of the wall toe are shown in Figure 4.22, which illustrate the progression of damage to the toe of the wall.

Figure 4.22a shows that for LS27, the first cycle of drift to 0.75%, the wall toe is beginning to show signs

that the concrete is nearing its compression strain capacity. The damage does not appear to be concentrated

towards a single edge of the wall section, and is relatively symmetric with vertical cracking and slight bulging

evident at both sides of the member. Figure 4.22b shows the damage induced by the next compression load

step, LS29 (the photo was taken at LS30, however the damage is indicative of that induced in LS29). As
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(a) LS27 (b) LS29 (c) LS31

Figure 4.22: TW1 slender wall end damage progression (Almeida et al. 2017).

shown in Figure 4.18, LS29 was the second of two cycles to approximately 0.75% drift, and the specimen

exhibited a slight reduction in load carrying capacity. The slight spalling of the concrete at LS29 suggests

that the reduction in load carrying capacity at this stage is due to damage induced in previous cycles. Finally

in Figure 4.22c, the wall toe has experienced significant damage, with large portions of the concrete spalled

away, along with significant buckling of the vertical reinforcing. This level of damage is accompanied by a

large decrease of in-plane load carrying capacity as shown in Figure 4.18.

The description of the progression of late stage damage to the wall toe indicates that the wall TW1

failed in concrete compression at the toe of the wall. As shown in the photos of LS27 and LS29 (Figures

4.22a, and 4.22b), and corroborated in the video recordings of the test, the buckling of the reinforcing was

precipitated by the toe of the wall reaching its compression strain capacity and spalling away, leaving the

vertical reinforcing to be subjected to large compression strains with little or no lateral support. The type

of failure observed in TW1 is typically described as brittle, as the member exhibited a rapid loss of load

carrying capacity, with little or no residual capacity near ultimate drift levels.

Wall TW2’s failure mode was described by the EPFL researchers as extensive crushing at the slender

wall end, which affected the load carrying capacity of the member. Unlike the thinner wall TW1, wall TW2

did not show significant levels of out-of-plane displacements, and damage was not ascribed to the effects of

residual tension strains during subsequent compression load cycles.

(a) LS18 (b) LS20

Figure 4.23: TW2 slender wall end damage progression (Almeida et al. 2017).
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Figure 4.20 shows the last two cycles of TW2 are LS17 and LS19. The photos in Figure 4.23 show the

toe of TW2 for LS18 and LS20, which represent the damage induced by the previous load cycles LS17 and

LS19. The damage induced during LS17 shown in Figure 4.23a indicates the wall has reached its concrete

compression strain capacity, with a small amount of spalling visible. At this stage, the load carrying capacity

has not significantly decreased, as is shown in Figure 4.20. Figure 4.23b shows that the subsequent load

cycle has significantly damaged the compression zone of the wall, with the fractured reinforcing occurring

upon reloading to LS20. This damage corresponds to a large and rapid decrease in load carrying capacity

as shown in Figure 4.20. In addition to the photos shown, the EPFL researchers report that little or no

out-of-plane displacement was visible throughout the test.

The late cycle damage to wall TW2 indicates that the wall failed in compression when the toe reached

its strain limit. The failure observed is decidedly brittle, as the member did not show significant indication

of failure prior to complete loss of load carrying capacity at ultimate load and drift levels.

Wall TW4, which is the companion specimen to TW1, was described by EPFL researchers to fail in

concrete crushing and spalling, which was promoted partially by buckling of the vertical reinforcing. Unlike

specimen TW1, wall TW4 was subjected to imposed out-of-plane displacement load cycles, which may have

contributed to increased damage to the compression zone prior to failure indicated by loss of load carrying

capacity.

(a) LS48 (b) LS54

Figure 4.24: TW4 slender wall end damage progression (Almeida et al. 2017).

Wall TW4’s hysteretic response shown in Figure 4.19 shows that failure occurred over the load stages

LS48 and LS54. Figure 4.24 shows the wall toe at these final load stages. LS48 shown in Figure 4.24a shows

that the wall toe has sustained some crushing damage. Unlike its partner specimen TW1, wall TW4 appears

to have sustained compression zone damage in an asymmetric fashion. The left side of the specimen has

clearly sustained more damage. This asymmetry of damage is possibly caused by the imposed out-of-plane

deformations from previous cycles. The next in-plane load cycle LS54 is shown in Figure 4.24b, and shows

the damage from the previous cycle has progressed to a complete failure of the compression zone. Similarly to

wall TW1, it is likely that the buckling observed in the vertical reinforcing is a by-product of the compression

failure of the concrete, and is not a root cause of the member failure. More simply, the reinforcing does not

show any indication that it has a tendency to buckle prior to loss of section due to significant crushing and
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spalling.

The failure observed in wall TW4 indicates that imposed out-of-plane deformations may serve to increase

damage to the compression zone. That said, the failure mode appears to to remain the same as the base case,

with the compression zone concrete reaching its strain capacity, followed by a rapid decrease in load carrying

capacity. The asymmetry of the damage may indicate more a complex distribution of strains throughout

the compression zone of the wall, however the ultimate resulting failure mode does not appear significantly

altered.

The EPFL researchers describe the failure of wall TW5 as concrete crushing and spalling at the slender

end. They went on to state that the imposed out-of-plane deformations did not significantly affect the

response of the member. It is noted that the wall TW5 and its companion TW2 were not identical specimens,

with the two members having different shear spans as noted in the member descriptions.

(a) LS38 (b) LS44

Figure 4.25: TW5 slender wall end damage progression (Almeida et al. 2017).

Figure 4.21 shows that the late stage load steps of interest are LS38 and LS44. Figure 4.25 shows the

damage of the wall toe at LS38 and LS44. LS38 shown in Figure 4.25a shows that the compression zone is

showing significant signs that it is at or near to its compression strain limit. Unlike as was seen in members

TW1 and TW4, the effect of imposed out-of-plane deformations appears to show little effect on the damage

to the thicker wall specimen. Damage to the toe at LS38 does not appear to be significantly concentrated

to a single side of the member, indicating relatively uniform compression strains across the thickness of the

compression zone. Figure 4.25b showing LS44, indicates a significant failure of the compression zone, and is

supplemented by the loss of load carrying capacity shown in Figure 4.21. The photo of LS44 shows buckling

of the vertical reinforcing, however similar to the wall TW2, video evidence indicates that the buckling is

simply a by-product of the compression failure of the wall.

The failure observed in member TW5 indicates that the wall failed in a brittle, concrete compression

type mode. The late cycle damage indicates that the out-of-plane deformations did not significantly increase

damage to the slender end of the wall. None of the wall specimens were observed to have lost their ability

to carry the axial loads induced during the tests.

The significant findings of the qualitative analysis of the failure modes of specimens TW1, TW2, TW4,

and TW5 are as follows:
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1. All specimens failed in a brittle mode caused by the slender end of the wall reaching their concrete

compressive strain limit.

2. All specimens were observed to have a rapid onset of failure once the compression zone was compro-

mised, with little or no residual load carrying capacity past the ultimate measured level of drift.

3. The failure mode of the more slender members TW1 and TW4, with imposed out-of-plane deformations

indicate increased damage to the compression zone which results in a non-uniform distribution of strains

across the thickness of the compression zone, possibly leading to a change of failure mode.

4. The failure mode of the thicker walls TW2 and TW5 appear to be relatively unaffected by imposed

out-of-plane deformations.

5. None of the specimens lost axial load carrying capacity in combination with lateral failure.

4.3.2.3 Vertical Strains

This section presents the observed vertical tension and compression strains. The vertical strains are deter-

mined using the optical sensor data. The optical sensor records the position of the sensor in an x,y,z format.

To determine the vertical strains the initial vertical distance between two sensors in a column is recorded as,

dinitial = yupper − ylower (4.8)

This initial vertical spacing of sensors is taken as the gauge length over which the strain will be measured.

Upon loading the final vertical positions of the sensors is used to determine a final distance between the

sensors, dfinal. The final measured vertical strain is then determined as,

εv =
dfinal − dinitial

dinitial
(4.9)

For this study, the strains recorded are taken at the maximum drift levels observed for each load step of

interest. Tension strains are taken at the first column of sensors located inside the flange of the wall specimen,

since the flange sensors are located on the flange edge out-of-plane and may be affected by shear lag effects.

The compression strains are taken at the first column of sensors on the slender end of the wall specimen. An

example of the recorded tension strains for specimen TW1 is shown in Figure 4.26, and compression strains

in Figure 4.27. The strain value presented is shown at the elevation that represents the center of the vertical

gauge length for which it was measured.

As is shown in Figure 4.26, the distribution of tension strains for member TW1 show that strains increase

as the drift level in each load cycle increases, however few increases in tension strains are observed for load

cycles with repeated levels of drift. Another interesting feature is the presence of low observed tension strains

at 100 mm above the base of the wall. Photos of the wall crack pattern indicate that a wedge of uncracked

concrete formed near the base, which explains the low strain values. This indicates that vertical strains

concentrated in cracks above and below the uncracked portion near the base. The large recorded tension

strains at the base crack are attributed to the effects of strain penetration, where the reinforcing strain

extends some distance into the support foundations, such that the strain values recorded are taken over a

reduced gauge length than is present in the test.

As shown in Figure 4.27, the distribution of compression strains at the toe of specimen TW1 indicates

that strains are increasing towards the base of the member as expected. The base compression strains for
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Figure 4.26: TW1 observed tension strains at 116 mm inside the extreme fibre for multiple load steps.
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Figure 4.27: TW1 observed compression strains at the extreme fibre for multiple load steps.
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load cycles with repeated levels of drift (LS19 to LS21 and LS23 to LS25) indicate that damage to the

compression zone is occurring with each repeated cycle, as strains increase without the presence of higher

drifts. The base strain for LS27 is taken over a longer gauge length than previous load steps, as the sensor was

compromised due to damage to the compression zone. The observed compression strains support qualitative

observations of failure mode of TW1, with failure occurring due to damage to the compression zone of the

specimen.

The results for specimens TW2, TW4, and TW4 are included in Appendix C.2.1.

4.3.2.4 Curvatures

For this study curvature is determined using the vertical strains presented in the previous section. The

curvature is taken as,

φ =
εt − εc
lh

(4.10)

where εt and εc are the measured vertical tension and compression strain respectively, and lh is the horizontal

distance between the measured tension and compression strains. The validity of this definition of curvature is

investigated in a subsequent section to determine if integration of curvatures results in accurate estimations

of flexural displacements.

As shown in 4.28, the curvatures for TW1 indicate the presence of inelastic curvatures. Near the top of

the wall, curvatures show little increase for cycle to cycle, with lower portions of the wall having much larger

increases indicative of plasticity in the member. The distribution of curvature has many of the properties

of both the observed tension and compression strains presented in the previous sections, which indicates

that the behaviour is not largely driven by a single strain component. As was observed in the compression

strain results, small increases to curvature are present for load steps with repeated drifts. On the tension

side, the uncracked portion near the base is clearly represented in the results. As discussed in the vertical

strain results, the phenomenon of strain penetration at the base of the wall results in higher than expected

curvature level, and the implications of this will be discussed in subsequent sections.

The curvature distributions for specimens TW2, TW4, and TW5 are included in Appendix C.2.2.

4.3.2.5 Shear Strains

For this study shear strains are determined modifying the method described by Hiraishi 1983 which accounts

for the change in curvature over the measured height. The modifications to the method described are

implemented to account for differences in horizontal and vertical positions between the sensors, which are

not typically present when measuring a full panel section. The changes to the method simply replace

the horizontal and vertical panel dimensions, with the average vertical and horizontal heights between the

sensors. The modified method determines the shear deformations as,

∆s =
d1 + d2

2lh1 + 2lh2
(δ1 − δ2)− (α− 0.5) θhv (4.11)

where d is the initial diagonal length between sensors, lh1 and lh2 are the horizontal distances between

sensors, δ1 and δ2 are the deformed lengths of diagonals between sensors, α is a parameter to account for

variations in curvature over the height, θ is the difference in rotations between the top and bottom set of

sensors, and hv is the average vertical height between the sensors. This method was typically developed

to determine the average vertical strain over the full height of a test specimen. In this study the average
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Figure 4.28: TW1 observed curvature for bending with tension induced in the wall flange at various load
step maximum drifts.
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curvature was determined over much shorter height intervals. As such the change in rotations observed over

the height of each interval was very low, and occurred over a much smaller height than over a full panel

height. This results in the last term of Equation 4.11 being very small in comparison to the first two, and

can thus be omitted in many cases.

Figure 4.29 presents the shear strain distribution for wall TW1 for load steps 19 to 27. As shown, the

shear strains at the base of the wall are the largest measured, and indicate sliding of the base at the boundary.

In addition, the shear strains near the base of the wall correspond with the location low tension strains and

curvatures. Above the base, shear strains are relatively constant over the height, with redistributions evident

for load cycles of repeated drift. This indicates that shear strains are less stable for cycles of repeated drift

levels, unlike as observed for curvatures, which showed little change for cycles of repeated drift levels.

The shear strain distributions for walls TW2, TW4, and TW5 are included in Appendix C.2.3.

4.3.2.6 Deformation Components

By using the measured curvatures and shear strains, it is possible to make estimates of the deformation

components of the test specimens. Flexural displacements are determined by integrating curvatures over the

height of the member with respect to the top. Since the relative contribution of the base crack to overall

flexural displacements is of interest, the flexural displacements are determined for the those due to base

rotation only, and those due to the remainder of the member above the level of the base crack. Curvatures

are integrated with respect to the top of the wall panel, located at 2000 mm above the base of the wall.

Curvatures are integrated using the moment-area theorem as follows,

∆f =

∫
yφ(y)dy (4.12)

where φ(y) is the distribution of curvature over the height of the member. For the case of discrete curvature

measurements can be expressed as,

∆f ≈
∑

φihiyi (4.13)

where φi is the observed curvature at yi, and hi is height over which the curvature at yi occurs. The

distance yi is taken the distance between the centroid of the curvature interval φi and the location where

displacements are to be determined.

The shear strains determined in the previous section are used to determine the contributions due to shear

and base sliding. Shear displacements and base sliding deformations are determined by taking the measured

shear strains and multiplying by the height over which they are measured. All shear strains at the base of

the wall are described as base sliding in this study, as no distinction can be made between shear displacement

and base sliding effects due to the lack of instrumentation.

To validate the estimated flexural and shear displacements, the estimates are summed and a comparison

to the total measured displacement is made. Figure 4.30 shows the estimated flexural and shear displacements

versus the total measured displacement for all specimens over various load cycles. For specimen TW1, only

load cycles for the first level of imposed drift are shown, not the second repeated cycle of drift. As is shown,

the estimations of shear and flexural displacements result in accurate estimations of total displacement.

This brief analysis serves provide validation of the estimates of flexural and shear deformation of the test

specimens.

Table 4.3 and presents the displacement components for specimen TW1. Table 4.4 presents the displace-
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Figure 4.30: EPFL observed displacements vs. sum of shear and flexure component estimations.

ment component increases by load cycle. As shown, the largest proportion of displacement at each load step

is through panel flexure, however as the base rotation increases it’s proportion increases. Interestingly, while

base sliding accounts for a very low proportion of the overall displacement, shear displacements in the panel

account for approximately 17% to 22% of the total displacement. This indicates that panel shear plays a

significant role in the displacement capacity of these specimens. Similarly, base rotations proportions of 37%

at ultimate indicate that base rotations play a significant role in the displacement capacity of the member.

As the level of imposed drift increases, panel flexure and base rotations appear to increase relatively uni-

formly. Increases in panel shear appear to be growing as drift is increased, and base sliding appears to be

declining.

Table 4.3: Wall TW1 summary of displacement components.

Measured
Displacements Percentage of

[mm] Total Displacement
Load Step 19 23 27 19 23 27

Panel Flexure 2.9 4.3 6.0 49% 46% 40%
Panel Shear 1.3 1.7 2.6 22% 18% 17%
Base Rotation 1.4 2.9 5.6 23% 30% 37%
Base Sliding 0.1 0.3 0.5 2% 3% 3%
Unaccounted 0.3 0.2 0.4 4% 2% 3%
Sum 6.0 9.4 15.2 100% 100% 100%

Table 4.5 and presents the displacement components for specimen TW2. Table 4.6 presents the dis-
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Table 4.4: Wall TW1 summary of displacement component increases by load cycle.

Displacement Increase
By Load Step Percentage Increase of

[mm] Component by Load Step
Load Step 19 to 23 23 to 27 19 to 23 23 to 27

Panel Flexure 1.4 1.7 41% 29%
Panel Shear 0.3 1.0 10% 17%
Base Rotation 1.4 2.7 43% 46%
Base Sliding 0.2 0.2 5% 4%
Unaccounted 0.0 0.2 -1% 4%
Sum 3.4 5.9 56% 62%

placement component increases by load cycle. As shown, in load step 15 panel flexure dominates the total

displacement at 76%. As the steps increase, the proportion of displacement due to flexure decreases drasti-

cally to under 20% of the total. Base rotations begin to rapidly increase growing by 54% from load step 15 to

17 and 380% from load cycle 17 to 19. Similar as observed in wall TW1, shear displacements steadily make

up approximately 20% of the total observed displacement. It is noted that load step 19 was observed to

elicit a drop in moment carrying capacity of the member. From these results, the failure of the wall section

occurred at the base of the wall, as was observed and noted in previous sections.

Table 4.5: Wall TW2 summary of displacement components.

Measured
Displacements Percentage of

[mm] Total Displacement
Load Step 15 17 19 15 17 19

Panel Flexure 7.5 8.1 3.2 76% 54% 19%
Panel Shear 1.9 3.2 3.6 19% 21% 22%
Base Rotation 0.6 3.3 9.0 6% 22% 55%
Base Sliding 0.2 0.2 0.0 2% 2% 0%
Unaccounted -0.4 0.0 0.5 -4% 0% 3%
Sum 9.8 14.9 16.4 100% 100% 100%

Table 4.6: Wall TW2 summary of displacement component increases by load cycle.

Displacement Increase
By Load Step Percentage Increase of

[mm] Component by Load Step
Load Step 15 to 17 17 to 19 15 to 17 17 to 19

Panel Flexure 0.6 -4.9 11% -328%
Panel Shear 1.3 0.5 26% 31%
Base Rotation 2.7 5.7 54% 380%
Base Sliding 0.1 -0.2 1% -16%
Unaccounted 0.4 0.5 8% 33%
Sum 5.1 1.5 52% 10%

Table 4.7 and presents the displacement components for specimen TW4. Table 4.8 presents the dis-

placement component increases by load cycle. Since TW4 is the companion element to wall TW1, some

comparisons are noted in addition to the general observations. As shown, the proportion of displacement
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due to panel shear are held relatively constant at around 26% of the observed total. Panel flexure represents

roughly half of the total observed displacement, showing a declining trend as displacements increase. Wall

TW2’s base rotations make up less than 25% of the total, unlike the nearly 40% as observed in wall TW1.

Additionally, displacements due to increases of base rotations tend to decline as total displacement increases.

Table 4.7: Wall TW4 summary of displacement components.

Measured
Displacements Percentage of

[mm] Total Displacement
Load Step 26 32 48 26 32 48

Panel Flexure 3.1 4.2 6.6 52% 46% 48%
Panel Shear 1.6 2.2 3.6 27% 24% 26%
Base Rotation 1.1 2.4 3.3 18% 27% 24%
Base Sliding 0.0 0.1 0.2 0% 1% 2%
Unaccounted 0.1 0.1 0.0 2% 1% 0%
Sum 6.0 9.0 13.6 100% 100% 100%

Table 4.8: Wall TW4 summary of displacement component increases by load cycle.

Displacement Increase
By Load Step Percentage Increase of

[mm] Component by Load Step
Load Step 26 to 32 32 to 48 26 to 32 32 to 48

Panel Flexure 1.1 2.4 36% 51%
Panel Shear 0.6 1.4 19% 29%
Base Rotation 1.3 0.9 43% 19%
Base Sliding 0.1 0.1 4% 2%
Unaccounted -0.1 -0.1 -2% -2%
Sum 3.0 4.6 50% 51%

Table 4.9 presents the displacement components for specimen TW5. Table 4.10 presents the displacement

component increases by load cycle. Unlike the previous three specimens, the results of the final two load

cycles are presented for wall TW5. As shown, panel flexure at failure made up 73% of the total displacement,

due to a decline in measured shear displacements. Unlike the previous three members, base rotations make

up less than 15% of the total observed displacements. The lower base rotations observed in wall TW5 when

compared with those of TW2 are likely due to the higher shear height of the member which serves to decrease

the moment gradient in the element, resulting in less concentrated moments at the base of the member.

The displacement components at load cycle maximum drifts for all members is shown graphically in

Figure 4.31. The results of the displacement component analysis shows that for all of the members, the total

displacement is driven largely by panel flexure, panel shear, and base rotation. Each main displacement

component accounts for roughly 50%, 25% and 25% respectively, with some variation to these proportions

observed. As total displacement is increased, base rotations increase more rapidly than panel flexure resulting

in generally increasing proportions of base rotations. Increases of shear displacement proportions appear to

be relatively stable as total displacement rises.
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Figure 4.31: Displacement components at load cycle maximum drifts.
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Table 4.9: Wall TW5 summary of displacement components.

Measured
Displacements Percentage of

[mm] Total Displacement
Load Step 32 38 32 33

Panel Flexure 4.4 9.3 48% 73%
Panel Shear 2.3 1.5 25% 12%
Base Rotation 1.6 1.7 17% 13%
Base Sliding 0.0 0.0 0% 0%
Unaccounted 0.4 0.1 4% 1%
Sum 9.1 12.7 100% 100%

Table 4.10: Wall TW5 summary of displacement component increases by load cycle.

Displacement Increase
By Load Step Percentage Increase of

[mm] Component by Load Step
Load Step 33 to 38 32 to 38

Panel Flexure 5.0 137%
Panel Shear -0.8 -22%
Base Rotation 0.1 3%
Base Sliding 0.0 0%
Unaccounted -0.2 -6%
Sum 3.6 40%

4.3.2.7 Influence of Out-of-plane Demands

The EPFL tests represent an opportunity to to determine the effect, if any, of imposed out-of-plane demands

on slender and lightly reinforced wall elements. By imposing cycles of out-of-plane drift to two of the test

specimens (TW4 and TW5), any effects on the in-plane behaviour can be determined by comparison to the

specimens loaded solely in-plane (TW1 and TW2).

TW1 and TW4 represent the more slender of the two types of specimen. As discussed in Section 4.3.2.1,

the drift capacity of TW4 was slightly lower than that observed in wall TW1. This result may indicate

an influence due to out-of-plane loading, however the difference is not overly dramatic, and in addition the

observed displacement ductility was only slightly lower (2.3 versus 2.4). Of note however, is that member

TW4 was not subjected to repeated cycles of in-plane displacement.

The observed failure modes of TW1 and TW4, as presented in Section 4.3.2.2, were largely similar with

both determined to have failed due to excessive compression strain demands at the slender toe of both walls.

As indicated was the asymmetry of compression zone damage in member TW4 which may have been due to

the presence of out-of-plane cycle, which served to favour damage to a single side of the wall.

The vertical strains, curvatures, and shear strains measured in both members did not indicate any large

aberrations between the two loading configurations. Strains were observed to be relatively uniform for both

the compression and tension extremes, and the distributions of curvatures were not significantly different.

The shear strains in both members were observed to be large at the base and uniformly distributed along

the height.

Walls TW1 and TW4 indicate that out-of-plane demands may lead to increased, asymmetric damage to
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the compression zone of the wall. This conclusion is supported by the analysis of EPFL researchers who

focused on the out-of-plane response of the test specimens (Rosso et al. 2018). The presence of amplified out-

of-plane deformations due to imposed out-of-plane deformations at the wall top, does appear to correspond

to a higher level of damage to he compression zone of the wall, however the implications of this additional

damage appear to be benign. The drift capacity of the wall was only modestly impacted and the sectional

demands were not significantly influenced.

TW2 and TW5 represent the less slender of the two types of specimen. As discussed in Section 4.3.2.1,

the drift capacity of TW5 was slightly higher than that observed in wall TW2. This result is counter-intuitive,

as the out-of-plane demands are expected to lower the drift capacity. This suggests that the difference in

drift capacity is due to differences in material properties. A supporting argument for the difference due to

material properties is the difference between the observed displacement ductilities of 6.4 for TW2 and 4.9

for TW5. This may suggest that the out-of-plane demands are having some effect on the drift capacity.

The observed failure modes of TW2 and TW5, as presented in Section 4.3.2.2, were largely similar with

both determined to have failed due to excessive compression strain demands at the slender toe of both

walls. Asymmetry of compression strains induced across the compression zone of wall TW5 may be due to

out-of-plane demands, and may have served to damage a single side of the wall.

The vertical strains, curvatures, and shear strains measured in both members were largely dissimilar due

to the difference in induced shear span in the members. Aside from the difference in height of inelastic

curvatures, the maximum measured curvatures were of a similar order.

Walls TW2 and TW5 indicate that out-of-plane demands may lead to increased, asymmetric damage to

the compression zone of the wall. This conclusion is supported by the analysis of EPFL researchers who

focused on the out-of-plane response of the test specimens (Rosso et al. 2018). The presence of amplified out-

of-plane deformations due to imposed out-of-plane deformations at the wall top, does appear to correspond

to a higher level of damage to he compression zone of the wall, however the implications of this additional

damage appear to be benign. The drift capacity of the wall was only modestly impacted and the sectional

demands were not significantly influenced.

4.3.3 Analytical Methods for Predicting Wall Response

A wide array of analysis tools exist, with an equally wide array of complexities. The simplest methods include

empirically derived solutions based on simple observations, which are useful for low complexity problems. The

most complex analysis methods are general-purpose, non-linear, finite element(NLFE) computer programs,

which require a in-depth understanding of the physical mechanics involved to successfully derive solutions.

While NLFE analysis represents the gold-standard of solutions available, the time and effort required for

implementation can easily surpass what is reasonable in everyday practice. The sectional analysis method

offers a practical middle ground, it has had wide success and is by far the most widely implemented method

of analysis. This study will use both sectional and NLFE analysis methods to gain insight into the behaviour

of thin, lightly reinforced concrete walls.

4.3.3.1 Sectional Analysis

As mentioned, sectional analysis forms the standard basis for member design and analysis for most rein-

forced concrete structures. The main assumption made in sectional design is that strains which arise from
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shear, bending, and axial forces act in such a way that their distribution is linear across the depth of the

member. This assumption is often described as “plane sections remain plane”. This assumption provides the

compatibility necessary to determine a solution based on internal equilibrium and the material properties.

Plane sections analysis represents the simplest method of determining flexural displacements in reinforced

concrete elements.

This study uses the program Response2000 (R2k) (Bentz 2016) to implement the sectional analysis

method. This software is selected for its ease of use, ability to implement advanced material models, and the

wide variety of results available. To perform analyses using R2k, many model options must be made. For

this study, R2k is used to make estimations of flexural displacements only. The reinforcing material model

is implemented directly with the parameters as listed in Table 4.2. The concrete model assumed uses the

properties listed in Table 4.1, and applies them to a parabolic concrete stress-strain model, a tension stiffening

model as described by Bentz 2000, and a compression softening model as described by Vecchio and Collins

1986. The maximum concrete compressive strain in the plane sections models is taken as εc,max = 0.0035

to reflect the standard of practice under Canadian design standards. No shear loads are applied in the R2k

models, as only the flexural response of the member is of interest.

4.3.3.2 NLFE Analysis

Non-linear finite element (NLFE) analysis is a method of analysis which has been applied to concrete

structures for many years. The non-linear aspect is derived from the ability to apply non-linear materials or

geometry. Finite element refers to the underlying mathematical model which solves the static or dynamic

internal and external equilibrium of the model. Many general purpose and speciality NLFE analysis packages

exist, however many are too general or too cumbersome to implement with ease. With this in mind, the

program VecTor2 (VT2) (Vecchio 2019) was selected as the NLFE software of choice for this study.

Developed by researchers the University of Toronto, VT2 is based on the Modified Compression Field

Theory (Vecchio and Collins 1986) and the Disturbed Stress Field Model (Vecchio 2000), which are analytical

models used in prediction of the response of reinforced concrete subjected to in-plane normal and shear

stresses. The formulations applied in VT2 represent a state-of-the-art model for shear behaviour of reinforced

concrete structures. The plane-sections assumption is not held, and shear deformations are included in the

analysis. The method of analysis used in VT2 is two-dimensional, however some out-of-plane effects with

respect to material properties are captured by the VT2 analysis.

Pre-peak Concrete Compression A main input of the NLFE analysis in VT2 is the selection of the

various concrete material models to be applied. The concrete material model implemented in VT2 for this

study is based an amalgamation of several models. The pre-peak compression model applied is the parabolic

Hognestad model described as,

fci = fp

(
2

(
εci
εp

)
−
(
εci
εp

)2
)

for 0 > εci ≥ εp (4.14)

where the concrete stress (fc) and strain (εc) are negative values (compression). The initial elastic tangent

stiffness used to determine the strain at peak stress is defined as,

Ec =
2fp
|εp|

(4.15)
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This concrete compression stress-strain relation is typically accepted for concretes with cylinder strengths

of f ′c < 40 MPa. It is noted that specimen TW2’s cylinder strength exceeds this recommendation, however

modifying a single specimens model is not deemed as appropriate for the needs of this study.

Post-peak Concrete Compression The concrete post-peak response is important for near failure re-

sponse of the overall member. A modified Park-Kent model is implemented in VT2 which accounts for any

confinement present in the member. This modification may seem superfluous for the members described

in the EPFL test program, however some level of confinement is provided near the toe of the wall, where

the change in cross section from the wall to the foundation serves to restrict transverse strains in the wall

section, resulting in a confined behaviour. The model is as follows,

fci = − (fp + Zmfp (εci − εp)) < 0 or − 0.2fp for εci < εp < 0 (4.16)

where Zm is a factor which accounts for changes based on concrete cylinder strength, transverse principal

stresses, and the compressive strain at peak stress.

Concrete Compression Softening Compression softening is the loss of compressive strength and stiffness

due to transverse cracking and tension strains. The Vecchio 1992-A model is implemented in VT2 and allows

reductions to both strength and stiffness. This model makes reductions to the concrete cylinder strength,

and the strain at peak stress through the factor βd. The factor is defined as,

βd =
1

1 + CsCd
≤ 1 (4.17)

where Cs and Cd are factors which account for the presence of shear slip and the ratio between element

principal compression and tension strains respectively.

Concrete Tension Stiffening Tension stiffening accounts for the variations in reinforced concrete stiffness

at, and away from crack locations. At crack locations, the tensile stresses are resisted predominately by the

reinforcing steel. Away from cracks, the bond between concrete and reinforcing allows the two materials to

share stresses, resulting in higher stiffness than away from cracks. Tension stiffening is implemented in the

VT2 models using the Modified Bentz 2003 model. This model is described as,

fc1 =
f ′t

1 +
√
ctεc1

for εc1 > ε′t (4.18)

where ct is a factor which accounts for the reinforcing ratio, reinforcing diameter, inclination of the principal

axis, and the inclination of the reinforcing.

Concrete Tension Softening Concrete tension softening is the post-cracking tensile stresses which are

present in plain concrete. As plain concrete is loaded in tension, tension stresses do not suddenly dissipate

after the maximum stress is attained, however a gradual reduction in stress occurs as strains increase post-

peak. This phenomenon is important to the response of lightly-reinforced concrete elements which may

exhibit brittle failure modes. The model applied in the VT2 analysis is the non-linear Hordijk model. This

model uses a degradation of concrete strength in tension based on an empirically derived relation which is

based mainly on the ratio of crack width to ultimate crack width, and a fracture energy parameter.
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Concrete Confined Strength As previously mentioned, concrete confinement is not provided by rein-

forcing in the EPFL VT2 models, however the top loading beam and bottom foundation serve to restrict

horizontal strains in the top and bottom rows of wall model elements. This restriction of strains results in

a lateral compressive stress developing at the toe of the wall which produces a confining effect. To capture

this effect, VT2 implements the Kupfer/Richart model which uses the difference in normal lateral stresses

in an element to modify the concrete cylinder strength and strain at peak stress.

Concrete Cracking Criterion Concrete cracking strength, fcr differs from tensile strength and varies

with member size, compressive strength, and the stress state of the member. In general, the cracking strength

is reduced by the presence of transverse compression stresses. VT2 uses a stress based Mohr-Coulomb model

to determine the concrete cracking strength. This model uses a Mohr’s circle of stress to defined the stress

state at which cracking will occur. VT2 assumes the internal angle of friction, φ to be 37 degrees and from

this it is possible to determine the ultimate cracking stress (fcru) which occurs when the transverse normal

compression stress fc3 = 0. To then determine the cracking stress, the Mohr’s circle is again solved for

the state in which the failure envelope is tangent to the Mohr’s circle with the given value of transverse

compressive stress. This solution is defined as,

fcr = fcru

(
1 +

fc3
f ′c

)
for 0.20f ′t ≤ fcr ≤ f ′t (4.19)

Once the cracking strength is computed using this solution, the cracking strain is computed using the linear-

elastic relationship εcr = fcr/Ec.

Concrete Crack Stress Criterion The shear stress at a crack is determined using the basic method as

defined in the DSFM/MCFT. VT2 offers the ability to use a more advanced crack check criteria, however it

is not warranted for the purpose of this study. Shear stresses at a crack arise through aggregate interlock,

and diminish as normal tension stresses are increased.

Concrete Crack Width Check As crack widths increase, the ability of local compressive stresses to be

transmitted across a crack is reduced. To account for this phenomenon, a crack check is performed in VT2

to limit the compressive stresses. The limiting crack width applied in this study is the 40% of the aggregate

size. Once the crack width w is calculated to be larger than the limiting value wl, a reduction of average

compressive stress-strain response is performed with the factor,

βcr = 1− (w − wl) /3 ≥ 0 (4.20)

Since the aggregate size is not noted in the data published by the EPFL researchers, the VT2 default

maximum aggregate size of 10 mm has been applied for this study.

Concrete Crack Slip Calculation Shear strains along the crack face result in increased shear strains of

a reinforced concrete element. VT2 allows this effect to explicitly included as it is forms a part of the DSFM.

For this study, the Walraven approach to determining crack slip is implemented. This method relates the

local shear stresses at the crack vci, to the level of crack slip applied to the DSFM. The Walraven model

uses a model based on aggregate interlock to make the estimate of crack slip.
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Reinforcement Stress-Strain The reinforcement stress strain model in VT2 is applied using the material

properties as presented in Table 4.2, with some modifications made to calibrate the models to the test

results. The model applies a initial linear-elastic relation, followed by a yield plateau, and a non-linear strain

hardening segment until fracture strain is attained. The VT2 reinforcing model is defined as,

fs =



Esεs for εs ≤ εy
fy for εy < εs ≤ εsh

fu + (fy − fu)
(
εu−εs
εu−εsh

)4

for εy < εs ≤ εsh

0 for εu < εs

(4.21)

The model is applied for both compression and tension loading cases.

Reinforcement Dowel Action Resistance to shear forces through the reinforcing bars which cross a

crack, as the crack slips transversely to the reinforcing axis is known as dowel action. Dowel action contributes

to the shear strength and the post-peak ductility of reinforced concrete members which have low amounts

of transverse reinforcing. The model applied in VT2 for this study is the Tassios model, which is an elastic-

plastic force-displacement relationship based on the amount of shear slip, δs along the element crack. The

model dowel force is taken as,

Vd = EsIzγ
3δs ≤ Vdu (4.22)

where Vdu is the ultimate dowel force which corresponds to plastic hinging of the reinforcing and crushing

of the concrete at the dowel interface. The shear resistance offered by the dowels is converted to a smeared

area of shear reinforcing based on the reinforcing ratio relevant to the direction of loading.

Reinforcement Buckling Bar buckling occurs when the reinforcing is strained in compression to the

point where lateral support no longer provides stability to the axially loaded bar. The method of modelling

this behaviour in VT2 is a reduction of post-yield reinforcing compressive strength calculated mainly using

the unsupported length ratio as the main input parameter. For the purpose of this study, it is assumed that

the unsupported length is based on the full clear height of the test member, or 2000 mm for the EPFL tests.

Analysis Model Options Several generic analysis model parameters are required to be selected in the

VT2 model. For this study, strain rate effects are not considered, since the loading scheme in the tests

was not uniform with respect to strain rate. Geometric non-linearity is considered, with care taken in

construction of the analysis model to appropriately apply loads as they were in the test program. Crack

spacing is determined according to the 1978 CEB-FIP model.

4.3.4 Flexural Capacity

The maximum flexural moment capacity of a reinforced concrete section is a function of its material prop-

erties, concrete geometry, and reinforcement configuration. In this section comparisons are made between

the observed, plane sections predicted, and NLFE predicted flexural capacities of specimens TW1 and TW2.

The effect of shear on the NLFE predicted level of flexural capacity is studied. Finally, the effect of the

assumed reinforcing stress-strain relation is considered.
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4.3.4.1 Observed and Predicted Flexural Capacity

The observed and predicted flexural capacities are presented in Table 4.11 wall TW1, and 4.12 for wall TW2.

Each table includes results for the various analyses performed in both in-plane directions of applied loading.

Table 4.11: TW1 comparison of observed and predicted flexural capacities for in-plane bending.

(a) Bending inducing tension in the flange.

Shear % of Moment % of
[kN] Observed [kN-m] Observed

Observed 173 1739
Plane Sections(R2k) 0 0% 1601 92%
Plane Sections(R2k) True Stress-Strain 0 0% 1629 94%
NLFE (VT2) 159 92% 1621 93%
NLFE (VT2) Reduced Shear 53 31% 1621 93%
NLFE (VT2) True Stress-Strain 164 95% 1672 96%

(b) Bending inducing compression in the flange.

Shear % of Moment % of
[kN] Observed [kN-m] Observed

Observed 154 1534
Plane Sections(R2k) 0 0% 1449 94%
Plane Sections(R2k) True Stress-Strain 0 0% 1458 95%
NLFE (VT2) 153 99% 1459 95%
NLFE (VT2) Reduced Shear 50 33% 1439 94%
NLFE (VT2) True Stress-Strain 156 101% 1493 97%

Table 4.12: TW2 comparison of observed and predicted flexural capacities for in-plane bending.

(a) Bending inducing tension in the flange.

Shear % of Moment % of
[kN] Observed [kN-m] Observed

Observed 758 2368
Plane Sections(R2k) 0 0% 2168 92%
Plane Sections(R2k) True Stress-Strain 0 0% 2131 90%
NLFE (VT2) 678 90% 2173 92%
NLFE (VT2) Reduced Shear 212 28% 2176 92%
NLFE (VT2) True Stress-Strain 702 93% 2244 95%

(b) Bending inducing compression in the flange.

Shear % of Moment % of
[kN] Observed [kN-m] Observed

Observed 689 2190
Plane Sections(R2k) 0 0% 1797 82%
Plane Sections(R2k) True Stress-Strain 0 0% 1762 80%
NLFE (VT2) 656 95% 1916 87%
NLFE (VT2) Reduced Shear 203 30% 1909 87%
NLFE (VT2) True Stress-Strain 680 99% 1993 91%

Specimen TW1 achieved a maximum flexural capacity of 1739 kN-m for bending with the flange in

tension, and 1534 kN-m for the flange in compression. The plane sections analysis resulted in predictions

which were 0.4% lower when tension is induced in the flange, and 3.5% higher when compression is induced

in the flange. This result is of interest since the plane sections analysis is a pure flexural response only, with

no shear effects applied to the model. The NLFE prediction of wall TW1 was 6.8% lower than observed when
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tension is induced in the flange, and 4.9% lower when compression is induced in the flange. To determine

whether or not the underestimation of the NFLE estimate is due to shear effects in the model, a second

NLFE prediction of wall TW1 was performed with the applied shear reduced to approximately 30% of that

observed from the tests. These model showed no appreciable increase in flexural capacity.

Specimen TW2 achieved a maximum flexural capacity of 2368 kN-m for bending with the flange in

tension, and 2190 kN-m for the flange in compression. The plane sections analysis resulted in predictions

which were 0.6% lower when tension is induced in the flange, and 9.6% lower when compression is induced in

the flange. As with specimen TW1, this result is of interest since the plane sections analysis is a pure flexural

response only, with no shear effects applied to the model. The NLFE prediction of wall TW2 was 8.2% lower

than observed when tension is induced in the flange, and 12.5% lower when compression is induced in the

flange. To determine whether the reduced NLFE flexural capacity is a result of the shear model applied

in VT2, models with roughly 30% of the test observed shear were analysed. As was observed in specimen

TW1, the reduced shear models of TW2 resulted in no major difference to the predicted maximum flexural

capacity.

The probable cause of the plane sections under-predictions is likely the result of the plane sections

assumption itself. As will be shown in a proceeding section, vertical strains along the length of these walls

is not predicted to remain plane due to their lengths. The plane sections assumption may under estimate

vertical strains near the neutral axis, leading to reduced vertical reinforcing strains and resulting internal

stresses. This would result in lower internal resultant reinforcing force, and by extension the internal moment.

Since the NLFE model does not apply a plane sections assumption, it would not be the cause of the

under-predictions for these models. Since the NLFE analysis uses an analysis model which includes shear

effects, it may be that this model is serving to influence the flexural capacity in such a way that it is reduced.

To investigate this effect, identical NLFE models of TW1 and TW2 are implemented, however significantly

reduced levels of shear are applied. The result of this analysis is that a 70% reduction in shear to the NLFE

models results in no appreciable difference to the ultimate flexural capacity of these two specimens.

With shear effects ruled out in leading to reductions of flexural capacity, other factors must be hypoth-

esised. One potential issue is the validity of the reinforcing stress-strain relationship at high strains. The

EPFL material properties presented in their study are the result of tests performed on several test speci-

mens, so naturally some variation is present. However further study of the reinforcing test properties does

not result in variations which would lead to large observed differences at the full member level.

Variation in reinforcing material properties aside, the definition of the stress-strain relation at high

strains may be at issue. As is typical of tests performed on reinforcing specimens, the resulting stress-

strain relationship is the engineering relationship. That is to say the stress-strain relationship is based on a

constant cross-sectional area. This relationship is known to be appropriate at low levels of strains, however

as strains exceed their elastic limit, the validity of the relationship begins to degrade. For conventional linear

analysis models, which are not based on the deformed geometry of the elements, the engineering relationship

is appropriate. However, for non-linear analyses which calculate stresses based on the deformed element

geometry, errors in the estimation of stress at high strains may occur.

To better predict the member internal stress state when the analysis is heavily into the materially non-

linear portion of the analysis, the true stress-strain relation should be applied which takes into consideration

the internal stress-state of the deformed geometry.
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The true stress-strain relationship is known to follow the relationship:

σt = σe (1 + εe) (4.23)

εt = ln (1 + εe) (4.24)

By applying this relationship to the material properties presented in the EPFL study and implementing

it into the NLFE models for TW1 and TW2, it is found that the maximum flexural capacity is raised to 96%

and 97% of the test observed levels for member TW1, and 95% and 91% for TW2. As shown, the result of the

improved stress-strain model is observed levels of flexural capacity which are all within 5% of the observed

values, with the exception of TW2 bending to induce compression in the flange. The maximum flexural

capacity for member TW2 bending for compression induced in the flange is noted to be highly sensitive

to the fracture strain of the reinforcing, since the flexural capacity was positively increasing at the point of

failure, which indicated the specimen’s ultimate flexural capacity is governed by bar fracture. The EPFL test

results corroborate this failure mode as the governing case. Limitations on customization of the reinforcing

stress-strain model in the NLFE models limit the ability to allow for residual fracture strain capacity past

strain at ultimate stress. This limitation is also expected to contribute to the slightly lower than predicted

flexural capacity, as it limits the ability for tension reinforcing to exceed the strain at ultimate stress prior

to fracture occurring.

4.3.4.2 Discussion on the Determination of Flexural Capacity

Predictions of the flexural capacity of t-shaped sections by several different methods has shown various

degrees of accuracy (Orakcal and Wallace 2006; Pantazopoulou, Moehle, and Shahrooz 1988). For this study

it is hypothesised that the inaccuracy of both the plane sections and NLFE predictions stems from variations

of the reported material properties and modelling limitations. One known limitation of the NLFE model is

rigorous modelling of the wall base to foundation interface. Large vertical strains are known to have been

present in the test specimens (as shown in the test results section), it is likely that reinforcing tension strains

were also very high. The higher than predicted reinforcing tension strains would result in increased levels of

strain hardening to occur, resulting in higher tension stresses than predicted by the NLFE models.

To address the irregularities in the predictions of the NLFE model, the decision was made to make minor

adjustments to the reinforcing material properties to better reflect the observed flexural capacity, so long

as the changes do not significantly alter the overall behaviour of the member. Since it is assumed that the

vertical reinforcing was able to attain a larger amount of strain hardening than the NLFE predicted, an

adjustment to the yield strength of the reinforcing to allow for a higher strength levels was applied. For wall

TW1, the 16 mm reinforcing was adjusted to be elastic-plastic, with a yield strength equal to the recorded

ultimate strength. This adjustment resulted in a higher attained maximum flexural capacity recorded to be

1751 kN-m, which is 6.9% higher than observed in the test. Wall TW2 was also adjusted to reach a higher

flexural capacity by changing the 6 mm reinforcing in the flange only to an elastic-plastic material which

yields at the ultimate recorded stress. After the adjustment was made, the TW2 NLFE model had a flexural

capacity of 2406 kN-m, which is 1.6% greater than observed in the test.

The adjustments made to the reinforcing properties result in NLFE predictions which are capable of

attaining the flexural capacity observed in the test specimens. This result suggests that the large base crack

observed in the tests did allow for a higher than predicted level of strain hardening to occur in the vertical

reinforcing. Also since the plane sections prediction had success in determining the flexural capacity, a brief
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study of the effect of horizontal variation of vertical strains is discussed in a subsequent section.

4.3.5 Verification of NLFE Model

A goal of this study is to use the results of the NLFE models to supplement the test results, the remaining

flexural capacity discrepancy is adjusted to better match the results of the tests. This is accomplished

by adjusting the reinforcing and concrete material properties to create a better fit to the observed load-

displacement data. This so called “perfect” fit model will be applied for the remainder of this study.

For members TW1 and TW2, the NLFE model was observed to be slightly stiffer than observed. This is

likely due to the difference in strain rates between the concrete material tests and the full-scale wall tests.

There is a known proportional relation between strain rate and observed stiffness. It was observed that the

concrete cylinder tests were subjected to a strain rate which was approximately 10 times greater than in

the wall tests. To account for this effect, the concrete model was softened to better reflect the as tested

conditions.

Specimen TW1’s concrete cylinder initial tangent stiffness was decreased from 25,300 MPa to 22,500

MPa, a reduction of 11%. Specimen TW2’s concrete cylinder initial tangent was decreased from 31,800 MPa

to 27,000 MPa, a reduction of 15%. The higher reduction necessary for TW2 is due in part to the inaccuracy

of the parabolic concrete model applied to this member with a measured cylinder strength of f’c = 50.7

MPa.

As discussed in the previous section the flexural capacity of the NLFE models underpredicts those ob-

served in the tests. To account for this, the vertical reinforcing which undergoes tension strains, has its yield

stress increased to bring the prediction of flexural capacity up to the observed levels.

For member TW1 the 16mm and 6mm reinforcing stresses over the range of plastic strains is raised by

5%. For member TW2 the 6mm reinforcing stresses over the range of plastic strains is raised by 15%.

The load-deformation response for the panel section of the wall alone for members TW1 and TW2 are

shown in Figures 4.32 and 4.33. The moment presented is at the base of the wall, and the deformation is

the lateral displacement at 2 m above the base of the wall.

As shown both NLFE models produce good estimates of the load-deformation response. In particular, the

level of drift observed at ultimate is closely predicted. The TW1 NLFE load-deformation prediction slightly

over estimates the post-cracking, pre-yield stiffness, however produces close member stiffness predictions

for the uncracked and post-yield conditions. The TW2 NLFE load-deformation prediction produces good

estimates of stiffness, however the response near yield, and the post-yield stiffness is slightly over-estimated.

These comparisons of NLFE prediction to the observed test results is evidence that the predictions are

accurately capturing the member load-deformation behaviour.

4.3.6 Horizontal Variation of Vertical Strains

This section investigates the influence of the plane sections assumption on the prediction of maximum flexural

capacity and displacement.

Figure 4.34 shows presents a comparison of the horizontal variation of vertical strains for the plane

sections and NLFE model predictions at the base of the wall at maximum flexural capacity and deformation.

The distribution of vertical strains predicted by the NLFE model for member TW1 clearly shows that

the web reinforcing undergoes an increased level of strain when compared with the more heavily reinforced
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Figure 4.32: TW1 comparison of NLFE predicted and observed load-deformation response measured at 2m
above the base of the wall.
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Figure 4.33: TW2 comparison of NLFE predicted and observed load-deformation response measured at 2m
above the base of the wall.

113



-10

-5

0

5

10

15

20

25

30

35

0 500 1000 1500 2000 2500

V
er

ti
ca

l 
St

ra
in

 [
m

m
/m

]

Horizontal Position Along Wall [mm]

TW1 NLFE Model
TW2 NLFE Model
TW1 Plane Sections Model
TW2 Plane Sections Model

Figure 4.34: TW1 and TW2 comparison of NLFE and plane sections vertical strains at the wall base at
ultimate flexural capacity and displacement.

flange end zone. This increased strain in the web region serves to increase the internal stress in the web

beyond what would be possible from the plane sections prediction.

The distribution of vertical strains by the NLFE model for member TW2 shows that vertical strains

extend uniformly into the web over approximately 1900 mm. The TW1 plane sections and NLFE model

predicts similar levels of vertical strains in the extreme tension end of the element. The TW2 plane sections

and NLFE model predicts higher levels of vertical strains in the extreme tension end of the element. This

distribution of strains suggests that the plane sections response should produce somewhat accurate, if not

conservative estimates of maximum member curvature based on the strains at the extreme member ends.

Given that the plane sections predicted curvature produces a somewhat accurate estimate. It follows that

if the prediction over the height of the member is accurate as well, the plane sections curvatures integrated

over the would produce similar estimates of flexural displacements.

The difference in distribution of vertical strains between the plane sections and NLFE model predictions

helps to explain the differences in flexural capacity of the two methods. The plane sections prediction under-

predicts vertical strains in the web, leading to lower levels of stress in the vertical reinforcing here, leading

to a lower internal resultant tension force. Since the majority of the reinforcing in tension exceeds the yield

strain of the reinforcing for both the NLFE and plane sections models, the difference in flexural capacity is

due to the level of strain hardening which can occur.

In addition to lower stresses due to reduced strain hardening effects in the plane sections model, higher

strains are observed near the neutral axis of the NFLE model, resulting in even further increased levels

resultant tension force available. Both of these effects help to explain the lower observed flexural capacity

observed in the plane sections model when compared with the NLFE estimations.
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The presence of a “local” curvature is also noted from the results of this analysis. Each NLFE model

distribution of vertical strains shows a length of wall with an apparent increased curvature toward the

compression end of the wall. This difference in curvature from the tension zone leads to an increased

curvature gradient, which may affect the compression zone stability.

The curvature of member TW1 based on the NLFE extreme fibre strains is 9.82 rad/km, compared with

9.81 rad/km as predicted from the plane sections analysis. However, this is compared with a “local” curvature

in the compression zone of 33.51 rad/km. The curvature of member TW2 based on the NFLE extreme fibre

strains is 8.20 rad/km, compared with 7.73 rad/km as predicted from the plane sections analysis. However,

this is compared with a “local” curvature in the compression zone of 27.90 rad/km. For member TW1

and TW2, the maximum observed compression zone “local” curvature is 3.41 and 3.40 times the apparent

curvature measured from the extreme fibres.

4.3.7 Influence of Test Setup

Since the EPFL test walls were developed to model the bottom portion of a theoretically taller wall any

effect this setup may have on the observed behavioural properties such as distributions of vertical and shear

strains is unknown. This section include a brief study on the influence of the test setup used in the EPFL

test program for walls TW1 and TW2. The main behavioural properties to be studied are the horizontal

distribution of vertical strains, vertical distributions of vertical compression and tension strains over the

height of the member, and the vertical distribution of average shear strains.

The “full height” models of TW1 and TW2 are assumed to be the height of the theoretical shear span of

each member, with a constant cross-section and a single lateral load applied at the shear height. The results

of extreme fibre vertical strains, horizontal variation of vertical strains at the base, and average shear strains

are included in Appendix C.3.

The result of the analysis shows that the vertical strains predicted by the full height model shows

that compression strains are largely unchanged over the 2m lower portion of the wall. The tension side,

however appears to show some small differences in their distribution and magnitude. The full height NLFE

model vertical tension strains are slightly more concentrated towards the base of the member, however the

magnitude appears largely unchanged. Overall, the full height NLFE model appears to drive vertical strains

approximately 100mm closer to the base when compared with the results of the test setup NLFE models.

In addition to the extreme fibre vertical strain distributions, the horizontal variation of vertical strains

at the base of each model is compared. For both walls TW1 and TW2 the horizontal variation is slightly

altered, however the results are not dissimilar enough to warrant further analysis.

The final test setup influence to be investigated is the distribution of average shear strains over the height

of each NLFE model prediction. Wall TW2 shows little difference in the overall distribution and magnitudes

of shear strains. The full height NLFE model of wall TW1 predicts higher shear strains than the test setup

prediction at approximately 1000mm and above. The result of the discrepancy is that test setup NLFE

model may under-predict shear displacements by over the 2m section of the wall by approximately 38%,

when compared with the full height NLFE model.

The result of this comparison is that the EPFL test setup may restrict the level of shear displacements

in the upper half of the wall if the distribution of strains is such that large inelastic strains are present. The

observed differences in tension strains are minimal and any resulting effect of the test setup are unlikely to

result in largely dissimilar behaviour when compared with a full height member.
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4.3.8 Maximum Tension and Compression Strains at Wall Ends

This section presents the results of the NLFE and plane sections model predicted maximum tension and

compression strains at the wall ends in comparison to the EPFL test observed results.

Figure 4.35 shows the distribution of tension strains over the bottom 2m of wall TW1. The NLFE

prediction produces a good prediction for the upper half of the wall, however the estimate for the lower

half is less well represented. The plane sections prediction of vertical tension strains deviates significantly

over the lower half of the wall, with observed strains under-predicited by as much approximately 100%.

The maximum tension strains predicted at the base of the wall in the NLFE and plane sections models is

quite close, as was discussed in previous sections. Both predictions in comparison to the observed results

under-predict the base vertical tension strain, however as discussed the observed tension strains at the base

of the wall suffer from measurement errors due to strain penetration and the presence of a large base crack.

As shown, when the average of the two observed base vertical strains is taken, the result is that the NLFE

only under estimates strains by approximately 25%.

Moving to the compression end of wall TW1, the distribution of NLFE and plane sections predicted

vertical strains in comparison to the observed test results is shown in Figure 4.36. The compression strain

predictions over the upper 1700mm are very close to the test observed results. The NLFE prediction at

the bottom 300 mm above the base of the wall is significantly lower than observed, however similar to the

vertical tension strains, the observed test results at the base vary significantly based on the gage length used

in the determination of strains. In comparison to the NLFE model results, the plane sections analysis under

estimates the maximum compression strains.

Figure 4.37 presents the NLFE and plane section predictions in comparison to the test observed results

for extreme vertical tension strains in wall TW2. As shown the NLFE model predicted tension strains

produce good estimates of the vertical tension strains, however similar to specimen TW1 the tension strains

at the base of the wall are under-predicted. Unlike the results of wall TW1, the plane sections prediction

of vertical tension strains is significantly lower from 200 mm to 1400 mm above the base of the wall. The

plane sections prediction at the base of the wall is higher than that observed in the NLFE model.

The NLFE and plane sections predicted extreme compression strains in comparison to the test observed

results are presented in Figure 4.38. Both the NLFE and plane sections models slightly over-predict the

compression strains from approximately 200 mm to 900 mm above the base. The plane sections model

prediction at the base of the wall is significantly lower than that of the NLFE and observed results. The

NLFE model prediction near the base produces a reasonable estimate of the maximum observed.

Given the relative simplicity of the NLFE and plane sections analysis methods, both appear to produce

reasonable estimates of the vertical tension and compression strains. In the case of the NLFE model, had a

more complex model of the wall base and foundation interaction been implemented, it is plausible a more

refined result of the ultimate tension and compression strains is possible. With regard to the plane sections

model, the vertical strains are under-predicted just above the base up the level of first applied inelastic

moment. Given that there is a relatively complex internal distribution of forces near the base of the wall,

it is unlikely that the plane sections predictions of vertical strains near the base of the wall will produce

excellent estimates. However the use of reasonable maximum values of tension and compression strains in

practice allow for the method to be of significant value. The gains made by the NLFE model in the prediction

of vertical strains appears to be limited by the complexity of the modelling assumptions near the base crack

of the wall. Granted, very precise estimates of strain levels would be possible, however since the vast majority

of design cases are based on assumed material limitations, the refinements are of little practical use. The
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Figure 4.35: TW1 comparison of NLFE predicted and observed tensions strains near the flanged wall end.
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Figure 4.36: TW1 comparison of NLFE predicted and observed compression strains at the 80 mm thick end.
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NLFE predictions of vertical strains above the base crack produce good estimates which are useful for design

practice, and research applications.

4.3.9 Curvature Distributions

This section includes a presentation of NLFE and plane sections model predictions of curvature with com-

parisons made to TW1 and TW2 test results. The definition of curvature is as discussed in previous sections

and is based on the strains in the extreme tension and compression fibres of the test or model.

Figure 4.39 presents the NLFE and plane sections predictions for wall TW1. As shown the NLFE

estimates of curvature match closely over the entire height of the member. This observation is of interest,

as in the previous section it was shown that the estimates of vertical strains at the extreme fibres near the

base of the wall are less accurate than the results observed for curvatures. This comparison is made based

on an average the two measured curvatures nearest the base of the wall. The plane sections prediction

presented shows that while the base maximum observed curvature estimate is near that of the NLFE model

and observed results, the estimate of curvature just above this section is under-estimated.

Figure 4.40 presents the NLFE and plane sections predictions for wall TW2. Unlike as observed for wall

TW1, the NLFE produces somewhat worse estimates of curvatures near the base of the wall, however the

distribution above the base is somewhat better. The irregular distribution of curvatures observed over the

height of member TW2 isn’t well represented by the NLFE model, however the average behaviour is captured

by the model. The plane sections model produces a somewhat better estimate of maximum observed base

curvature, however the estimate of curvature from 200 mm to 1400 mm above the base is significantly

underestimated.

The NLFE and plane sections predicitons of both walls TW1 and TW2 appear to produce relatively

accurate estimates of curvatures over the height of the member, with the exception plane sections predictions

over the inelastic portion of the member. As was shown in the analysis of vertical strains in the previous

section, the under-predicted curvatures are driven by inaccurate estimates of vertical tension strains due to

the plane sections assumption. The result of this analysis identifies this as a major short coming of applying

the plane sections assumption to walls of this type. In contrast to this negative result, since the plane sections

estimates of curvature at the base of the wall produce reasonably accurate estimates, a relation between base

maximum curvature and the distribution may be possible.

4.3.10 Shear Strain Distributions

This section presents the NLFE predicted average shear strains and displacement profiles in comparison to

the EPFL test wall results. The results of this section are used to validate the NLFE shear model when

compared with the test results.

Figure 4.41a presents the shear strain distribution for wall TW1. The NLFE model generally predicts

shear strains of an appropriate magnitude, however the distribution of the strains somewhat differs from

those observed in the test. As the NLFE model does not include complex modelling of the base crack, the

large observed shear strain associated with base sliding effects is not captured. The resulting displacements

resulting from the shear strains presented are shown in Figure 4.41b. The NLFE model provides reasonable

predictions of shear displacements over the height of the wall. When accounting for the large 1 mm base

sliding shear, the NLFE model quite accurately matches that observed in the test.

Figure 4.42a presents the shear strain distribution for wall TW2. The NLFE model provides as less
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Figure 4.39: TW1 comparison of NLFE predicted and observed total curvature distribution.
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Figure 4.40: TW2 comparison of NLFE predicted and observed total curvature distribution.
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Figure 4.41: TW1 comparison of NLFE predicted and observed shear strains and displacements.
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irregular distribution than observed in the test specimen, however provides reasonable estimates magnitudes

of shear strains over much of the height of the member. The resulting displacements from the distributions

of shear strains is shown in Figure 4.42b. The distribution of NLFE predicted shear displacements over the

lower 600 mm matches well with those observed in the EPFL tests. NLFE predicted displacements over the

upper 1400 mm are over-estimated when compared with those observed in the test wall.
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Figure 4.42: TW2 comparison of NLFE predicted and observed shear strains and displacements.

Some minor NLFE prediction errors associated with base sliding and areas of low curvature were observed,

however overall the model provides reasonably accurate results for predicting the shear displacements and

strains of the thin and lightly reinforced walls. As was shown in the results of the EPFL members, shear

displacements can account for upwards of 30% of the total displacement of members of this type. However

it is noted that had a full height member been tested, the proportion of shear displacement at full height
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would be reduced as rotations near the base are amplified higher up in the member.

4.3.11 Crack Patterns

This section presents the NLFE predicted crack patterns in comparison to those observed in the EPFL test

walls TW1 and TW2. The NLFE model does not explicitly produce a predicted crack pattern, so various

results are aggregated and interpreted to produce a likely crack pattern. The number of horizontal cracks

developed at any given vertical section of wall is determined by the reported element crack spacing at that

vertical section. As the crack propagate from the extreme tension fibre into the web of the wall, the initially

horizontal crack is rotated based on the NLFE reported element crack direction. Where two cracks meet,

they are assumed to develop into a single crack. Starting at the extreme tension fibre, the initial number of

cracks in the flange area is determined by dividing the height of wall by the reported crack spacing.

Figure 4.43 presents the observed and NLFE interpreted prediction of crack pattern for wall TW1. As

shown in the upper Figure 4.43a, horizontal cracks initially begin horizontally in the flange area, and as they

propagate into the web they become increasingly diagonal to a maximum of a 45 degree angle. Since the

EPFL tests were cyclic, when cracks reach those developed in a previous reverse cycle tend to run along these

cracks until they diverge and begin propagate in the natural direction. This effect of cracks running along

previously created cracks tends to allow cracks to propagate further horizontally than they may have, had

not reverse cycles been introduced. The NLFE interpreted prediction of cracks is shown the lower Figure

4.43b. Beginning at the flange, the observed wall had approximately 13 cracks develop, compared with 11

main cracks in the NLFE prediction. Continuing into the web, the NLFE prediction has 5 large cracks

develop significantly into the web, which is similar to the those observed in the test wall. The upper two

large cracks in the NLFE model extend into the web more horizontally than in the test wall. The test wall’s

upper most crack develops into a roughly 45 degree shear crack.

Figure 4.44 presents the observed and NLFE interpreted prediction of crack pattern for wall TW2. The

upper Figure 4.44a shows the crack pattern as observed in the EPFL test wall. As shown, the main flexural

cracks developed in the flange extend roughly two-thirds of the height of the wall. The cracks then propagate

at a roughly 30 degree angle in the web. As observed in wall TW1, when the tension cracks meet those

developed during a previous reverse loading cycle, the cracks propagate along the existing cracks for a short

distance, until diverging in their natural direction. Figure 4.44b presents the NLFE interpreted prediction

for wall TW2. The number of main flexural cracks predicted by the NLFE model is 8, compared with

approximately 9 in the test wall. The propagation of cracks into the web predicted by the NLFE model is at

a slightly flatter angle for the uppermost cracks, however it is noted that the cracked area predicted by the

NLFE model was of a similar shape to that observed in the test, with the discrepancy due to the method of

interpretation used.

Overall, the NLFE prediction produces quite accurate predictions of crack patterns. Given that the

NLFE model loading was monotonic, compared with the cyclic loading program used in the EPFL tests,

it is expected that had the NLFE program been applied cyclically the results would only improve. This

sections serves to further validate the results of the NLFE program for use with thin and lightly reinforced

walls subjected to in-plane loads.
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(a) Observed During Test

(b) NLFE Interpreted Prediction

Figure 4.43: TW1 comparison of NLFE predicted and observed crack patterns.
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(a) Observed During Test

(b) NLFE Interpreted Prediction

Figure 4.44: TW2 comparison of NLFE predicted and observed crack patterns.
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4.4 Development of Proposed Models

As was presented in the previous section, while the EPFL tests on thin and lightly-reinforced shear walls were

observed to deform primarily in flexure, shear deformations can account for roughly 30% of the total observed

deformation near the base of the wall. This result suggests that classical models of flexural deformations

alone may poorly predict drift capacities near the base of these types of walls. This section presents two

proposed models which are used to predict the flexural and shear capacities of thin and lightly-reinforced

concrete walls.

The first model applies a classical plastic hinge analysis for the analysis of flexural deformations. The

second model uses the relationship between average element vertical strains and shear strains to produce

estimates of shear deformations in members of this type.

4.4.1 Plastic Hinge Models

This section will introduce the concept of a classical plastic hinge model based on a region of uniformly

varying inelastic curvature used to estimate first mode flexural displacements in flexural concrete walls.

Once the classical plastic hinge concept is established, an alternative formulation of classical plastic hinge

model is established on the basis of a a region linearly varying inelastic curvature. This refined hinge model

is proposed for analysis of thin and lightly-reinforced concrete walls which are shown to exhibit little vertical

spread of plasticity resulting in little

4.4.1.1 Description of Plastic Hinge Model Based on Uniformly Varying Inelastic

Curvatures
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Figure 4.45: Plastic hinge model based on uniform inelastic curvature.
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As a part of the seismic design of a concrete wall, it is important to assess the flexural displacement

capacity in relation to the flexural displacement demand. Inelastic flexural displacement demands are de-

termined through non-linear or equivalent linear elastic analysis methods. The total displacement at any

point over the height of the wall is made up of three displacement components, the flexural displacements

∆f , the shear displacements ∆v, and the shear slip displacements ∆s. The sum of the three displacement

components results in the total displacement at the level of interest as,

∆ = ∆f + ∆v + ∆s (4.25)

Inelastic flexural displacement ∆f capacities are analysed on based on the formation of an inelastic

(plastic) region near the base of the wall where inelastic curvatures φi dominate over elastic curvatures φe.

The total flexural displacement at a given level of the wall is then given by,

∆f = ∆ef + ∆if (4.26)

where ∆ef and ∆if are the flexural displacements due to elastic and inelastic deformations respectively.

Application of the described model of flexural displacements is typically performed on the basis of as-

suming that inelastic displacements occur due to a region of uniform inelastic curvature near the base of

the wall commonly referred to as the plastic hinge length lp. The inelastic curvature is determined from the

difference between the total measured curvature φ and the yield curvature φy,

φi = φ− φy (4.27)

Inelastic rotations can then be determined by integrating the inelastic curvatures over the plastic hinge

length as,

θi = φilp (4.28)

By considering plastic hinge rotations to be located at the height of the centroid of inelastic curvatures, the

inelastic displacements are expressed as,

∆i = θi

(
H − lp

2

)
= (φ− φy) lp

(
H − lp

2

)
(4.29)

The final expression for flexural displacements is given as,

∆f = ∆ef + (φ− φy) lp

(
H − lp

2

)
(4.30)

This model is dependant on the assumption of uniformly varying inelastic curvatures near the base of the

wall over the plastic hinge length. This section will investigate the assumption of uniformly varying inelastic

curvatures compared to an alternative region of linearly varying inelastic curvatures.

4.4.1.2 Description of Plastic Hinge Model Based on Linearly Varying Inelastic Curvatures

An alternative to the formulation of the plastic hinge model presented in the previous section has been

suggested (Bohl 2006). This alternative model is based on linear variation of inelastic curvatures as shown

in Figure 4.46.
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Figure 4.46: Plastic hinge model based on linear inelastic curvature.

By applying the same methodology as the uniformly varying inelastic curvature model, inelastic displace-

ments can be shown to be,

∆i = θi

(
H −

l∗p
3

)
= (φ− φy)

l∗p
2

(
H −

l∗p
3

)
(4.31)

Comparing this result to an equivalent uniform plastic hinge model, the resulting estimate of inelastic

displacements is similar for walls with small plastic hinge length to wall height ratios. For walls with larger

plastic hinge length to wall height ratios, the difference between the two models becomes larger with the

uniform model producing higher estimates inelastic displacements than the linear model.

For a 10m tall wall, the resulting difference in inelastic displacements varies from less than 1% for a

plastic hinge length to wall height ratio of 0.05, to over 12% for a ratio of 0.5. This result shows that as walls

become more squat, care must be exercised to ensure that an appropriate plastic hinge based on realistic

distributions of inelastic curvature is applied.

Many researchers have used uniform distributions of inelastic curvatures to develop models of plastic

hinge lengths, while others have used actual curvature distributions. Since the actual extent of plastic

curvatures is roughly twice the plastic hinge length of the uniform inelastic model, and the distribution of

inelastic curvatures is approximately linear, the models presented in the subsequent sections are based on

linearly varying inelastic curvatures.

4.4.1.3 Estimates of Elastic Curvatures

To determine the inelastic contribution of curvature and elastic portion must be subtracted from the total

distribution over the height of the member. The estimate of elastic curvature can have a significant influence

on the magnitude of inelastic curvature, as well as the apparent height over which plasticity occurs. With
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this in mind, this section presents a brief discussion on the selection of elastic curvature estimate used in the

remainder of this study.

The limit of elastic curvature depends on the definition of the onset of plasticity in the section. As curva-

ture increases in a member which is subjected to flexural displacements, the tensile demands on longitudinal

reinforcing increase elastically until the onset of plastic deformations at the yield limit. The point of overall

section yielding is dependant on several factors including the method of analysis.

Using a plane sections analysis, the most basic and widely applied definition of the elastic curvature

limit in a reinforced concrete section is often taken as the point at which reinforcing first begins to yield,

beginning with the most extreme bars and progressing inward towards the compression zone as curvatures

are increased. Typically this point of first yielding represents a well defined point on a moment-curvature

interaction diagram of the section where the slope begins to fall and the overall sectional response begins to

significantly soften.

Depending on the reinforcing configuration over the cross-section of the member, reinforcing may begin

to yield at the most extreme end of the member, however this may not coincide with the point of apparent

overall section yielding as observed on the moment-curvature diagram. This type of behaviour can be

observed in members with low boundary reinforcing ratios in comparison to the distributed reinforcing ratio.

In this case, the overall section yield point may not occur until a larger proportion of distributed longitudinal

reinforcing has reached the yield limit.

Given the differences noted, the definition of elastic curvature limit which is most appropriate to apply

is dependant on the application in question.

As a more in-depth analysis method, NLFE model estimates of elastic curvature can be more difficult to

define depending on the reinforcing configuration and non-linear properties of the reinforcing and concrete.

Similar to the plane sections estimate, a member with no zones of concentrated reinforcing and uniform

reinforcing properties will begin to yield longitudinal reinforcing at the most extreme bars first. However

for more complex reinforcing configurations, such as shear walls with areas of concentrated zone reinforcing

at the ends and comparatively small amounts of distributed reinforcing, the first onset of longitudinal bar

reinforcing may occur in the web section prior to the most extreme bars. Depending on the relative amounts

of reinforcing present in each zone, yielding may occur in distributed reinforcing much sooner than is apparent

on a plot of the overall section moment-curvature behaviour. This type of behaviour present as a result of

the NLFE analysis complicates the definition of the elastic curvature limit when applied.

In the context of this study, it was shown that the EPFL test members typically exhibited an apparent

elastic curvature limit which is more easily defined using a plane section estimate of elastic curvature based

on first yield of the extreme reinforcing bars. This point of first bar yielding also corresponded well with

the point of apparent overall section yield as observed from the results of the plane-sections analyses of the

EPFL test members. The plane sections elastic curvature estimates are shown below in Table 4.13.

Table 4.13: EPFL Test specimen estimates of elastic curvature based on plane sections analysis.

Specimen Name Plane Sections Estimate of Elastic Curvature [rad/km]

TW1 1.10
TW2 0.83
TW4 1.05
TW5 0.98
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4.4.1.4 Distributions of Inelastic Curvatures

Estimates of inelastic curvatures in the EPFL test specimens and the NLFE results are taken by subtract-

ing the elastic curvature limit discussed in the previous section, from the total measured distributions of

curvatures. An example plot of the inelastic curvatures as observed in the EPFL test wall TW1 is shown

in Figure 4.47. The results for walls TW2, TW4, TW5 including those determined by NLFE analysis for

specimens TW1 and TW4 are included in Appendix C.4.1.

4.4.1.5 Lengths of Linearly Varying Inelastic Curvature

The model of linearly varying inelastic curvature is applied to the observed distributions of inelastic curva-

tures by creating an equivalent linear distribution. Equivalence is based on producing a model which has

both equal area and first moment of area as the observed results. This equal area and first moment of area

method ensures the equivalent model of linearly varying curvature has the same displacement characteristics

as the test specimen.

To assess the vertical spread of plasticity present in the EPFL test members and NLFE estimates, the

equivalent linear model results are presented alongside the estimate of plastic hinge length estimate based

on reinforcement yielding,

l∗p = z

(
1− My

Mmax

)
(4.32)

By comparing these two lengths, an estimate of the vertical spread of plasticity is made.

As shown in Figure 4.48, EPFL test specimen TW1 shows no spread of plasticity over its height. Inelastic

curvatures for this specimen are restricted to the height over which reinforcement is expected to yield, even

with the formation of large diagonal shear cracks.

In contrast to these results, the results of the thicker wall TW2 are shown in Figure 4.49. Unlike specimen

TW1, this wall shows significant spread of vertical plasticity beyond the height over which reinforcement is

expected to yield.

Similar results for the NLFE estimates of specimens TW1 and TW2, and the test results for TW4 and

TW5 are included in Appendix C.3.3.

4.4.1.6 Model of Plastic Hinge Length for Thin Lightly-Reinforced Concrete Walls

The results of the EPFL test specimens in comparison to the model of linearly varying inelastic curvatures

are summarized in Table 4.14.
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Figure 4.47: TW1 observed distributions of inelastic curvature for load-steps 17 to 29.
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Figure 4.48: TW1 model of linearly varying inelastic curvature based on equal area and first moment of area
in comparison to length of reinforcement yielding.

135



0

200

400

600

800

1000

1200

1400

1600

1800

2000

0 2 4 6 8 10 12 14 16

E
le

va
tio

n 
[m

m
]

Inelastic Curvature [rad/km]

Observed Gauge Length
Observed Inelastic Curvature
Linear Model - Equal Area and Moment of Area
Linearly Varying Curvature due to Reinforcement Yielding

Figure 4.49: TW2 model of linearly varying inelastic curvature based on equal area and first moment of area
in comparison to length of reinforcement yielding.
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Table 4.14: Summary of EPFL specimen linearly varying predicted yield moments, inelastic curvatures, plastic hinge lengths, spread of inelastic
curvatures, and maximum compression strains.

Specimen Name TW1 TW1 TW2 TW2 TW4 TW5
NLFE NLFE

Specimen Details
Wall Thickness [mm] 80 80 120 120 80 120

Height to Thickness Ratio 25.0 25.0 16.7 16.7 25.0 16.7

Loading

Load Stage 27 Max. 17 Max. 48 38
Maximum Bending Moment Applied at Base [kN-m] 1728.7 1728.7 2367.7 2367.7 1650.1 2260.1

Applied Shear Force [kN] 172.4 172.4 757.1 757.1 165.0 307.4
Shear Height M/V [mm] 10029 10029 3127 3127 10000 7354

Yield Moment
Predicted My [kN-m] 1505 1505 1950 1950 1392 1844.71

Height from Base where Bending Moment at Yield [mm] 1753 1753 620 620 1455 1092

Predicted Curvatures
Predicted Curvature at Reinforcement Yield [rad/km] 1.10 1.10 0.83 0.83 1.05 0.98

Predicted Inelastic Curvature Capacity, φi,pred [rad/km] 8.20 8.20 7.56 7.56 9.40 5.69

Linear Model

Height of Linearly Varying Inelastic Curvature, l∗p[mm] 1583 1441 1153 1428 1297 1689
Maximum Inelastic Curvature, φi [rad/km] 7.74 7.62 6.65 7.30 10.71 5.44

φi/φi,pred 0.94 0.93 0.88 0.97 1.14 0.96
Maximum Measured Inelastic Curvature[kN-m] 9.00 8.97 8.47 7.41 4.03 7.98

Spread of Inelastic
Curvature

Height of Inelastic Curvatures Above My, Hi [mm] -170 -312 533 809 -158 597
Hi/Lw -0.06 -0.12 0.20 0.30 -0.06 0.22

Max. Compression
Strain

Predicted φc,max at φi,max 0.0024 0.0024 0.0045 0.0045 0.0021 0.0035
Maximum Measured Compression Strain 0.0026 0.0026 0.0059 0.0059 0.0027 0.0063
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As shown, specimens TW1 and TW4 exhibit no apparent vertical spread of inelastic curvature, with

maximum compression strains which are similar to those predicted by plane sections estimates. By com-

parison, the thicker members TW2 and TW5 have a distinct spread of vertical plasticity beyond the yield

height. The spread of inelastic curvatures for the two EPFL test specimens TW2 and TW5 were 20% and

22% of the wall length, and the NLFE model of TW2 was 30% of the wall length. Plane sections predictions

of maximum compression strains for the thicker members was typically good, with the exception of specimen

TW5 which reached notably higher than predicted maximum compression strain.

The model of linearly varying inelastic curvatures in comparison to the test results shows that the thinner

EPFL test specimens TW1 and TW4 show little tendency for spread of inelastic curvatures to occur. This

is contrasted by the thicker specimens TW2 and TW5 distinctly observed vertical spreading of plasticity

above the yield height of the walls. This result illustrates that thin and lightly reinforced wall members

may not form a well defined plastic hinge region due to spread of vertical plasticity at the base of the wall.

This lack of vertical spread of plasticity contributes to lower than expected overall top of wall displacement

capacity through reduction of the overall area enclosed by the inelastic curvature distribution at the base of

the wall. A simple lower bound estimate of the distribution of inelastic curvatures based on the height of

reinforcement yielding is suggested for members of this type.

4.4.2 Shear Strain Estimation Based on Average Vertical Strain

Based on observations from the EPFL test walls and the UCLA database analysis, many thin and lightly-

reinforced walls have been shown to have low levels of measured overall displacement capacity. Since dis-

placement ductility of flexural walls is typically developed through inelastic flexural hinging at the base, as

the measured level of flexural ductility decreases, shear strains may begin to contribute a proportionally

higher amount to overall displacements.

Typically, as the wall height to length aspect ratio increases, the overall displacements at the top of the

wall begin to quickly be dominated by rotations induced in the plastic region which develops near the base.

For thicker, more heavily reinforced walls which are able to develop high levels of displacement ductility,

shear strains make up very little of the overall displacement. In contrast to the case of wall with high flexural

ductility, thin and lightly-reinforced members subject such as those in the EPFL test program, have low

levels of flexural ductility. This low flexural ductility allows the usually low proportion of shear strains to

become more substantial.

To account for the shear strains present in flexural dominated walls, it has been proposed that the average

vertical strains can be used to determine shear strains (Bazargani and Adebar 2015). This section presents

the method of using average vertical strains to perform shear strain analyses, and uses the analysis results of

the EPFL walls TW1, TW2, TW4, and TW5 from the previous section to validate the utility of the model

when applied to thin and lightly reinforced concrete walls.

4.4.2.1 Description of Shear Strain Model

By considering a simple wall element with uniformly spaced vertical and horizontal reinforcing subject to

a tensile uniaxial vertical normal strain εv and a shear strain γvh, it has been shown that this element is

able to represent the flexural hinge region of a concrete wall (Bazargani and Adebar 2015). This model only

requires an estimate of average shear angle θ and vertical tensile strain to establish an estimate of shear
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strains by using a plane strain transformation. This transformation is defined as,

γvh = εv (− tan 2θ) (4.33)

Previous research has suggested that an average principal strain angle of θ = 75 degrees be applied. By

applying this to the simplified strain model reduces to the expression,

γ̄vh = 0.58ε̄v (4.34)

where γ̄vh is the average shear strain, and ε̄v is the average vertical strain. The subsequent section will use

the results of the EPFL test walls to validate the use of this expression for thin and lightly-reinforced walls.

4.4.2.2 Shear Model Analysis Results

The simple shear model was applied to the results of the EPFL test walls TW1, TW2, TW3, and TW4.

Figure 4.50 presents the model predicted shear strain estimates versus the measured average vertical strain at

the individual measurement elevations. For discrete measurements at each gage length, the model produces

poor results. This indicates that the shear model assumption that several cracks are present is important

to the applicability of the model. Figure 4.51 presents the EPFL test specimen results for average member

shear strain over their full heights, versus the estimated average vertical strain at mid-height of the test

specimens. As shown the model produces good estimates of average shear strain. This shows that over

multiple crack locations, the average shear strains are well correlated with average vertical strains. The

results of the EPFL tests shown serve to validate the simple shear strain model based on average vertical

strain of these thin and lightly-reinforced walls. However the results for individual measurements over the

height of the test members do not produce good results for this model. This results may be due to the

coarseness of strain measurements or some measurement gage lengths not crossing crack locations. This

effect will be investigated by investigating the results of the NLFE models for walls TW1 and TW2.

Further to the analysis of the EPFL test specimen results, the results of the NLFE model for walls

TW1 and TW2 are presented in Figure 4.52. These plots show the distribution of average shear strain over

the height of each wall in comparison to shear model using the estimated average vertical strain at each

elevation from a plane sections assumption of strains across the length of the wall. As shown in Figure

4.52a, the results for wall TW1 show that the average predicted shear strains near the base of the wall are

overestimated. Conversely, in higher elevations the shear strain response is under predicted in comparison to

the NLFE model results. The former results is due to the presence of high vertical strains predicted in the

NLFE model near the base of the wall, with low predicted shear strains due to boundary effects. The under

predicted results higher in the wall are due to the presence of high vertical strains in the lightly reinforced

web section which are not captured by the plane sections assumption of vertical strains over the length of

the wall.

Figure 4.52b presents the results over the member height for the TW2 NLFE model. As shown, this

member produces much better results over the height of the wall. This better prediction is due to the

member’s uniform vertical reinforcing which does not produce overly irregular vertical strains over the length

of the wall. In addition, the more closely spaced cracks in wall TW2 better match the shear strain model

assumption of several uniform cracks over the biaxial shear element.
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Figure 4.52: NLFE predicted average shear strain in comparison to estimate based on average vertical strain.
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4.5 Conclusion

This chapter presented an in-depth look at the in-plane behaviour of thin and lightly-reinforced concrete

shear walls. Using the UCLA RCWalls database, parameters which affect the global drift capacity of these

types of walls were identified. This analysis resulted in the development of a refined model of wall global

drift capacity with respect to shear span and compression zone slenderness. Using the results of the database

analysis, a set of test specimens with particularly low levels of recorded global drift capacity was selected for

further analysis. This set of wall specimens tested at EPFL presented a unique opportunity to apply test

specimen results to a different application than the original testing program research topic. The availability

of high quality test data allowed an in-depth analysis of the load-deformation response, failure modes, vertical

strains, shear strains, and curvatures in these specimens. A NLFE model was then calibrated to the EPFL

specimens, and the results of which were applied to validate models of inelastic curvature and shear strains.

The UCLA RCWalls database identified that thin and lightly-reinforced wall drift capacity is mainly

affected by compression zone slenderness, c/t, and shear span ratio, M/V lw. This result is of interest as it

was expected that walls with high shear stresses or axial loads would result in low observed drift capacity.

The results of this analysis were then applied to a simple linear model of maximum drift capacity based on

compression zone slenderness and shear span ratio. The model was shown to have good results in predicting

maximum drift capacities of the test specimens with little observed scatter.

The EPFL wall test results identified that out-of-plane buckling failures may have occurred after the

formation of a compression strain limit failure, which bears the conclusion that while out-of-plane effects

may contribute to cyclical degradation of the compression zone, the ultimate failure is not destabilization

of the wall panel out-of-plane. This result is supported by the presence of high strains measured in the

compression zone, as well as observed in test video. When the NLFE element models were developed, the

failure mode was also a compression zone strain failure.

Analysis of EPFL wall shear and vertical strains showed that plastic hinge zone horizontal deformations

consist of significant amounts of wall base rotation, panel flexure, and panel shear. These three components

must all be accounted for in any estimation of displacement in the plastic hinge zone of this type of wall.

NLFE and plane sections models of the selected EPFL wall specimens were well calibrated with the test

results and the model results were used to augment the observed data in validating a plastic hinge model

for thin and lightly reinforced shear walls. It was shown that even though vertical strains were not linearly

distributed across the length of the wall were not linearly distributed, the plane sections analysis resulted

in good estimations of overall member curvature capacity. The NLFE results were able to confirm that the

test set up was unlikely to have caused any reduction in spread of vertical plasticity in the test specimens.

Using models of linearly and uniformly varying inelastic curvature, it was shown that these thin and

lightly-reinforced walls exhibit very little vertical spread of inelastic curvatures. This behaviour results in a

plastic hinge length which is based mainly on the height over which the extreme fibre reinforcing is yielding

with additional vertical reinforcing strain demand due to shear stress playing a smaller role than in more

heavily reinforced members. Since accurate estimations of plastic hinge length are important in many linear

and non-linear analysis situations, this result is of significant importance.

Finally a model of estimated shear strains based on average vertical strains was validated using the results

of the EPFL NLFE models. These results showed that this model which is typically applied to more heavily

reinforced walls also holds valid in thin and lightly-reinforced elements.
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Chapter 5

Conclusion

The use of lateral force resisting systems consisting of a main core of cantilever and coupled walls is ubiquitous

in the design of high rise buildings in Canada. Understanding how thin and lightly-reinforced walls influence,

and are influenced by these structural systems is of utmost importance to practising engineers, researchers,

local governments, and building end users. Ensuring our codified design procedures are robust and consistent,

and exploring new design and analysis tools, serves to attain the goal of ensuring appropriate levels of

structural safety are achieved. This thesis has presented insight on a broad range of topics related to thin

and lightly-reinforced concrete bearing walls.

5.1 Demands on Gravity Load Walls due to Lateral Response of

Cantilever and Coupled Wall Buildings

The first main chapter of this thesis was dedicated to framing some of the issues with thin and lightly-

reinforced within the context of a typical structure representative of those in South Western British Columbia.

To this aim a fictitious building with some typical features observed in new and old high rise buildings in

British Columbia was analysed. As was shown, the behaviour of the core wall structure under lateral

wind and seismic loading was influenced by the presence of several thin wall elements which are a part of

the main gravity resisting system. The sectional forces on the thin wall elements under wind and seismic

loading were shown to be significant, with walls in the coupled direction shown to resist up to 15% of the

total overturning moments in a combination of bending and unintended outrigger effect. In contrast to the

seemingly manageable ultimate force levels in the thin walls, a simple analysis of inelastic rotational demands

and capacities of these elements shows that the ability for these thin wall elements to undergo deformations

of the full system are of paramount importance. The thin walls undergo significant levels of inelastic demand,

far in excess of what they are able to withstand.

5.2 Thin Lightly-Reinforced Bearing Walls

The next subject of study in this thesis was the treatment of uni-axially loaded thin and lightly-reinforced

bearing walls in Canadian design codes. Uni-axial bearing wall test results were aggregated and comparisons

to code based rational and empirical design methods were made. It was shown that the rational moment

magnifier approach to design and analysis of bearing walls was well correlated with test results. Unconserva-

tive discrepancies were found when applying the CSA A23.3-14 empirical design equation. Specifically, the

lack of consideration of sustained loading effects, concrete strength, member buckling factors, and effective

lengths served to provide higher estimated capacity results when compared with the more rigorous moment

magnifier method. With an aim at improving uniformity across the various allowable code based design and

analysis methods, a new simplified empirical bearing wall equation was derived based on the behaviour of
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an unreinforced wall section. This new design equation was shown to provide similar axial load carrying

capacity results to the moment magnifier method for lightly reinforced wall sections.

5.2.1 Empirical Bearing Wall Design in CSA A23.3-14

Empirical bearing wall design by the CSA A23.3-14 method has been established to be a generally useful

tool for estimating short term, monotonic axial load capacity of lightly reinforced, and modestly slender wall

members (ρv ≈ 0.002 and h/t ≤ 25). Perhaps the most significant drawback of the CSA A23.3-14 empirical

bearing wall design method, is the omission of sustained load effects. By comparing the empirical design

method with another well established method of analysis, the moment magnifier method, it was shown that

the empirical method may produce estimations of axial load which can be in the range of 150% to 250%

higher than those estimated by the moment magnifier method under the same conditions. The effect of

sustained loads is of particular concern in members with high ratios of dead to total loads βd. Mid and high

rise residential buildings may have sustained load ratios βd as high as 0.90 in many cases. This is due in

part to the use of live load reductions based on floor area carried by a member, and also the relatively low

design live loads of residential structures when compared with structure self weight.

It was also shown that as concrete cylinder strengths increase above f ′c ≈ 40MPa, a reduction in nor-

malized axial load capacity occurs. In the worst case CSA A23.3-14 allowable scenario (h/t ≤ 25), a

member’s capacity was over estimated by approximately 20%. Given the small sample size of members with

f ′c > 40MPa (n = 17), the failure rate of 35% for members in this category is of particular concern.

There is an inherent uncertainty in the level of critical buckling load due to the estimates of flexural

stiffness and concrete strength. To account for the potential of a reduced critical axial load, a member

buckling factor φm = 0.75 is employed. It was shown that the empirical method closely approximates the

moment magnifier when a critical buckling factor of φm = 1.0 is applied. Since this would not be the case in

practice, this results in yet another avenue of strength over estimation when the empirical method is applied.

For this reason it is suggested that the empirical method is recalibrated to better fit with the results of the

moment magnifier method when a member buckling factor of φm = 0.75 is applied.

5.2.2 Rational Method of Design in CSA A23.3-14

The moment magnifier method of slender compression member design in CSA A23.3-14 provides a rational

method to estimate second-order effects without the use advanced analysis tools. Estimations of axial load

capacity using the moment magnifier method have been shown to generally produce good estimations of

axial load capacity, however depending on the assumptions made may produce overly conservative results.

The method was validated against 111 test specimens or various slenderness, concrete strength, and levels

of reinforcing.

One of the main factors affecting the estimation of axially loaded members using the moment magnifier

method is the estimate of flexural stiffness used in the analysis. Deflections along the length of the member are

determined according to an equivalent flexural stiffness which encapsulates the varied response of the actual

member. Equation 3.36 was shown to provide a conservative estimate of strength, however was certainly

overly conservative in many cases, especially at higher slenderness levels. Equation 3.37 produced good

results across the range of slenderness, however some over estimates of axial load capacity were observed.

Equation 3.38 produced the best results based on overall member behaviour, however produced somewhat

unconservative estimates in some cases, particularly for higher slenderness levels. As a result of this analysis,
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Equation 3.36 is not recommended for use for lightly reinforced slender bearing wall elements, as it produces

an overly conservative estimate of capacity which results in an unwarranted and inefficient use of resources.

Equation 3.37 is recommended for use in typical members of this type, and has been shown to produce

reasonable estimates of axial load capacity without producing overly conservative results. The alternative

Equation 3.38 does provide an excellent overall prediction of member behaviour, with the lowest observed

variance of the the three methods. However its use is not recommended at this time, as it is uncertain if the

level of failure produces an acceptable level of risk when applied to a much larger number of members.

As was noted for empirical method of axial load estimation, sustained load effects result in significant

effects on the behaviour of slender bearing wall elements. Levels of sustained load to total load in residential

high rise construction can be upwards of 90% and the effects are not insignificant. The moment magnifier

method approach reduces the effective flexural stiffness to account for sustained loading effects, however the

lack of experimental data to confirm this behaviour creates some uncertainty. Since few or no axial load

failures of members under sustained loads have been observed in practice, it is cautiously assumed that the

method is at least satisfactory, if not conservative.

It was also shown that ambiguity exists between the CSA A23.3-14 Clause 10.13.2 and Clause 14.1.7.1

maximum slenderness limits. Chapter 14 indicates a maximum slenderness of h/t > 25, however directs

the user to the provisions of Chapter 10 for the detailed design of the element, which specifies a maximum

slenderness ratio of 100, or h/t = 30 for a rectangular cross sections. Better guidance on slenderness limits

for members and when those limits apply may reduce user misapplication.

5.2.3 Simplified Rational Member Design Equation

A simplified equation to determine the maximum axial load capacity of a lightly reinforced concrete wall

member derived from the axial-moment interaction of an unreinforced member, and the magnified moment

using the moment magnifier method is presented as,

Pr =
A

2
−

√(
A

2

)2

−B
(

1− 2e

t

)
(5.1)

where,

A = φmPcr + α1f
′
cAg

B = φmPcrα1f
′
cAg

This new equation provides a significantly improved method of member design based on a well established

design approach. It was shown that the equation is valid for lightly reinforced members with little or no loss

to the maximum axial load capacity, since light reinforcing provides little strength gain to the member. An

addition to the reduced effort and increased accuracy of the new equation when compared to the full moment

magnifier method and the empirical equation, no loss of sustained loading effect or reduced member buckling

capacity as implemented in CSA A23.3-14 is present. The newly derived equation represents a significant

improvement to the empirical equation which this thesis has confirmed can produce unconservative and

unreliable estimates of maximum axial load.
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5.3 Thin Lightly-Reinforced Shear Walls

The focus of the thesis then shifted to address the more complex response of thin and lightly-reinforced walls

subjected to in-plane shear and bending demands.

5.3.1 UCLA RCWalls Database Analysis

A database analysis of past test results was used to estimate the aggregate behaviour of this style of wall.

It was found that overall member drift capacities less than 1% were often observed. A parametric analysis

of the database test results was performed and it was shown that overall wall drift capacity was most

strongly influenced by wall shear span M
V lw

, and compression zone slenderness c
t . These results were applied

to the derivation of a simple empirical equation which predicts wall overall drift capacity based on the

aforementioned parameters.

The UCLA RCWalls database identified that thin and lightly-reinforced wall drift capacity is mainly

affected by compression zone slenderness, c/t, and shear span ratio, M/V lw. This result is of interest as it

was expected that walls with high shear stresses or axial loads would result in low observed drift capacity.

The results of this analysis were then applied to a simple linear model of maximum drift capacity based on

compression zone slenderness and shear span ratio,

δc
hw

(%) = 3.85− λ

α
− vmax

0.83
√
f ′c

(5.2)

The model was shown to have good results in predicting maximum drift capacities of the test specimens

with little observed scatter.

5.3.2 Analysis of EPFL Walls and Proposed Models

It was shown that the displacement capacity of these flexurally dominated walls included significant shear

displacements and base rotations. Very little vertical spread of plasticity was present, and inelastic vertical

strains were mostly constrained within the expected height of reinforcing yield based on simple sectional

flexural analysis. NLFE and plane sections models of the selected EPFL wall specimens were well calibrated

with the test results and the model results were used to augment the observed data in validating a plastic

hinge model for thin and lightly reinforced shear walls. It was shown that even though vertical strains were

not linearly distributed across the length of the wall, the plane sections analysis resulted in good estimations

of overall member curvature capacity.

Using models of linearly and uniformly varying inelastic curvature, it was shown that these thin and

lightly-reinforced walls exhibit very little vertical spread of inelastic curvatures. The observed behaviour

results in a plastic hinge length which is based mainly on the height over which the extreme fibre reinforcing

is yielding with additional vertical reinforcing strain demand due to shear stress playing a smaller role than

in more heavily reinforced members. Since accurate estimations of plastic hinge length are important in

many linear and non-linear analysis situations, this result is of significant importance. Analysis of EPFL

wall shear and vertical strains showed that plastic hinge zone horizontal deformations consist of significant

amounts of wall base rotation, panel flexure, and panel shear. These three components must all be accounted

for in any estimation of displacement in the plastic hinge zone of this type of wall.

Finally a model of estimated shear strains based on average vertical strains was validated using the results
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of the EPFL NLFE models. These results showed that this model which is typically applied to more heavily

reinforced walls also holds valid in thin and lightly-reinforced elements.

5.4 Opportunities for Future Research

Several opportunities for future research were identified as a result of the various research topics presented:

• The effect of sustained eccentric axial loads on thin and lightly-reinforced bearing wall elements.

• Validation of effective length factors applied to the analysis uniaxial load carrying capacity of thin and

lightly-reinforced bearing wall elements.

• Instability of slender compression zones in thin and lightly-reinforced walls subjected to combined

in-plane shear and significant axial loads.

• Plastic hinge lengths in thin and lightly-reinforced members with low levels of vertical spread of plas-

ticity in walls with significant observed diagonal shear cracking.

• Influence of base crack formation on overall drift of thin and lightly-reinforced walls subjected to

in-plane shear.
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Appendix A

Demands on Gravity Load Walls Due

to Lateral Response of Cantilever and

Coupled Wall Buildings

A.1 Example Building Description

A.1.1 Building Geometry

This section includes the typical floor layout used in the case study presented in Chapter 2. The typical

column layout is based on real buildings in the Vancouver, BC area to reflect real world design configurations.

Figure A.1 shows the typical floor plan of the example building.

A.1.2 Material Properties

The material properties applied to the analysis model are as follows:

Specified concrete cylinder strengths:

Wall elements 30 MPa to 55 MPa Column elements 35 MPa to 55 MPa Typical slabs 35 MPa Transfer

slabs 45 MPa

Concrete modulus of elasticity is defined according to the CSA A23.3-14 standard as E = 4500
√
f ′c.

Reinforcing steel yield strength, fy = 400MPa Reinforcing steel modulus of elasticity, Es = 200000MPa

A.2 NBCC Wind Demands

Static and dynamic wind demands are based on NBCC 2005 provisions. The final wind demands used for

analysis are those resulting from the dynamic analysis procedure. The results of the static and dynamic load

estimation methods are included in the following sections. Results include design pressure distributions,

resulting story shears, overturning moments, cumulative storey shears, cumulative overturning moments,

and relevant intermediate calculations.

NBCC 2005 requires that wind pressure distributions be determined based on the following formula,

p = IwqCeCgCp (A.1)

where Iw is the importance factor for wind loads, q is the reference velocity pressure, Ce is the exposure

factor, Cg is the gust effect factor, and Cp is the external pressure coefficient.

The importance factors for wind loads for normal buildings are 1.0 and 0.75 for ultimate limit state(ULS),

and serviceability limit states(SLS), respectively. The ULS factors are presented for the determination of the
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design pressure distribution, and the 0.75 SLS reduction is applied as required during model implementation

of the wind pressure.

The reference velocity pressure for this building is 0.47 kPa based on the assumed location in the Greater

Vancouver area. Reference velocity pressures are based off of historical and predicted 1/50 year maximum

hourly wind events which are published as part of the NBCC.

Exposure factors are based off of the changes in wind speed due to height, and roughness of surrounding

terrain. The static and dynamic procedures differ in their determination of this factor. Each factor used will

be presented in their respective sections.

Gust factors attempt to reduce several different effects into a single modification. Effects include random

fluctuations caused by turbulence of incoming wind, fluctuations induced by the wake of the structure itself,

inertial forces from the motion of the structure in response to fluctuating wind forces, and aerodynamic forces

due to alterations in the airflow caused by the motion of the structure itself (aero-elastic effects). The gust

factor accounts for any resonant effects of inertial forces caused by excitation close to a natural vibration

frequency. Normally smaller buildings which are not expected to have significant resonant component can be

analysed using the static procedure, while taller and more slender structures require more in depth analysis

using the dynamic method. The determination of the gust factor for the static and dynamic methods will

be presented in each respective following section as required.

The final factor required is the external pressure coefficient. This factor represents a modification to the

wind pressure distribution based the results of scale model wind tunnel testing. The static and dynamic

procedures differ in their determination of this factor. Each factor used will be presented in their respective

sections.

Applying the equation for external pressure results in a pressure distribution which varies with height

over the structure on the windward side, and an accompanying leeward constant suction which acts in

tandem. From this final pressure distribution, the overall shear and overturning moment demands can be

easily determined. When implemented in a structural analysis software program, an accurate estimate of

the demands on the building can be easily determined. The results of both such analyses for the building of

interest are presented in the following sections.

The external pressure coefficient used in the static and dynamic methods is based on an assumed pressure

distribution which varies by ratio of height to width in the direction of wind applied. The windward coefficient

is determined by,

Cp =


0.6 for H/D < 0.25

0.27(H/D + 2) for 0.25 < H/D < 1

0.8 for H/D ≥ 1

(A.2)

and the leeward coefficient by,

Cp =


0.3 for H/D < 0.25

0.27(H/D + 0.88) for 0.25 < H/D < 1

0.5 for H/D ≥ 1

(A.3)

In addition to full pressure distributions determined from either the static or dynamic analysis, partial

loading effects are required to be analysed. The required partial loading cases are as shown in Figure A.2.
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A.2.1 Static Wind Calculations

As discussed in the previous section, the static wind demands are based on determining the external pressure

using the equation presented. As has been discussed, the building in this study requires the implementation of

the dynamic analysis method, however it is of interest to also determine the static distribution for comparison.

The exposure factor Ce determined for use in the static method is based on the surrounding terrain of

the building site. For this building the terrain is typically flat with mostly low rise buildings, with a few

scatted high rise also present. This type of surrounding area represents “rough terrain” as described in the

NBCC 2005 commentaries. The rough terrain exposure factor in this case is defined as Ce = 0.7(h/12)0.3,

but not less than 0.7 which is applied at each level for the windward case, and at the reference height for

the leeward case.

The gust effect factor for the static case is simply defined for the building as a whole as Cg = 2.0.

The results of the static procedure wind loading are as shown in the following.
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Static Wind Loading - NBCC 2005 
Description: East West Direction Static Wind Loading (X Direction)

Building Height Above Grade, H 100.26 m 328.84 ft
Leeward Side Reference Height 50.13 m 164.42 ft

Building Dimension in Y-Dir, Dy 30.15 m 98.89 ft
Cross Wind Dimension in Y-Dir, Wy 21.57 m 70.74 ft

h/Dy 3.3 3.3
Cp Windward Side 0.80 0.80
Cp Leeward Side 0.50 0.50

1/50 Year Reference Pressure, q50 0.47 kPa 9.8 psf

ULS Importance Factor, Iw 1.00
SLS Importance Factor, Iw 0.75

Leeward Exposure Factor, Ce 1.07 Assumed rough terrain per 4.1.7.5.5
Gust Effect factor, Cg 2.0 Structure as a whole per 4.1.7.1.5.6

External Wind Pressure

CpCg
ULS Pe 
[kPa]

ULS Pe 
[psf]

Y-Dir Leeward 1.0 0.51 10.6
Zone

External
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Level

Floor to 
Floor [ft]

Elevation 
[ft]

Height 
Above 
Ground 
[ft]

Height 
Above 

Ground [m]
Wind 

Height [m] Width [ft] Width [m]

43 0 633.84 328.84 100.26 1.51 29.17 8.89
42 9.92 623.93 318.93 97.23 2.92 29.17 8.89
41 9.24 614.69 309.69 94.42 2.99 29.17 8.89
40 10.40 604.29 299.29 91.25 3.08 104.00 31.71
39 9.82 594.47 289.47 88.25 2.82 112.00 34.15
38 8.67 585.80 280.80 85.61 2.64 112.00 34.15
37 8.67 577.14 272.14 82.97 2.64 112.00 34.15
36 8.67 568.47 263.47 80.33 2.64 112.00 34.15
35 8.67 559.80 254.80 77.68 2.64 112.00 34.15
33 8.67 551.14 246.14 75.04 2.64 112.00 34.15
32 8.67 542.47 237.47 72.40 2.64 112.00 34.15
31 8.67 533.80 228.80 69.76 2.64 112.00 34.15
30 8.67 525.14 220.14 67.11 2.64 112.00 34.15
29 8.67 516.47 211.47 64.47 2.64 112.00 34.15
28 8.67 507.80 202.80 61.83 2.64 112.00 34.15
27 8.67 499.14 194.14 59.19 2.64 112.00 34.15
26 8.67 490.47 185.47 56.55 2.64 112.00 34.15
25 8.67 481.80 176.80 53.90 2.64 112.00 34.15
23 8.67 473.14 168.14 51.26 2.64 112.00 34.15
22 8.67 464.47 159.47 48.62 2.64 112.00 34.15
21 8.67 455.80 150.80 45.98 2.64 112.00 34.15
20 8.67 447.14 142.14 43.33 2.64 112.00 34.15
19 8.67 438.47 133.47 40.69 2.64 112.00 34.15
18 8.67 429.80 124.80 38.05 2.64 112.00 34.15
17 8.67 421.14 116.14 35.41 2.64 112.00 34.15
16 8.67 412.47 107.47 32.76 2.64 112.00 34.15
15 8.67 403.80 98.80 30.12 2.64 112.00 34.15
12 8.67 395.14 90.14 27.48 2.64 112.00 34.15
11 8.67 386.47 81.47 24.84 2.64 112.00 34.15
10 8.67 377.80 72.80 22.20 2.64 112.00 34.15
9 8.67 369.14 64.14 19.55 2.64 112.00 34.15
8 8.67 360.47 55.47 16.91 2.64 112.00 34.15
7 8.67 351.80 46.80 14.27 2.64 112.00 34.15
6 8.67 343.14 38.14 11.63 2.64 112.00 34.15
5 8.67 334.47 29.47 8.98 2.64 112.00 34.15
3 8.67 325.80 20.80 6.34 2.64 112.00 34.15
2 8.67 317.14 12.14 3.70 3.17 112.00 34.15
1 12.14 305.00 0.00 0.00 1.85 112.00 34.15
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Level

Windward 
Exposure 
Factor, Ce

ULS 
Windward 
Pressure, 
[kPa]

ULS 
Leeward 
Pressure, 
[kPa]

ULS Total 
Storey 
Pressure, 
[kPa]

ULS 
Applied 

Wind Load 
at Level, 
[kN]

ULS 
Cumulative 
Story Wind 
Load, [kN]

ULS 
Overturning 
Moment at 
Level, [kN-m]

ULS Cumulative 
Overturning 

Moment, [kN-m]

43 1.32 1.00 0.51 1.50 20.17 20 2022 2022
42 1.31 0.99 0.51 1.49 38.73 59 3766 5788
41 1.30 0.98 0.51 1.48 39.47 98 3726 9514
40 1.29 0.97 0.51 1.47 143.92 242 13132 22646
39 1.27 0.96 0.51 1.46 140.80 383 12426 35073
38 1.26 0.95 0.51 1.45 131.21 514 11233 46306
37 1.25 0.94 0.51 1.45 130.41 645 10820 57126
36 1.24 0.93 0.51 1.44 129.59 774 10410 67536
35 1.23 0.92 0.51 1.43 128.75 903 10002 77538
33 1.21 0.91 0.51 1.42 127.90 1031 9597 87135
32 1.20 0.90 0.51 1.41 127.02 1158 9196 96331
31 1.19 0.89 0.51 1.40 126.11 1284 8797 105128
30 1.17 0.88 0.51 1.39 125.18 1409 8402 113530
29 1.16 0.87 0.51 1.38 124.23 1534 8009 121539
28 1.14 0.86 0.51 1.37 123.25 1657 7621 129160
27 1.13 0.85 0.51 1.35 122.24 1779 7235 136395
26 1.11 0.84 0.51 1.34 121.20 1900 6853 143248
25 1.10 0.83 0.51 1.33 120.12 2020 6475 149723
23 1.08 0.81 0.51 1.32 119.00 2139 6100 155823
22 1.07 0.80 0.51 1.31 117.85 2257 5729 161552
21 1.05 0.79 0.51 1.29 116.64 2374 5363 166915
20 1.03 0.77 0.51 1.28 115.39 2489 5000 171916
19 1.01 0.76 0.51 1.26 114.09 2603 4642 176558
18 0.99 0.74 0.51 1.25 112.72 2716 4289 180847
17 0.97 0.73 0.51 1.23 111.29 2827 3940 184788
16 0.95 0.71 0.51 1.22 109.78 2937 3597 188385
15 0.92 0.69 0.51 1.20 108.18 3045 3259 191643
12 0.90 0.67 0.51 1.18 106.48 3152 2926 194569
11 0.87 0.65 0.51 1.16 104.66 3256 2600 197169
10 0.84 0.63 0.51 1.14 102.70 3359 2279 199448
9 0.81 0.61 0.51 1.11 100.57 3460 1966 201415
8 0.78 0.58 0.51 1.09 98.22 3558 1661 203076
7 0.74 0.55 0.51 1.06 95.61 3653 1364 204440
6 0.70 0.53 0.51 1.03 93.08 3747 1082 205522
5 0.70 0.53 0.51 1.03 93.08 3840 836 206358
3 0.70 0.53 0.51 1.03 93.08 3933 590 206949
2 0.70 0.53 0.51 1.03 111.70 4044 413 207362
1 0.70 0.53 0.51 1.03 65.16 4110 0 207362
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Static Wind Loading - NBCC 2005 
Description: North South Direction Static Wind Loading (Y Direction)

Building Height Above Grade, H 100.26 m 328.84 ft
Leeward Side Reference Height 50.13 m 164.42 ft

Building Dimension in Y-Dir, Dy 21.57 m 70.74 ft
Cross Wind Dimension in Y-Dir, Wy 30.15 m 98.89 ft

h/Dy 4.6 4.6
Cp Windward Side 0.80 0.80
Cp Leeward Side 0.50 0.50

1/50 Year Reference Pressure, q50 0.47 kPa 9.8 psf

ULS Importance Factor, Iw 1.00
SLS Importance Factor, Iw 0.75

Leeward Exposure Factor, Ce 1.07 Assumed rough terrain per 4.1.7.5.5
Gust Effect factor, Cg 2.0 Structure as a whole per 4.1.7.1.5.6

External Wind Pressure

CpCg
ULS Pe 
[kPa]

ULS Pe 
[psf]

Y-Dir Leeward 1.0 0.51 10.6
Zone

External
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Level

Floor to 
Floor [ft]

Elevation 
[ft]

Height 
Above 
Ground 
[ft]

Height 
Above 

Ground [m]
Wind 

Height [m] Width [ft] Width [m]

43 0 633.84 328.84 100.26 1.51 27.00 8.23
42 9.92 623.93 318.93 97.23 2.92 27.00 8.23
41 9.24 614.69 309.69 94.42 2.99 27.00 8.23
40 10.40 604.29 299.29 91.25 3.08 78.00 23.78
39 9.82 594.47 289.47 88.25 2.82 78.00 23.78
38 8.67 585.80 280.80 85.61 2.64 78.00 23.78
37 8.67 577.14 272.14 82.97 2.64 78.00 23.78
36 8.67 568.47 263.47 80.33 2.64 78.00 23.78
35 8.67 559.80 254.80 77.68 2.64 78.00 23.78
33 8.67 551.14 246.14 75.04 2.64 78.00 23.78
32 8.67 542.47 237.47 72.40 2.64 78.00 23.78
31 8.67 533.80 228.80 69.76 2.64 78.00 23.78
30 8.67 525.14 220.14 67.11 2.64 78.00 23.78
29 8.67 516.47 211.47 64.47 2.64 78.00 23.78
28 8.67 507.80 202.80 61.83 2.64 78.00 23.78
27 8.67 499.14 194.14 59.19 2.64 78.00 23.78
26 8.67 490.47 185.47 56.55 2.64 78.00 23.78
25 8.67 481.80 176.80 53.90 2.64 78.00 23.78
23 8.67 473.14 168.14 51.26 2.64 78.00 23.78
22 8.67 464.47 159.47 48.62 2.64 78.00 23.78
21 8.67 455.80 150.80 45.98 2.64 78.00 23.78
20 8.67 447.14 142.14 43.33 2.64 78.00 23.78
19 8.67 438.47 133.47 40.69 2.64 78.00 23.78
18 8.67 429.80 124.80 38.05 2.64 78.00 23.78
17 8.67 421.14 116.14 35.41 2.64 78.00 23.78
16 8.67 412.47 107.47 32.76 2.64 78.00 23.78
15 8.67 403.80 98.80 30.12 2.64 78.00 23.78
12 8.67 395.14 90.14 27.48 2.64 78.00 23.78
11 8.67 386.47 81.47 24.84 2.64 78.00 23.78
10 8.67 377.80 72.80 22.20 2.64 88.58 27.01
9 8.67 369.14 64.14 19.55 2.64 88.58 27.01
8 8.67 360.47 55.47 16.91 2.64 88.58 27.01
7 8.67 351.80 46.80 14.27 2.64 88.58 27.01
6 8.67 343.14 38.14 11.63 2.64 88.58 27.01
5 8.67 334.47 29.47 8.98 2.64 88.58 27.01
3 8.67 325.80 20.80 6.34 2.64 88.58 27.01
2 8.67 317.14 12.14 3.70 3.17 88.58 27.01
1 12.14 305.00 0.00 0.00 1.85 92.00 28.05
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Level

Windward 
Exposure 
Factor, Ce

ULS 
Windward 
Pressure, 
[kPa]

ULS 
Leeward 
Pressure, 
[kPa]

ULS Total 
Storey 
Pressure, 
[kPa]

ULS 
Applied 

Wind Load 
at Level, 
[kN]

ULS 
Cumulative 
Story Wind 
Load, [kN]

ULS 
Overturning 
Moment at 
Level, [kN-m]

ULS Cumulative 
Overturning 

Moment, [kN-m]

43 1.32 1.00 0.51 1.50 18.67 19 1872 1872
42 1.31 0.99 0.51 1.49 35.85 55 3486 5357
41 1.30 0.98 0.51 1.48 36.53 91 3449 8806
40 1.29 0.97 0.51 1.47 107.94 199 9849 18655
39 1.27 0.96 0.51 1.46 98.06 297 8654 27310
38 1.26 0.95 0.51 1.45 91.38 388 7823 35133
37 1.25 0.94 0.51 1.45 90.82 479 7535 42668
36 1.24 0.93 0.51 1.44 90.25 570 7250 49918
35 1.23 0.92 0.51 1.43 89.67 659 6966 56884
33 1.21 0.91 0.51 1.42 89.07 748 6684 63568
32 1.20 0.90 0.51 1.41 88.46 837 6404 69972
31 1.19 0.89 0.51 1.40 87.83 925 6127 76098
30 1.17 0.88 0.51 1.39 87.18 1012 5851 81950
29 1.16 0.87 0.51 1.38 86.52 1098 5578 87528
28 1.14 0.86 0.51 1.37 85.83 1184 5307 92835
27 1.13 0.85 0.51 1.35 85.13 1269 5039 97873
26 1.11 0.84 0.51 1.34 84.40 1354 4773 102646
25 1.10 0.83 0.51 1.33 83.65 1437 4509 107155
23 1.08 0.81 0.51 1.32 82.88 1520 4248 111404
22 1.07 0.80 0.51 1.31 82.07 1602 3990 115394
21 1.05 0.79 0.51 1.29 81.23 1683 3735 119129
20 1.03 0.77 0.51 1.28 80.36 1764 3482 122611
19 1.01 0.76 0.51 1.26 79.45 1843 3233 125844
18 0.99 0.74 0.51 1.25 78.50 1922 2987 128831
17 0.97 0.73 0.51 1.23 77.50 1999 2744 131575
16 0.95 0.71 0.51 1.22 76.45 2076 2505 134080
15 0.92 0.69 0.51 1.20 75.34 2151 2269 136350
12 0.90 0.67 0.51 1.18 74.15 2225 2038 138388
11 0.87 0.65 0.51 1.16 72.89 2298 1810 140198
10 0.84 0.63 0.51 1.14 81.22 2379 1803 142001
9 0.81 0.61 0.51 1.11 79.54 2459 1555 143556
8 0.78 0.58 0.51 1.09 77.68 2537 1314 144870
7 0.74 0.55 0.51 1.06 75.62 2612 1079 145949
6 0.70 0.53 0.51 1.03 73.61 2686 856 146805
5 0.70 0.53 0.51 1.03 73.61 2759 661 147466
3 0.70 0.53 0.51 1.03 73.61 2833 467 147933
2 0.70 0.53 0.51 1.03 88.34 2921 327 148260
1 0.70 0.53 0.51 1.03 53.53 2975 0 148260
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Figure A.2: NBCC partial wind loading cases taken from NBCC 2005 structural commentaries.

A.2.2 Dynamic Wind Calculations

As with the case of the static wind distribution, the dynamic procedure is based on the equation for external

wind pressure with alternative values of exposure, gust, and external pressure factors.

The exposure factor Ce determined for use in the dynamic method is based on the surrounding terrain

of the building site. For this building the terrain is typically flat with mostly low rise buildings, with a few

scatted high rise also present. This type of surrounding area represents Exposure B (rough exposure) as

described in the NBCC 2005 commentaries. The rough terrain exposure factor in this case is defined as

Ce = 0.5(h/12.7)0.50 for 0.5 ≤ Ce ≤ 2.5 (A.4)

which is applied at each level for the windward case, and at the reference height for the leeward case.

The gust effect factor applied for the dynamic method is much more in depth than applied in the static

method. A brief overview of the dynamic wind gust factor is included here, with details specific to the study

building included in the following calculations. The dynamic gust factor is based on a statistical method for

determining the peak loading effect defined as follows,

Wp = µ+ gpσ (A.5)

where µ = mean loading effect, gp = statistical peak factor for the loading effect, and σ = root mean square

of the loading effect. When rearranged the following expression for the gust effect factor is obtained,

Cg =
Wp

µ
= 1 + gp

(
σ

µ

)
(A.6)
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The coefficient of variation σ/µ can be expressed by the following,

σ/µ =

√
K

CeH

(
B +

sF

β

)
(A.7)

where

K = factor related to surface roughness of the surrounding terrain

= 0.10 for Exposure B

CeH = exposure factor at the top of the building, Equation A.4

B = background turbulence factor as defined below

w = effective width of the windward face of the building

H = height of the windward face of the building

s = size reduction factor as a function of w/h and the reduced frequency fnDH/VH

fnD = natural frequency of vibration in the along-wind direction

VH = mean wind speed at the top of the structure as defined below

F = gust energy ratio at the natural frequency of the structure as defined below

β = critical damping ratio in the along-wind direction

The background turbulence factor is a function of the width and height of the structure and is determined

by evaluating the following expression,

B =
4

3

914/H∫ [
1

1 + xH
457

][
1

1 + xw
122

][
x

(1 + x2)
4/3

]
dx (A.8)

The size reduction factor is a function of height, width, and the reduced frequency of the structure and is

expressed by,

s =
π

3

[
1

1 + 8fnH
3VH

][
1

1 + 10fnw
VH

]
(A.9)

The gust energy ratio is a function of the wave number fn/VH , and is expressed by,

F =
x2

0

(1 + x2
0)

4/3
(A.10)

where

x2
0 = 1220fn/VH (A.11)

The peak factor is a function of the average fluctuation rate, /nu and is expressed by,

gp =
√

2 loge νT +
0.577√

2 loge νT
(A.12)
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where T = 3600s The mean wind speed at the top of the structure, VH is given by,

VH = V̄
√
CeH (A.13)

where V̄ = 39.2
√
q is the reference wind speed at a height of 10 m. Finally the average fluctuation rate can

be estimated by the following expression,

v = fn

√
sF

sF + βB
(A.14)

Since the dynamic method of determining wind loading is based on the dynamic properties of the structure

itself, two main parameters must be known or estimated. First the critical damping ratio must be estimated.

The critical damping ratio β for concrete frames with respect to wind loading is suggested to be estimated

at 2%. Second the fundamental periods in each direction of the structure must be determined. The periods

can be estimated using various approximate equations, or determined based on a modal analysis of the

structure. Since the study building is implemented in ETABS for later analysis, running a modal analysis is

the most accurate method. Since there are two configurations of the structure to be analysed, one including

the gravity frame, and one omitting its contributions, both cases must be considered. The resulting pressure

distributions for each dynamic wind model are shown in the following.

Calculations for determining the gust effect factor in each primary wind loading direction of the study

building was implemented in Mathcad and is shown in the following.
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Dynamic wind gust factor - Windward X-Direction - Core and Gravity Period

≔H 100.26 m Building height

≔w 30.2 m Windward effective width

≔β 0.02 Damping ratio

≔Tn 4.452 s Fundamental period in direction of interest

≔fnD =Tn
-1 0.225 Hz Fundamental frequency in direction of interest

≔K 0.1 Exposure A - K = 0.08
Exposure B - K = 0.10
Exposure C - K = 0.14

≔q 0.47 kPa Reference velocity 

≔V10m =⋅⋅39.2 ‾‾‾‾‾‾‾⋅q kPa
-1

m s
-1 26.874 ⋅m s

-1 Mean wind at 10m elevation

Exposure factor at the top of the building

Exposure B (Rough terrain)

≔CeH =0.5
⎛
⎜
⎝
―――

H

12.7 m

⎞
⎟
⎠

0.50

1.405

≔VH =⋅V10m
‾‾‾‾CeH 31.853 ⋅m s

-1 Mean wind at top of structure

≔B =―
4

3
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d
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⎞
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⎞
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x 0.757 Background turbulence factor
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π
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0.116 Size reduction factor
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8.603 Gust energy ratio

≔F =――――
x0

2

⎛⎝ +1 x0
2 ⎞⎠

―
4

3

0.234

≔COV =
‾‾‾‾‾‾‾‾‾‾‾‾‾
――
K

CeH

⎛
⎜
⎝

+B ――
⋅s F

β

⎞
⎟
⎠

0.388 Coefficient of variation of gust factor

≔v =⋅fnD

‾‾‾‾‾‾‾‾‾‾
――――

⋅s F

+⋅s F ⋅β B
0.18 ―

1

s
Average fluctuation rate

≔T 3600 s

≔gp =+‾‾‾‾‾‾‾‾‾⋅2 ln (( ⋅v T)) ―――――
0.577

‾‾‾‾‾‾‾‾‾⋅2 ln (( ⋅v T))
3.759 Peak gust factor

≔Cg =+1 ⋅gp COV 2.46 External Gust Effect Factor, Cg
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Dynamic wind gust factor - Windward Y-Direction - Core and Gravity Period

≔H 100.26 m Building height

≔w 21.6 m Windward effective width

≔β 0.02 Damping ratio

≔Tn 3.861 s Fundamental period in direction of interest

≔fnD =Tn
-1 0.259 Hz Fundamental frequency in direction of interest

≔K 0.1 Exposure A - K = 0.08
Exposure B - K = 0.10
Exposure C - K = 0.14

≔q 0.47 kPa Reference velocity 

≔V10m =⋅⋅39.2 ‾‾‾‾‾‾‾⋅q kPa
-1

m s
-1 26.874 ⋅m s

-1 Mean wind at 10m elevation

Exposure factor at the top of the building

Exposure B (Rough terrain)

≔CeH =0.5
⎛
⎜
⎝
―――

H

12.7 m

⎞
⎟
⎠

0.50

1.405

≔VH =⋅V10m
‾‾‾‾CeH 31.853 ⋅m s

-1 Mean wind at top of structure

≔B =―
4

3

⌠
⎮
⎮
⎮
⎮⌡

d

0

―――
914m

H

⎛
⎜
⎜
⎜⎝

――――
1

+1 ―――
⋅x H

457 m

⎞
⎟
⎟
⎟⎠

⎛
⎜
⎜
⎜⎝

――――
1

+1 ―――
⋅x w

122 m

⎞
⎟
⎟
⎟⎠

⎛
⎜
⎜
⎜
⎝

――――
x

⎛⎝ +1 x
2 ⎞⎠

―
4

3

⎞
⎟
⎟
⎟
⎠

x 0.818 Background turbulence factor

≔s =―
π

3

⎛
⎜
⎜
⎜
⎝

―――――
1

+1 ――――
⋅⋅8 fnD H

⋅3 VH

⎞
⎟
⎟
⎟
⎠

⎛
⎜
⎜
⎜
⎝

―――――
1

+1 ――――
⋅⋅10 fnD w

VH

⎞
⎟
⎟
⎟
⎠

0.12 Size reduction factor

≔x0 =⋅1220 m ――
fnD

VH

9.92 Gust energy ratio

≔F =――――
x0

2

⎛⎝ +1 x0
2 ⎞⎠

―
4

3

0.214

≔COV =
‾‾‾‾‾‾‾‾‾‾‾‾‾
――
K

CeH

⎛
⎜
⎝

+B ――
⋅s F

β

⎞
⎟
⎠

0.386 Coefficient of variation of gust factor

≔v =⋅fnD

‾‾‾‾‾‾‾‾‾‾
――――

⋅s F

+⋅s F ⋅β B
0.202 ―

1

s
Average fluctuation rate

≔T 3600 s

≔gp =+‾‾‾‾‾‾‾‾‾⋅2 ln (( ⋅v T)) ―――――
0.577

‾‾‾‾‾‾‾‾‾⋅2 ln (( ⋅v T))
3.79 Peak gust factor

≔Cg =+1 ⋅gp COV 2.46 External Gust Effect Factor, Cg

168



Dynamic wind gust factor - Windward X-Direction - Core Only Period

≔H 100.26 m Building height

≔w 30.2 m Windward effective width

≔β 0.02 Damping ratio

≔Tn 5.27 s Fundamental period in direction of interest

≔fnD =Tn
-1 0.19 Hz Fundamental frequency in direction of interest

≔K 0.1 Exposure A - K = 0.08
Exposure B - K = 0.10
Exposure C - K = 0.14

≔q 0.47 kPa Reference velocity 

≔V10m =⋅⋅39.2 ‾‾‾‾‾‾‾⋅q kPa
-1

m s
-1 26.874 ⋅m s

-1 Mean wind at 10m elevation

Exposure factor at the top of the building

Exposure B (Rough terrain)

≔CeH =0.5
⎛
⎜
⎝
―――

H

12.7 m

⎞
⎟
⎠

0.50

1.405

≔VH =⋅V10m
‾‾‾‾CeH 31.853 ⋅m s

-1 Mean wind at top of structure

≔B =―
4

3

⌠
⎮
⎮
⎮
⎮⌡

d

0

―――
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H

⎛
⎜
⎜
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――――
1

+1 ―――
⋅x H

457 m

⎞
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⎟
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⎛
⎜
⎜
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――――
1

+1 ―――
⋅x w

122 m

⎞
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⎟
⎟⎠

⎛
⎜
⎜
⎜
⎝

――――
x

⎛⎝ +1 x
2 ⎞⎠

―
4

3

⎞
⎟
⎟
⎟
⎠

x 0.757 Background turbulence factor

≔s =―
π

3

⎛
⎜
⎜
⎜
⎝

―――――
1

+1 ――――
⋅⋅8 fnD H

⋅3 VH

⎞
⎟
⎟
⎟
⎠

⎛
⎜
⎜
⎜
⎝

―――――
1

+1 ――――
⋅⋅10 fnD w

VH

⎞
⎟
⎟
⎟
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0.144 Size reduction factor

≔x0 =⋅1220 m ――
fnD

VH

7.268 Gust energy ratio

≔F =――――
x0

2

⎛⎝ +1 x0
2 ⎞⎠

―
4

3

0.26

≔COV =
‾‾‾‾‾‾‾‾‾‾‾‾‾
――
K

CeH

⎛
⎜
⎝

+B ――
⋅s F

β

⎞
⎟
⎠

0.433 Coefficient of variation of gust factor

≔v =⋅fnD

‾‾‾‾‾‾‾‾‾‾
――――

⋅s F

+⋅s F ⋅β B
0.16 ―

1

s
Average fluctuation rate

≔T 3600 s

≔gp =+‾‾‾‾‾‾‾‾‾⋅2 ln (( ⋅v T)) ―――――
0.577

‾‾‾‾‾‾‾‾‾⋅2 ln (( ⋅v T))
3.728 Peak gust factor

≔Cg =+1 ⋅gp COV 2.61 External Gust Effect Factor, Cg
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Dynamic wind gust factor - Windward Y-Direction - Core Only Period

≔H 100.26 m Building height

≔w 21.6 m Windward effective width

≔β 0.02 Damping ratio

≔Tn 4.271 s Fundamental period in direction of interest

≔fnD =Tn
-1 0.234 Hz Fundamental frequency in direction of interest

≔K 0.1 Exposure A - K = 0.08
Exposure B - K = 0.10
Exposure C - K = 0.14

≔q 0.47 kPa Reference velocity 

≔V10m =⋅⋅39.2 ‾‾‾‾‾‾‾⋅q kPa
-1

m s
-1 26.874 ⋅m s

-1 Mean wind at 10m elevation

Exposure factor at the top of the building

Exposure B (Rough terrain)

≔CeH =0.5
⎛
⎜
⎝
―――

H

12.7 m

⎞
⎟
⎠

0.50

1.405

≔VH =⋅V10m
‾‾‾‾CeH 31.853 ⋅m s

-1 Mean wind at top of structure

≔B =―
4

3

⌠
⎮
⎮
⎮
⎮⌡

d

0

―――
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H
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1
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⋅x H
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⎜
⎜⎝

――――
1

+1 ―――
⋅x w
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⎟
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⎛
⎜
⎜
⎜
⎝

――――
x

⎛⎝ +1 x
2 ⎞⎠

―
4

3

⎞
⎟
⎟
⎟
⎠

x 0.818 Background turbulence factor

≔s =―
π

3

⎛
⎜
⎜
⎜
⎝

―――――
1

+1 ――――
⋅⋅8 fnD H

⋅3 VH

⎞
⎟
⎟
⎟
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⎛
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―――――
1

+1 ――――
⋅⋅10 fnD w
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⎟
⎟
⎟
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0.136 Size reduction factor

≔x0 =⋅1220 m ――
fnD

VH

8.968 Gust energy ratio

≔F =――――
x0

2

⎛⎝ +1 x0
2 ⎞⎠

―
4

3

0.228

≔COV =
‾‾‾‾‾‾‾‾‾‾‾‾‾
――
K

CeH

⎛
⎜
⎝

+B ――
⋅s F

β

⎞
⎟
⎠

0.411 Coefficient of variation of gust factor

≔v =⋅fnD

‾‾‾‾‾‾‾‾‾‾
――――

⋅s F

+⋅s F ⋅β B
0.19 ―

1

s
Average fluctuation rate

≔T 3600 s

≔gp =+‾‾‾‾‾‾‾‾‾⋅2 ln (( ⋅v T)) ―――――
0.577

‾‾‾‾‾‾‾‾‾⋅2 ln (( ⋅v T))
3.772 Peak gust factor

≔Cg =+1 ⋅gp COV 2.55 External Gust Effect Factor, Cg
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Dynamic Wind Loading - NBCC 2005 
Description: East West Direction Dynamic Wind Loading (X Direction)

Core and Gravity Load System Period Applied

1/50 Year Reference Pressure, q50 0.47 kPa

ULS Importance Factor, Iw 1.00
SLS Importance Factor, Iw 0.75

Cg, Rough 2.46 See separate calculations for details
Cp Windward 0.8

H/D 3.3
Effective Width 30.2 m

H Leeward 50.1 m
H/D 1.7

Ce Leeward 0.99
Cp Leeward 0.5

0.738 kip-ft / kN-m
0.225 kip / kN
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Level
Floor to Floor 

[ft] Elevation [ft]

Height 
Above 

Ground [ft]

Height 
Above 

Ground [m]
Wind Height 

[m] Width [ft] Width [m]

43 0 633.84 328.84 100.26 1.51 29.2 8.89
42 9.92 623.93 318.93 97.23 2.92 29.2 8.89
41 9.24 614.69 309.69 94.42 2.99 29.2 8.89
40 10.40 604.29 299.29 91.25 3.08 104.0 31.71
39 9.82 594.47 289.47 88.25 2.82 112.0 34.15
38 8.67 585.80 280.80 85.61 2.64 112.0 34.15
37 8.67 577.14 272.14 82.97 2.64 112.0 34.15
36 8.67 568.47 263.47 80.33 2.64 112.0 34.15
35 8.67 559.80 254.80 77.68 2.64 112.0 34.15
33 8.67 551.14 246.14 75.04 2.64 112.0 34.15
32 8.67 542.47 237.47 72.40 2.64 112.0 34.15
31 8.67 533.80 228.80 69.76 2.64 112.0 34.15
30 8.67 525.14 220.14 67.11 2.64 112.0 34.15
29 8.67 516.47 211.47 64.47 2.64 112.0 34.15
28 8.67 507.80 202.80 61.83 2.64 112.0 34.15
27 8.67 499.14 194.14 59.19 2.64 112.0 34.15
26 8.67 490.47 185.47 56.55 2.64 112.0 34.15
25 8.67 481.80 176.80 53.90 2.64 112.0 34.15
23 8.67 473.14 168.14 51.26 2.64 112.0 34.15
22 8.67 464.47 159.47 48.62 2.64 112.0 34.15
21 8.67 455.80 150.80 45.98 2.64 112.0 34.15
20 8.67 447.14 142.14 43.33 2.64 112.0 34.15
19 8.67 438.47 133.47 40.69 2.64 112.0 34.15
18 8.67 429.80 124.80 38.05 2.64 112.0 34.15
17 8.67 421.14 116.14 35.41 2.64 112.0 34.15
16 8.67 412.47 107.47 32.76 2.64 112.0 34.15
15 8.67 403.80 98.80 30.12 2.64 112.0 34.15
12 8.67 395.14 90.14 27.48 2.64 112.0 34.15
11 8.67 386.47 81.47 24.84 2.64 112.0 34.15
10 8.67 377.80 72.80 22.20 2.64 112.0 34.15
9 8.67 369.14 64.14 19.55 2.64 112.0 34.15
8 8.67 360.47 55.47 16.91 2.64 112.0 34.15
7 8.67 351.80 46.80 14.27 2.64 112.0 34.15
6 8.67 343.14 38.14 11.63 2.64 112.0 34.15
5 8.67 334.47 29.47 8.98 2.64 112.0 34.15
3 8.67 325.80 20.80 6.34 2.64 112.0 34.15
2 8.67 317.14 12.14 3.70 3.17 112.0 34.15
1 12.14 305 0 0.00 1.85 112.0 34.15

sum 1900
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Level Wi x hi [m2] Ce, Rough

Dynamic 
Windward p 

[kPa]
Windward p 
SLS [kPa]

Dynamic 
Leeward p  

[kPa]
Leeward p 
SLS [kPa]

Total 
Dynamic 

Pressure [kPa]

43 892 1.40 1.30 0.97 0.57 0.43 1.87
42 865 1.38 1.28 0.96 0.57 0.43 1.85
41 840 1.36 1.26 0.95 0.57 0.43 1.84
40 2893 1.34 1.24 0.93 0.57 0.43 1.81
39 3014 1.32 1.22 0.91 0.57 0.43 1.79
38 2923 1.30 1.20 0.90 0.57 0.43 1.78
37 2833 1.28 1.18 0.89 0.57 0.43 1.76
36 2743 1.26 1.16 0.87 0.57 0.43 1.74
35 2653 1.24 1.14 0.86 0.57 0.43 1.72
33 2562 1.22 1.12 0.84 0.57 0.43 1.70
32 2472 1.19 1.10 0.83 0.57 0.43 1.68
31 2382 1.17 1.08 0.81 0.57 0.43 1.66
30 2292 1.15 1.06 0.80 0.57 0.43 1.64
29 2201 1.13 1.04 0.78 0.57 0.43 1.62
28 2111 1.10 1.02 0.77 0.57 0.43 1.59
27 2021 1.08 1.00 0.75 0.57 0.43 1.57
26 1931 1.06 0.98 0.73 0.57 0.43 1.55
25 1841 1.03 0.95 0.71 0.57 0.43 1.53
23 1750 1.00 0.93 0.70 0.57 0.43 1.50
22 1660 0.98 0.90 0.68 0.57 0.43 1.48
21 1570 0.95 0.88 0.66 0.57 0.43 1.45
20 1480 0.92 0.85 0.64 0.57 0.43 1.43
19 1389 0.89 0.83 0.62 0.57 0.43 1.40
18 1299 0.87 0.80 0.60 0.57 0.43 1.37
17 1209 0.83 0.77 0.58 0.57 0.43 1.35
16 1119 0.80 0.74 0.56 0.57 0.43 1.32
15 1029 0.77 0.71 0.53 0.57 0.43 1.29
12 938 0.74 0.68 0.51 0.57 0.43 1.25
11 848 0.70 0.65 0.49 0.57 0.43 1.22
10 758 0.66 0.61 0.46 0.57 0.43 1.19
9 668 0.62 0.57 0.43 0.57 0.43 1.15
8 577 0.58 0.53 0.40 0.57 0.43 1.11
7 487 0.53 0.49 0.37 0.57 0.43 1.06
6 397 0.50 0.46 0.35 0.57 0.43 1.04
5 307 0.50 0.46 0.35 0.57 0.43 1.04
3 217 0.50 0.46 0.35 0.57 0.43 1.04
2 126 0.50 0.46 0.35 0.57 0.43 1.04
1 0 0.50 0.46 0.35 0.57 0.43 1.04

sum 57297
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Level
ULS Storey 
Force [kN]

ULS 
Cumulative 
Shear [kN]

ULS 
Overturning 
Moment [kN-

m]

Cumulative 
Overturning 
Moment [kN-

m]

43 25.2 25 2525 2525
42 48.1 73 4681 7207
41 48.9 122 4613 11820
40 177.3 299 16175 27995
39 172.6 472 15233 43227
38 160.1 632 13710 56938
37 158.5 791 13148 70085
36 156.8 947 12591 82677
35 155.0 1102 12042 94719
33 153.2 1256 11499 106218
32 151.4 1407 10964 117182
31 149.6 1557 10436 127618
30 147.7 1704 9915 137533
29 145.8 1850 9402 146935
28 143.9 1994 8896 155831
27 141.9 2136 8398 164230
26 139.9 2276 7908 172138
25 137.8 2414 7427 179565
23 135.6 2549 6953 186518
22 133.5 2683 6488 193006
21 131.2 2814 6032 199039
20 128.9 2943 5585 204624
19 126.5 3069 5148 209772
18 124.0 3193 4720 214491
17 121.5 3315 4301 218793
16 118.8 3434 3894 222686
15 116.1 3550 3496 226183
12 113.2 3663 3111 229293
11 110.2 3773 2736 232030
10 107.0 3880 2374 234404
9 103.6 3984 2026 236430
8 100.0 4084 1690 238120
7 96.0 4180 1370 239490
6 93.5 4273 1088 240578
5 93.5 4367 840 241418
3 93.5 4460 593 242012
2 112.3 4573 415 242427
1 65.5 4638 0 242427
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Dynamic Wind Loading - NBCC 2005 
Description: East West Direction Dynamic Wind Loading (X Direction)

Core Only System Period Applied

1/50 Year Reference Pressure, q50 0.47 kPa

ULS Importance Factor, Iw 1.00
SLS Importance Factor, Iw 0.75

Cg, Rough 2.61 See separate calculations for details
Cp Windward 0.8

H/D 3.3
Effective Width 30.2 m

H Leeward 50.1 m
H/D 1.7

Ce Leeward 0.99
Cp Leeward 0.5

0.738 kip-ft / kN-m
0.225 kip / kN
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Level
Floor to Floor 

[ft] Elevation [ft]

Height 
Above 

Ground [ft]

Height 
Above 

Ground [m]
Wind Height 

[m] Width [ft] Width [m]

43 0 633.84 328.84 100.26 1.51 29.2 8.89
42 9.92 623.93 318.93 97.23 2.92 29.2 8.89
41 9.24 614.69 309.69 94.42 2.99 29.2 8.89
40 10.40 604.29 299.29 91.25 3.08 104.0 31.71
39 9.82 594.47 289.47 88.25 2.82 112.0 34.15
38 8.67 585.80 280.80 85.61 2.64 112.0 34.15
37 8.67 577.14 272.14 82.97 2.64 112.0 34.15
36 8.67 568.47 263.47 80.33 2.64 112.0 34.15
35 8.67 559.80 254.80 77.68 2.64 112.0 34.15
33 8.67 551.14 246.14 75.04 2.64 112.0 34.15
32 8.67 542.47 237.47 72.40 2.64 112.0 34.15
31 8.67 533.80 228.80 69.76 2.64 112.0 34.15
30 8.67 525.14 220.14 67.11 2.64 112.0 34.15
29 8.67 516.47 211.47 64.47 2.64 112.0 34.15
28 8.67 507.80 202.80 61.83 2.64 112.0 34.15
27 8.67 499.14 194.14 59.19 2.64 112.0 34.15
26 8.67 490.47 185.47 56.55 2.64 112.0 34.15
25 8.67 481.80 176.80 53.90 2.64 112.0 34.15
23 8.67 473.14 168.14 51.26 2.64 112.0 34.15
22 8.67 464.47 159.47 48.62 2.64 112.0 34.15
21 8.67 455.80 150.80 45.98 2.64 112.0 34.15
20 8.67 447.14 142.14 43.33 2.64 112.0 34.15
19 8.67 438.47 133.47 40.69 2.64 112.0 34.15
18 8.67 429.80 124.80 38.05 2.64 112.0 34.15
17 8.67 421.14 116.14 35.41 2.64 112.0 34.15
16 8.67 412.47 107.47 32.76 2.64 112.0 34.15
15 8.67 403.80 98.80 30.12 2.64 112.0 34.15
12 8.67 395.14 90.14 27.48 2.64 112.0 34.15
11 8.67 386.47 81.47 24.84 2.64 112.0 34.15
10 8.67 377.80 72.80 22.20 2.64 112.0 34.15
9 8.67 369.14 64.14 19.55 2.64 112.0 34.15
8 8.67 360.47 55.47 16.91 2.64 112.0 34.15
7 8.67 351.80 46.80 14.27 2.64 112.0 34.15
6 8.67 343.14 38.14 11.63 2.64 112.0 34.15
5 8.67 334.47 29.47 8.98 2.64 112.0 34.15
3 8.67 325.80 20.80 6.34 2.64 112.0 34.15
2 8.67 317.14 12.14 3.70 3.17 112.0 34.15
1 12.14 305 0 0.00 1.85 112.0 34.15

sum 1900
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Level Wi x hi [m2] Ce, Rough

Dynamic 
Windward p 

[kPa]
Windward p 
SLS [kPa]

Dynamic 
Leeward p  

[kPa]
Leeward p 
SLS [kPa]

Total 
Dynamic 

Pressure [kPa]

43 892 1.40 1.38 1.03 0.61 0.46 1.99
42 865 1.38 1.36 1.02 0.61 0.46 1.97
41 840 1.36 1.34 1.00 0.61 0.46 1.95
40 2893 1.34 1.32 0.99 0.61 0.46 1.92
39 3014 1.32 1.29 0.97 0.61 0.46 1.90
38 2923 1.30 1.27 0.96 0.61 0.46 1.88
37 2833 1.28 1.25 0.94 0.61 0.46 1.86
36 2743 1.26 1.23 0.93 0.61 0.46 1.84
35 2653 1.24 1.21 0.91 0.61 0.46 1.82
33 2562 1.22 1.19 0.89 0.61 0.46 1.80
32 2472 1.19 1.17 0.88 0.61 0.46 1.78
31 2382 1.17 1.15 0.86 0.61 0.46 1.76
30 2292 1.15 1.13 0.85 0.61 0.46 1.74
29 2201 1.13 1.11 0.83 0.61 0.46 1.71
28 2111 1.10 1.08 0.81 0.61 0.46 1.69
27 2021 1.08 1.06 0.79 0.61 0.46 1.67
26 1931 1.06 1.04 0.78 0.61 0.46 1.64
25 1841 1.03 1.01 0.76 0.61 0.46 1.62
23 1750 1.00 0.99 0.74 0.61 0.46 1.60
22 1660 0.98 0.96 0.72 0.61 0.46 1.57
21 1570 0.95 0.93 0.70 0.61 0.46 1.54
20 1480 0.92 0.91 0.68 0.61 0.46 1.52
19 1389 0.89 0.88 0.66 0.61 0.46 1.49
18 1299 0.87 0.85 0.64 0.61 0.46 1.46
17 1209 0.83 0.82 0.61 0.61 0.46 1.43
16 1119 0.80 0.79 0.59 0.61 0.46 1.40
15 1029 0.77 0.76 0.57 0.61 0.46 1.36
12 938 0.74 0.72 0.54 0.61 0.46 1.33
11 848 0.70 0.69 0.51 0.61 0.46 1.30
10 758 0.66 0.65 0.49 0.61 0.46 1.26
9 668 0.62 0.61 0.46 0.61 0.46 1.22
8 577 0.58 0.57 0.42 0.61 0.46 1.18
7 487 0.53 0.52 0.39 0.61 0.46 1.13
6 397 0.50 0.49 0.37 0.61 0.46 1.10
5 307 0.50 0.49 0.37 0.61 0.46 1.10
3 217 0.50 0.49 0.37 0.61 0.46 1.10
2 126 0.50 0.49 0.37 0.61 0.46 1.10
1 0 0.50 0.49 0.37 0.61 0.46 1.10

sum 57297

178



Level
ULS Storey 
Force [kN]

ULS 
Cumulative 
Shear [kN]

ULS 
Overturning 
Moment [kN-

m]

Cumulative 
Overturning 
Moment [kN-

m]

43 26.7 27 2679 2679
42 51.1 78 4967 7646
41 51.8 130 4894 12540
40 188.1 318 17161 29702
39 183.1 501 16161 45863
38 169.9 671 14546 60410
37 168.1 839 13949 74359
36 166.3 1005 13359 87718
35 164.5 1170 12776 100494
33 162.6 1332 12201 112695
32 160.7 1493 11633 124327
31 158.7 1652 11072 135400
30 156.7 1808 10520 145920
29 154.7 1963 9975 155895
28 152.7 2116 9439 165333
27 150.5 2266 8910 174244
26 148.4 2415 8391 182634
25 146.2 2561 7879 190514
23 143.9 2705 7377 197891
22 141.6 2846 6884 204775
21 139.2 2986 6400 211175
20 136.7 3122 5926 217101
19 134.2 3257 5462 222563
18 131.6 3388 5007 227570
17 128.9 3517 4564 232134
16 126.1 3643 4131 236265
15 123.2 3766 3710 239974
12 120.1 3886 3300 243275
11 116.9 4003 2903 246178
10 113.5 4117 2519 248697
9 109.9 4227 2149 250846
8 106.1 4333 1794 252640
7 101.9 4435 1454 254094
6 99.2 4534 1154 255247
5 99.2 4633 892 256139
3 99.2 4732 629 256768
2 119.1 4851 441 257209
1 69.5 4921 0 257209
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Dynamic Wind Loading - NBCC 2005 
Description: North South Direction Dynamic Wind Loading (Y Direction)

Core and Gravity Load System Period Applied

1/50 Year Reference Pressure, q50 0.47 kPa

ULS Importance Factor, Iw 1.00
SLS Importance Factor, Iw 0.75

Cg, Rough 2.46 See separate calculations for details
Cp Windward 0.8

H/D 4.6
Effective Width 21.6 m

H Leeward 50.1 m
H/D 2.3

Ce Leeward 0.99
Cp Leeward 0.5

0.738 kip-ft / kN-m
0.225 kip / kN
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Level
Floor to Floor 

[ft] Elevation [ft]

Height 
Above 

Ground [ft]

Height 
Above 

Ground [m]
Wind Height 

[m] Width [ft] Width [m]

43 0 633.84 328.84 100.26 1.51 27.0 8.23
42 9.92 623.93 318.93 97.23 2.92 27.0 8.23
41 9.24 614.69 309.69 94.42 2.99 27.0 8.23
40 10.40 604.29 299.29 91.25 3.08 78.0 23.78
39 9.82 594.47 289.47 88.25 2.82 78.0 23.78
38 8.67 585.80 280.80 85.61 2.64 78.0 23.78
37 8.67 577.14 272.14 82.97 2.64 78.0 23.78
36 8.67 568.47 263.47 80.33 2.64 78.0 23.78
35 8.67 559.80 254.80 77.68 2.64 78.0 23.78
33 8.67 551.14 246.14 75.04 2.64 78.0 23.78
32 8.67 542.47 237.47 72.40 2.64 78.0 23.78
31 8.67 533.80 228.80 69.76 2.64 78.0 23.78
30 8.67 525.14 220.14 67.11 2.64 78.0 23.78
29 8.67 516.47 211.47 64.47 2.64 78.0 23.78
28 8.67 507.80 202.80 61.83 2.64 78.0 23.78
27 8.67 499.14 194.14 59.19 2.64 78.0 23.78
26 8.67 490.47 185.47 56.55 2.64 78.0 23.78
25 8.67 481.80 176.80 53.90 2.64 78.0 23.78
23 8.67 473.14 168.14 51.26 2.64 78.0 23.78
22 8.67 464.47 159.47 48.62 2.64 78.0 23.78
21 8.67 455.80 150.80 45.98 2.64 78.0 23.78
20 8.67 447.14 142.14 43.33 2.64 78.0 23.78
19 8.67 438.47 133.47 40.69 2.64 78.0 23.78
18 8.67 429.80 124.80 38.05 2.64 78.0 23.78
17 8.67 421.14 116.14 35.41 2.64 78.0 23.78
16 8.67 412.47 107.47 32.76 2.64 78.0 23.78
15 8.67 403.80 98.80 30.12 2.64 78.0 23.78
12 8.67 395.14 90.14 27.48 2.64 78.0 23.78
11 8.67 386.47 81.47 24.84 2.64 78.0 23.78
10 8.67 377.80 72.80 22.20 2.64 88.6 27.01
9 8.67 369.14 64.14 19.55 2.64 88.6 27.01
8 8.67 360.47 55.47 16.91 2.64 88.6 27.01
7 8.67 351.80 46.80 14.27 2.64 88.6 27.01
6 8.67 343.14 38.14 11.63 2.64 88.6 27.01
5 8.67 334.47 29.47 8.98 2.64 88.6 27.01
3 8.67 325.80 20.80 6.34 2.64 88.6 27.01
2 8.67 317.14 12.14 3.70 3.17 88.6 27.01
1 12.14 305 0 0.00 1.85 92.0 28.05

sum 1900
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Level Wi x hi [m2] Ce, Rough

Dynamic 
Windward p 

[kPa]
Windward p 
SLS [kPa]

Dynamic 
Leeward p  

[kPa]
Leeward p 
SLS [kPa]

Total 
Dynamic 

Pressure [kPa]

43 825 1.40 1.30 0.97 0.57 0.43 1.87
42 800 1.38 1.28 0.96 0.57 0.43 1.85
41 777 1.36 1.26 0.95 0.57 0.43 1.84
40 2170 1.34 1.24 0.93 0.57 0.43 1.81
39 2099 1.32 1.22 0.91 0.57 0.43 1.79
38 2036 1.30 1.20 0.90 0.57 0.43 1.78
37 1973 1.28 1.18 0.89 0.57 0.43 1.76
36 1910 1.26 1.16 0.87 0.57 0.43 1.74
35 1847 1.24 1.14 0.86 0.57 0.43 1.72
33 1785 1.22 1.12 0.84 0.57 0.43 1.70
32 1722 1.19 1.10 0.83 0.57 0.43 1.68
31 1659 1.17 1.08 0.81 0.57 0.43 1.66
30 1596 1.15 1.06 0.80 0.57 0.43 1.64
29 1533 1.13 1.04 0.78 0.57 0.43 1.62
28 1470 1.10 1.02 0.77 0.57 0.43 1.59
27 1408 1.08 1.00 0.75 0.57 0.43 1.57
26 1345 1.06 0.98 0.73 0.57 0.43 1.55
25 1282 1.03 0.95 0.71 0.57 0.43 1.53
23 1219 1.00 0.93 0.70 0.57 0.43 1.50
22 1156 0.98 0.90 0.68 0.57 0.43 1.48
21 1093 0.95 0.88 0.66 0.57 0.43 1.45
20 1031 0.92 0.85 0.64 0.57 0.43 1.43
19 968 0.89 0.83 0.62 0.57 0.43 1.40
18 905 0.87 0.80 0.60 0.57 0.43 1.37
17 842 0.83 0.77 0.58 0.57 0.43 1.35
16 779 0.80 0.74 0.56 0.57 0.43 1.32
15 716 0.77 0.71 0.53 0.57 0.43 1.29
12 653 0.74 0.68 0.51 0.57 0.43 1.25
11 591 0.70 0.65 0.49 0.57 0.43 1.22
10 599 0.66 0.61 0.46 0.57 0.43 1.19
9 528 0.62 0.57 0.43 0.57 0.43 1.15
8 457 0.58 0.53 0.40 0.57 0.43 1.11
7 385 0.53 0.49 0.37 0.57 0.43 1.06
6 314 0.50 0.46 0.35 0.57 0.43 1.04
5 243 0.50 0.46 0.35 0.57 0.43 1.04
3 171 0.50 0.46 0.35 0.57 0.43 1.04
2 100 0.50 0.46 0.35 0.57 0.43 1.04
1 0 0.50 0.46 0.35 0.57 0.43 1.04

sum 40987
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Level
ULS Storey 
Force [kN]

ULS 
Cumulative 
Shear [kN]

ULS 
Overturning 
Moment [kN-

m]

Cumulative 
Overturning 
Moment [kN-

m]

43 23.3 23 2338 2338
42 44.6 68 4333 6671
41 45.2 113 4269 10940
40 133.0 246 12131 23072
39 120.2 366 10608 33680
38 111.5 478 9548 43228
37 110.4 588 9156 52385
36 109.2 697 8769 61154
35 108.0 805 8386 69540
33 106.7 912 8009 77549
32 105.5 1017 7636 85184
31 104.2 1122 7268 92452
30 102.9 1225 6905 99358
29 101.6 1326 6548 105905
28 100.2 1426 6196 112101
27 98.8 1525 5849 117950
26 97.4 1623 5508 123457
25 96.0 1718 5172 128629
23 94.5 1813 4842 133472
22 92.9 1906 4519 137990
21 91.4 1997 4201 142192
20 89.8 2087 3890 146081
19 88.1 2175 3585 149666
18 86.4 2262 3287 152953
17 84.6 2346 2996 155949
16 82.8 2429 2712 158660
15 80.8 2510 2435 161095
12 78.8 2589 2166 163262
11 76.7 2665 1906 165167
10 84.6 2750 1878 167045
9 81.9 2832 1602 168647
8 79.1 2911 1337 169984
7 76.0 2987 1084 171068
6 74.0 3061 860 171928
5 74.0 3135 665 172593
3 74.0 3209 469 173062
2 88.8 3298 328 173391
1 53.8 3351 0 173391
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Dynamic Wind Loading - NBCC 2005 
Description: North South Direction Dynamic Wind Loading (Y Direction)

Core Only System Period Applied

1/50 Year Reference Pressure, q50 0.47 kPa

ULS Importance Factor, Iw 1.00
SLS Importance Factor, Iw 0.75

Cg, Rough 2.55 See separate calculations for details
Cp Windward 0.8

H/D 4.6
Effective Width 21.6 m

H Leeward 50.1 m
H/D 2.3

Ce Leeward 0.99
Cp Leeward 0.5

0.738 kip-ft / kN-m
0.225 kip / kN
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Level
Floor to Floor 

[ft] Elevation [ft]

Height 
Above 

Ground [ft]

Height 
Above 

Ground [m]
Wind Height 

[m] Width [ft] Width [m]

43 0 633.84 328.84 100.26 1.51 27.0 8.23
42 9.92 623.93 318.93 97.23 2.92 27.0 8.23
41 9.24 614.69 309.69 94.42 2.99 27.0 8.23
40 10.40 604.29 299.29 91.25 3.08 78.0 23.78
39 9.82 594.47 289.47 88.25 2.82 78.0 23.78
38 8.67 585.80 280.80 85.61 2.64 78.0 23.78
37 8.67 577.14 272.14 82.97 2.64 78.0 23.78
36 8.67 568.47 263.47 80.33 2.64 78.0 23.78
35 8.67 559.80 254.80 77.68 2.64 78.0 23.78
33 8.67 551.14 246.14 75.04 2.64 78.0 23.78
32 8.67 542.47 237.47 72.40 2.64 78.0 23.78
31 8.67 533.80 228.80 69.76 2.64 78.0 23.78
30 8.67 525.14 220.14 67.11 2.64 78.0 23.78
29 8.67 516.47 211.47 64.47 2.64 78.0 23.78
28 8.67 507.80 202.80 61.83 2.64 78.0 23.78
27 8.67 499.14 194.14 59.19 2.64 78.0 23.78
26 8.67 490.47 185.47 56.55 2.64 78.0 23.78
25 8.67 481.80 176.80 53.90 2.64 78.0 23.78
23 8.67 473.14 168.14 51.26 2.64 78.0 23.78
22 8.67 464.47 159.47 48.62 2.64 78.0 23.78
21 8.67 455.80 150.80 45.98 2.64 78.0 23.78
20 8.67 447.14 142.14 43.33 2.64 78.0 23.78
19 8.67 438.47 133.47 40.69 2.64 78.0 23.78
18 8.67 429.80 124.80 38.05 2.64 78.0 23.78
17 8.67 421.14 116.14 35.41 2.64 78.0 23.78
16 8.67 412.47 107.47 32.76 2.64 78.0 23.78
15 8.67 403.80 98.80 30.12 2.64 78.0 23.78
12 8.67 395.14 90.14 27.48 2.64 78.0 23.78
11 8.67 386.47 81.47 24.84 2.64 78.0 23.78
10 8.67 377.80 72.80 22.20 2.64 88.6 27.01
9 8.67 369.14 64.14 19.55 2.64 88.6 27.01
8 8.67 360.47 55.47 16.91 2.64 88.6 27.01
7 8.67 351.80 46.80 14.27 2.64 88.6 27.01
6 8.67 343.14 38.14 11.63 2.64 88.6 27.01
5 8.67 334.47 29.47 8.98 2.64 88.6 27.01
3 8.67 325.80 20.80 6.34 2.64 88.6 27.01
2 8.67 317.14 12.14 3.70 3.17 88.6 27.01
1 12.14 305 0 0.00 1.85 92.0 28.05

sum 1900
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Level Wi x hi [m2] Ce, Rough

ULS 
Dynamic 

Windward p 
[kPa]

Windward p 
SLS [kPa]

ULS 
Dynamic 
Leeward p  

[kPa]
Leeward p 
SLS [kPa]

Total 
Dynamic 

Pressure [kPa]

43 825 1.40 1.35 1.01 0.60 0.45 1.94
42 800 1.38 1.33 0.99 0.60 0.45 1.44
41 777 1.36 1.31 0.98 0.60 0.45 1.43
40 2170 1.34 1.29 0.96 0.60 0.45 1.41
39 2099 1.32 1.26 0.95 0.60 0.45 1.39
38 2036 1.30 1.24 0.93 0.60 0.45 1.38
37 1973 1.28 1.23 0.92 0.60 0.45 1.37
36 1910 1.26 1.21 0.90 0.60 0.45 1.35
35 1847 1.24 1.19 0.89 0.60 0.45 1.34
33 1785 1.22 1.17 0.87 0.60 0.45 1.32
32 1722 1.19 1.14 0.86 0.60 0.45 1.30
31 1659 1.17 1.12 0.84 0.60 0.45 1.29
30 1596 1.15 1.10 0.83 0.60 0.45 1.27
29 1533 1.13 1.08 0.81 0.60 0.45 1.26
28 1470 1.10 1.06 0.79 0.60 0.45 1.24
27 1408 1.08 1.03 0.78 0.60 0.45 1.22
26 1345 1.06 1.01 0.76 0.60 0.45 1.21
25 1282 1.03 0.99 0.74 0.60 0.45 1.19
23 1219 1.00 0.96 0.72 0.60 0.45 1.17
22 1156 0.98 0.94 0.70 0.60 0.45 1.15
21 1093 0.95 0.91 0.68 0.60 0.45 1.13
20 1031 0.92 0.89 0.66 0.60 0.45 1.11
19 968 0.89 0.86 0.64 0.60 0.45 1.09
18 905 0.87 0.83 0.62 0.60 0.45 1.07
17 842 0.83 0.80 0.60 0.60 0.45 1.05
16 779 0.80 0.77 0.58 0.60 0.45 1.02
15 716 0.77 0.74 0.55 0.60 0.45 1.00
12 653 0.74 0.71 0.53 0.60 0.45 0.98
11 591 0.70 0.67 0.50 0.60 0.45 0.95
10 599 0.66 0.63 0.48 0.60 0.45 0.92
9 528 0.62 0.59 0.45 0.60 0.45 0.89
8 457 0.58 0.55 0.41 0.60 0.45 0.86
7 385 0.53 0.51 0.38 0.60 0.45 0.83
6 314 0.50 0.48 0.36 0.60 0.45 0.81
5 243 0.50 0.48 0.36 0.60 0.45 0.81
3 171 0.50 0.48 0.36 0.60 0.45 0.81
2 100 0.50 0.48 0.36 0.60 0.45 0.81
1 0 0.50 0.48 0.36 0.60 0.45 0.81

sum 40987
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Level
ULS Storey 
Force [kN]

ULS 
Cumulative 
Shear [kN]

ULS 
Overturning 
Moment [kN-

m]

Cumulative 
Overturning 
Moment [kN-

m]

43 24.2 24 2423 2423
42 46.2 70 4492 6915
41 46.9 117 4426 11341
40 137.8 255 12575 23916
39 124.6 380 10997 34912
38 115.6 495 9898 44810
37 114.4 610 9491 54301
36 113.2 723 9090 63391
35 111.9 835 8693 72084
33 110.6 945 8302 80386
32 109.3 1055 7915 88301
31 108.0 1163 7534 95835
30 106.7 1269 7158 102993
29 105.3 1375 6787 109780
28 103.9 1478 6422 116202
27 102.4 1581 6063 122265
26 101.0 1682 5709 127974
25 99.5 1781 5361 133335
23 97.9 1879 5020 138355
22 96.3 1976 4684 143039
21 94.7 2070 4355 147394
20 93.0 2163 4032 151426
19 91.3 2255 3716 155142
18 89.5 2344 3407 158549
17 87.7 2432 3105 161654
16 85.8 2518 2811 164465
15 83.8 2602 2524 166989
12 81.7 2683 2246 169235
11 79.5 2763 1975 171210
10 87.7 2850 1947 173157
9 84.9 2935 1661 174817
8 82.0 3017 1386 176203
7 78.7 3096 1124 177327
6 76.7 3173 892 178218
5 76.7 3249 689 178907
3 76.7 3326 486 179394
2 92.0 3418 341 179734
1 55.8 3474 0 179734
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A.2.3 Comparison of Static and Dynamic Wind Loading

The static and dynamic wind analysis methods produce different pressure distributions as was shown in the

previous section. A brief comparison of the two methods is included to outline the importance of applying

the correct method for tall or slender structures. Included in the comparison is any change in wind effects

based on the dynamic properties of the structure based on including or excluding the gravity frame system

as part of the analysis. The results of this analysis are included in the following pages.

The analysis shows that the dynamic method produces 13% to 20% base shears and 17% to 24% higher

base overturning moments when applied to the study building. This proves that neglecting to account for

dynamic wind effects produces unconservative loading distributions. The higher overturning moment is of

particular concern, as capacity design for seismic loads ensures that member capacity is controlled by flexure,

not shear. If the flexural demands due to wind are 24% higher, unintended plastic behaviour of elastically

designed members may result.

The comparison of wind effects based on inclusion or exclusion of the gravity frame system tends to have

a modest effect for the study building. Inclusion of the core serves to increase the stiffness of the building

and subsequently lowers any dynamic response due to wind loading. This reduction is a linear scaling based

on the gust factor, so in the case of base shear and overturning moment increases in the 4% to 7% range are

observed. Since the focus of the study is to compare the demands on the gravity frame, the loading for the

core and gravity frame period will be applied in subsequent models and analysis. Should the need arise to

compare results to the higher pressure distribution of the core only, it is simply a linear scaling of the lower

load level.
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Comparison of NBCC 2005 Static and Dynamic Wind Loading Methods
X-Direction (Coupled Walls)

Level

Height 
Above 
Grade 
[m]

Static 
Wind 
Pressure 
[kPa]

Dynamic 
Wind 
Pressure 
Core and 
Gravity 
[kPa]

Dynamic 
Wind 
Pressure 
Core Only 
[kPa]

43 100.26 1.50 1.87 1.99
42 97.23 1.49 1.85 1.97
41 94.42 1.48 1.84 1.95
40 91.25 1.47 1.81 1.92
39 88.25 1.46 1.79 1.90
38 85.61 1.45 1.78 1.88
37 82.97 1.45 1.76 1.86
36 80.33 1.44 1.74 1.84
35 77.68 1.43 1.72 1.82
33 75.04 1.42 1.70 1.80
32 72.40 1.41 1.68 1.78
31 69.76 1.40 1.66 1.76
30 67.11 1.39 1.64 1.74
29 64.47 1.38 1.62 1.71
28 61.83 1.37 1.59 1.69
27 59.19 1.35 1.57 1.67
26 56.55 1.34 1.55 1.64
25 53.90 1.33 1.53 1.62
23 51.26 1.32 1.50 1.60
22 48.62 1.31 1.48 1.57
21 45.98 1.29 1.45 1.54
20 43.33 1.28 1.43 1.52
19 40.69 1.26 1.40 1.49
18 38.05 1.25 1.37 1.46
17 35.41 1.23 1.35 1.43
16 32.76 1.22 1.32 1.40
15 30.12 1.20 1.29 1.36
12 27.48 1.18 1.25 1.33
11 24.84 1.16 1.22 1.30
10 22.20 1.14 1.19 1.26
9 19.55 1.11 1.15 1.22
8 16.91 1.09 1.11 1.18
7 14.27 1.06 1.06 1.13
6 11.63 1.03 1.04 1.10
5 8.98 1.03 1.04 1.10
3 6.34 1.03 1.04 1.10
2 3.70 1.03 1.04 1.10
1 0.00 1.03 1.04 1.10
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Y-Direction (Cantilever Walls)

Level

Height 
Above 
Grade 
[m]

Static 
Wind 
Pressure 
[kPa]

Dynamic 
Wind 
Pressure 
Core and 
Gravity 
[kPa]

Dynamic 
Wind 
Pressure 
Core Only 
[kPa]

43 100.26 1.50 1.87 1.94
42 97.23 1.49 1.85 1.44
41 94.42 1.48 1.84 1.43
40 91.25 1.47 1.81 1.41
39 88.25 1.46 1.79 1.39
38 85.61 1.45 1.78 1.38
37 82.97 1.45 1.76 1.37
36 80.33 1.44 1.74 1.35
35 77.68 1.43 1.72 1.34
33 75.04 1.42 1.70 1.32
32 72.40 1.41 1.68 1.30
31 69.76 1.40 1.66 1.29
30 67.11 1.39 1.64 1.27
29 64.47 1.38 1.62 1.26
28 61.83 1.37 1.59 1.24
27 59.19 1.35 1.57 1.22
26 56.55 1.34 1.55 1.21
25 53.90 1.33 1.53 1.19
23 51.26 1.32 1.50 1.17
22 48.62 1.31 1.48 1.15
21 45.98 1.29 1.45 1.13
20 43.33 1.28 1.43 1.11
19 40.69 1.26 1.40 1.09
18 38.05 1.25 1.37 1.07
17 35.41 1.23 1.35 1.05
16 32.76 1.22 1.32 1.02
15 30.12 1.20 1.29 1.00
12 27.48 1.18 1.25 0.98
11 24.84 1.16 1.22 0.95
10 22.20 1.14 1.19 0.92
9 19.55 1.11 1.15 0.89
8 16.91 1.09 1.11 0.86
7 14.27 1.06 1.06 0.83
6 11.63 1.03 1.04 0.81
5 8.98 1.03 1.04 0.81
3 6.34 1.03 1.04 0.81
2 3.70 1.03 1.04 0.81
1 0.00 1.03 1.04 0.81
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Static and Dynamic Load Distribution Comparison

Analysis Type

Base Shear 
[kN]

Base 
Moment [kN-

m]

Increase of 
Dynamic to 
Static Shear

Increase of 
Dynamic to 
Static 
Moment

Static X 4110 207362 N/A N/A
Dynamic Core & Gravity X 4638 242427 1.13 1.17

Dynamic Core Only Y 4921 257209 1.20 1.24
Static Y 2975 148260 N/A N/A

Dynamic Core & Gravity Y 3351 173391 1.13 1.17
Dynamic Core Only Y 3474 179734 1.17 1.21

Dynamic method produces 13% - 20% higher load effects for study building
Dynamic method is to be applied based on height to width slenderness
All recorded values are based on ULS criteria
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Appendix B

Thin Lightly-Reinforced Bearing

Walls
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B.1 Bearing Wall Test Specimen Geometry and Material Properties

Table B.1: Summary of bearing wall test specimen geometry and material properties.

Researcher Specimen Wall Wall Wall Slenderness Load Cylinder Reinforcing Reinforcing Reinforcing Reinforcing

Name Length Height Thickness Eccentricity Strength Yield Layers Placement Ratio

L h t h/t e f ′c fy ρv

[mm] [mm] [mm] [mm] [MPa] [MPa] [mm]

Oberlender, 1977 A-2-1-M 610 610 76 8 13 27.1 518 2 18 0.00331

Oberlender, 1977 A-2-2-M 610 610 76 8 13 35.2 435 2 18 0.00467

Oberlender, 1977 A-3-1-M 610 914 76 12 13 24.9 518 2 18 0.00331

Oberlender, 1977 A-3-2-M 610 914 76 12 13 25.7 435 2 18 0.00467

Oberlender, 1977 A-4-1-M 610 1219 76 16 13 27.7 518 2 18 0.00331

Oberlender, 1977 A-4-2-M 610 1219 76 16 13 34.7 435 2 18 0.00467

Oberlender, 1977 A-5-1-M 610 1524 76 20 13 41.1 518 2 18 0.00331

Oberlender, 1977 A-5-2-M 610 1524 76 20 13 40.3 435 2 18 0.00467

Oberlender, 1977 A-6-1-M 610 1829 76 24 13 45.1 518 2 18 0.00331

Oberlender, 1977 A-6-2-M 610 1829 76 24 13 47.7 435 2 18 0.00467

Oberlender, 1977 A-7-1-M 610 2134 76 28 13 37.9 518 2 18 0.00331

Oberlender, 1977 A-7-2-M 610 2134 76 28 13 42.2 435 2 18 0.00467

Oberlender, 1977 B-2-1-M 610 610 76 8 13 29.3 518 2 18 0.00331

Oberlender, 1977 B-2-2-M 610 610 76 8 13 31.9 435 2 18 0.00467

Oberlender, 1977 B-3-1-M 610 914 76 12 13 26.6 518 2 18 0.00331

Oberlender, 1977 B-3-1-MC 610 914 76 12 13 29.9 518 2 12 0.00331

Oberlender, 1977 B-3-2-M 610 914 76 12 13 23.9 435 2 18 0.00467

Oberlender, 1977 B-4-1-M 610 1219 76 16 13 38.8 518 2 18 0.00331

Oberlender, 1977 B-4-2-M 610 1219 76 16 13 33.4 435 2 18 0.00467

Oberlender, 1977 B-5-1-M 610 1524 76 20 13 29.7 518 2 18 0.00331

Oberlender, 1977 B-5-1-MC 610 1524 76 20 13 13.4 518 2 12 0.00331

Oberlender, 1977 B-5-2-M 610 1524 76 20 13 37.7 435 2 18 0.00467

Oberlender, 1977 B-6-1-M 610 1829 76 24 13 48.5 518 2 18 0.00331

Oberlender, 1977 B-6-2-M 610 1829 76 24 13 44.0 435 2 18 0.00467

Oberlender, 1977 B-7-1-M 610 2134 76 28 13 42.4 518 2 18 0.00331

Continued on Next Page
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Researcher Specimen Wall Wall Wall Slenderness Load Cylinder Reinforcing Reinforcing Reinforcing Reinforcing

Name Length Height Thickness Eccentricity Strength Yield Layers Placement Ratio

L h t h/t e f ′c fy ρv

[mm] [mm] [mm] [mm] [MPa] [MPa] [mm]

Oberlender, 1977 B-7-1-MC 610 2134 76 28 13 41.6 518 2 12 0.00331

Oberlender, 1977 B-7-2-M 610 2134 76 28 13 45.5 435 2 18 0.00467

Pillai, 1977 A1 400 1200 40 30 7 25.0 274 1 20 0.00156

Pillai, 1977 A2 500 1200 48 25 8 25.0 233 1 24 0.00150

Pillai, 1977 A3 550 1200 60 20 10 20.8 233 1 30 0.00153

Pillai, 1977 A4 700 1200 80 15 13 15.6 347 1 40 0.00150

Pillai, 1977 A5 700 800 80 10 13 20.8 347 1 40 0.00150

Pillai, 1977 A6 700 400 80 5 13 15.6 347 1 40 0.00150

Pillai, 1977 B1 400 1200 40 30 7 24.3 233 1 20 0.00300

Pillai, 1977 B2 500 1200 48 25 8 24.3 233 1 24 0.00300

Pillai, 1977 B3 560 1200 60 20 10 31.1 233 1 30 0.00301

Pillai, 1977 B4 700 1200 80 15 13 22.8 347 1 40 0.00300

Pillai, 1977 B5 700 800 80 10 13 22.8 347 1 40 0.00300

Pillai, 1977 B6 700 400 80 5 13 15.6 347 1 40 0.00300

Saheb, 1989 WAR-1 900 600 50 12 8 22.3 297 2 11 0.00173

Saheb, 1989 WAR-2 600 600 50 12 8 22.3 297 2 11 0.00173

Saheb, 1989 WAR-3 400 600 50 12 8 22.3 297 2 11 0.00173

Saheb, 1989 WAR-4 300 600 50 12 8 22.3 297 2 11 0.00173

Saheb, 1989 WSR-1 300 450 50 9 8 21.7 297 2 11 0.00165

Saheb, 1989 WSR-2 400 600 50 12 8 21.7 297 2 11 0.00165

Saheb, 1989 WSR-3 600 900 50 18 8 21.7 297 2 11 0.00165

Saheb, 1989 WSR-4 900 1350 50 27 8 21.7 297 2 11 0.00165

Saheb, 1989 WSTV-2 900 600 50 12 8 25.2 297 2 12 0.00173

Saheb, 1989 WSTV-3 900 600 50 12 8 25.2 286 2 12 0.00331

Saheb, 1989 WSTV-4 900 600 50 12 8 25.2 581 2 13 0.00528

Saheb, 1989 WSTV-5 800 1200 50 24 8 22.8 570 2 11 0.00845

Saheb, 1989 WSTV-6 800 1200 50 24 8 22.8 297 2 12 0.00177

Saheb, 1989 WSTV-7 800 1200 50 24 8 22.8 286 2 12 0.00335

Saheb, 1989 WSTV-8 800 1200 50 24 8 22.8 581 2 13 0.00528

Continued on Next Page
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Researcher Specimen Wall Wall Wall Slenderness Load Cylinder Reinforcing Reinforcing Reinforcing Reinforcing

Name Length Height Thickness Eccentricity Strength Yield Layers Placement Ratio

L h t h/t e f ′c fy ρv

[mm] [mm] [mm] [mm] [MPa] [MPa] [mm]

Saheb, 1989 WSTH-2 900 600 50 12 8 24.5 297 2 11 0.00856

Saheb, 1989 WSTH-3 900 600 50 12 8 24.5 297 2 11 0.00173

Saheb, 1989 WSTH-4 900 600 50 12 8 24.5 297 2 11 0.00173

Saheb, 1989 WSTH-6 800 1200 50 24 8 20.2 297 2 11 0.00176

Saheb, 1989 WSTH-7 800 1200 50 24 8 20.2 297 2 11 0.00176

Saheb, 1989 WSTH-8 800 1200 50 24 8 20.2 297 2 11 0.00176

Sanjayan, 2000 1 1500 2000 50 40 25 58.5 518 1 25 0.00990

Sanjayan, 2000 2 1500 2000 50 40 25 59.0 450 1 25 0.02800

Sanjayan, 2000 3 1500 2000 50 40 25 59.0 506 1 25 0.00210

Doh, 2005 OWNS2 1200 1200 40 30 7 35.7 450 1 20 0.00310

Doh, 2005 OWNS3 1400 1400 40 35 7 52.0 450 1 20 0.00310

Doh, 2005 OWNS4 1600 1600 40 40 7 51.0 450 1 20 0.00310

Doh, 2005 OWHS2 1200 1200 40 30 7 78.2 450 1 20 0.00310

Doh, 2005 OWHS3 1400 1400 40 35 7 63.0 450 1 20 0.00310

Doh, 2005 OWHS4 1600 1600 40 40 7 75.9 450 1 20 0.00310

Fragomeni, 1995 1a 200 1000 50 20 8 40.7 450 1 20 0.00310

Fragomeni, 1995 2a 300 1000 50 20 8 42.4 450 1 20 0.00310

Fragomeni, 1995 3a 200 1000 40 25 7 37.1 450 1 20 0.00310

Fragomeni, 1995 4a 300 1000 40 25 7 35.7 450 1 20 0.00310

Fragomeni, 1995 5a 500 1000 40 25 7 35.7 450 1 20 0.00310

Fragomeni, 1995 6a 200 600 40 15 7 38.3 450 1 20 0.00310

Fragomeni, 1995 7a 200 600 40 15 7 32.9 450 1 20 0.00310

Fragomeni, 1995 8a 210 420 35 12 6 39.6 450 1 20 0.00310

Fragomeni, 1995 9a 200 1000 50 20 8 34.2 450 1 20 0.00310

Fragomeni, 1995 10a 300 1000 50 20 8 34.6 450 1 20 0.00310

Fragomeni, 1995 1b 200 1000 50 20 8 58.9 450 1 20 0.00310

Fragomeni, 1995 2b 300 1000 50 20 8 65.4 450 1 20 0.00310

Fragomeni, 1995 3b 200 1000 40 25 7 54.0 450 1 20 0.00310

Fragomeni, 1995 4b 300 1000 40 25 7 54.0 450 1 20 0.00310

Continued on Next Page
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Researcher Specimen Wall Wall Wall Slenderness Load Cylinder Reinforcing Reinforcing Reinforcing Reinforcing

Name Length Height Thickness Eccentricity Strength Yield Layers Placement Ratio

L h t h/t e f ′c fy ρv

[mm] [mm] [mm] [mm] [MPa] [MPa] [mm]

Fragomeni, 1995 5b 500 1000 40 25 7 59.7 450 1 20 0.00310

Fragomeni, 1995 6b 200 600 40 15 7 67.4 450 1 20 0.00310

Fragomeni, 1995 7b 200 600 40 15 7 45.1 450 1 20 0.00310

Fragomeni, 1995 8b 210 420 35 12 6 67.4 450 1 20 0.00310

Fragomeni, 1995 9b 200 1000 50 20 8 60.0 450 1 20 0.00310

Fragomeni, 1995 10b 300 1000 50 20 8 60.7 450 1 20 0.00310

Huang, 2014 ST1 460 2700 100 27 17 81.4 550 2 20 0.00233

Huang, 2014 ST2 460 2700 100 27 17 81.4 550 1 50 0.00233

Huang, 2014 ST3 460 2700 100 27 7 81.4 550 2 20 0.00233

Huang, 2014 ST4 460 2700 100 27 36 81.4 550 2 20 0.00233

Huang, 2014 ST5 460 2700 130 21 23 81.4 550 2 20 0.00284

Huang, 2014 ST6 460 2700 160 17 33 81.4 550 2 20 0.00292

Huang, 2014 ST7 460 2700 100 27 18 81.4 550 2 20 0.00164

Huang, 2014 ST8 460 2700 100 27 17 81.4 550 2 20 0.00592

Robinson, 2013 3 500 3000 100 30 5 53.2 550 1 50 0.00502

Robinson, 2013 4 500 3000 100 30 5 53.2 550 1 50 0.00502

Robinson, 2013 5 500 3000 100 30 17 49.1 550 1 50 0.00502

Robinson, 2013 6 500 3000 100 30 17 49.1 550 1 50 0.00502

Robinson, 2013 7 500 2500 100 25 17 51.5 550 1 50 0.00502

Robinson, 2013 8 500 2500 100 25 17 51.5 550 1 50 0.00502

Robinson, 2013 9 500 2800 100 28 17 52.4 550 1 50 0.00502

Robinson, 2013 10 500 2800 100 28 17 52.4 550 1 50 0.00502

Robinson, 2013 11 500 3000 100 30 17 51.6 550 1 50 0.00502

Robinson, 2013 12 500 3000 100 30 17 51.6 550 1 50 0.00502

Robinson, 2013 13 500 3000 100 30 17 51.6 550 1 50 0.00502

Robinson, 2013 14 500 3000 100 30 17 51.6 550 1 50 0.00502

Robinson, 2013 15 500 3000 100 30 33 52.4 550 1 50 0.00502

Robinson, 2013 16 500 3000 100 30 33 52.4 550 1 50 0.00502
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B.2 Bearing Wall Test Experimental Results and Predicted

Capacity Ratios

Table B.2: Summary of bearing wall test experimental results and predicted capacity ratios.

Experimental Results Prediction to Experimental Strength Ratio

Researcher Specimen Ultimate Normalized Equation Rational Rational ACI 318-14

Name Axial Ultimate 14-1 Method Method Alternative

Load Axial Load EI = 0.2EcIg Stiffness

Pu Pu/(f ′cAg) +AstIst EI = 0.4EcIg

[kN]

Oberlender, 1977 A-2-1-M 1272 1.01 2.00 2.10 1.94 1.86

Oberlender, 1977 A-2-2-M 979 0.60 1.20 1.29 1.18 1.12

Oberlender, 1977 A-3-1-M 912 0.79 1.70 2.04 1.69 1.52

Oberlender, 1977 A-3-2-M 818 0.68 1.47 1.73 1.45 1.30

Oberlender, 1977 A-4-1-M 925 0.72 1.78 2.72 1.93 1.57

Oberlender, 1977 A-4-2-M 787 0.49 1.22 2.00 1.40 1.10

Oberlender, 1977 A-5-1-M 765 0.40 1.25 2.69 1.69 1.16

Oberlender, 1977 A-5-2-M 850 0.45 1.41 2.87 1.85 1.26

Oberlender, 1977 A-6-1-M 649 0.31 1.36 2.99 1.82 1.15

Oberlender, 1977 A-6-2-M 565 0.26 1.12 2.43 1.51 0.93

Oberlender, 1977 A-7-1-M 583 0.33 † 3.72 2.25 1.40

Oberlender, 1977 A-7-2-M 449 0.23 † 2.62 1.63 0.98

Oberlender, 1977 B-2-1-M 1041 0.77 1.52 1.62 1.49 1.42

Oberlender, 1977 B-2-2-M 881 0.59 1.18 1.25 1.15 1.10

Oberlender, 1977 B-3-1-M 854 0.69 1.49 1.83 1.50 1.35

Oberlender, 1977 B-3-1-MC 916 0.66 1.43 1.73 1.45 1.30

Oberlender, 1977 B-3-2-M 698 0.63 1.35 1.54 1.30 1.18

Oberlender, 1977 B-4-1-M 952 0.53 1.34 2.41 1.62 1.26

Oberlender, 1977 B-4-2-M 765 0.49 1.23 1.98 1.40 1.10

Oberlender, 1977 B-5-1-M 858 0.62 1.90 3.43 2.22 1.59

Oberlender, 1977 B-5-1-MC 356 0.57 1.69 1.76 1.35 1.11

Oberlender, 1977 B-5-2-M 885 0.51 1.57 3.07 2.00 1.37

Oberlender, 1977 B-6-1-M 636 0.28 1.25 2.85 1.72 1.09

Oberlender, 1977 B-6-2-M 552 0.27 1.18 2.44 1.53 0.95

Oberlender, 1977 B-7-1-M 485 0.25 † 2.97 1.79 1.10

Oberlender, 1977 B-7-1-MC 414 0.21 † 2.42 1.53 0.93

Oberlender, 1977 B-7-2-M 489 0.23 † 2.78 1.72 1.03

Pillai, 1977 A1 229 0.57 † 6.42 3.57 2.36

Pillai, 1977 A2 367 0.61 2.90 5.01 2.87 2.01

Pillai, 1977 A3 382 0.56 1.68 2.85 1.81 1.40

Pillai, 1977 A4 392 0.45 1.04 1.39 1.05 0.93

Pillai, 1977 A5 932 0.80 1.62 1.92 1.65 1.55

Pillai, 1977 A6 647 0.74 1.38 1.32 1.32 1.32

Pillai, 1977 B1 282 0.73 † 7.59 4.29 2.84

Pillai, 1977 B2 402 0.69 3.26 5.31 3.14 2.18

Continued on Next Page
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Researcher Specimen Ultimate Normalized Equation Rational Rational ACI 318-14

Name Axial Ultimate 14-1 Method Method Alternative

Load Axial Load EI = 0.2EcIg Stiffness

Pu Pu/(f ′cAg) +AstIst EI = 0.4EcIg

[kN]

Pillai, 1977 B3 616 0.59 1.81 3.66 2.25 1.63

Pillai, 1977 B4 883 0.69 1.63 2.49 1.77 1.49

Pillai, 1977 B5 971 0.76 1.55 1.87 1.58 1.48

Pillai, 1977 B6 559 0.64 1.19 1.13 1.13 1.13

Saheb, 1989 WAR-1 484 0.48 1.03 1.25 1.03 0.94

Saheb, 1989 WAR-2 315 0.47 1.00 1.22 1.01 0.92

Saheb, 1989 WAR-3 198 0.44 0.95 1.15 0.95 0.87

Saheb, 1989 WAR-4 147 0.44 0.94 1.14 0.94 0.86

Saheb, 1989 WSR-1 214 0.66 1.31 1.42 1.29 1.23

Saheb, 1989 WSR-2 254 0.59 1.25 1.51 1.25 1.15

Saheb, 1989 WSR-3 299 0.46 1.23 1.93 1.29 1.04

Saheb, 1989 WSR-4 374 0.38 † 3.09 1.85 1.24

Saheb, 1989 WSTV-2 535 0.47 1.02 1.29 1.04 0.94

Saheb, 1989 WSTV-3 584 0.52 1.11 1.34 1.11 1.00

Saheb, 1989 WSTV-4 704 0.62 1.34 1.54 1.30 1.16

Saheb, 1989 WSTV-5 339 0.37 1.56 1.82 1.35 0.87

Saheb, 1989 WSTV-6 399 0.44 1.83 2.97 1.81 1.26

Saheb, 1989 WSTV-7 463 0.51 2.13 3.19 2.03 1.39

Saheb, 1989 WSTV-8 503 0.55 2.32 3.21 2.13 1.43

Saheb, 1989 WSTH-2 538 0.49 1.05 1.07 0.95 0.85

Saheb, 1989 WSTH-3 538 0.49 1.05 1.31 1.07 0.97

Saheb, 1989 WSTH-4 538 0.49 1.05 1.31 1.07 0.97

Saheb, 1989 WSTH-6 349 0.43 1.81 2.71 1.68 1.18

Saheb, 1989 WSTH-7 344 0.43 1.78 2.67 1.65 1.17

Saheb, 1989 WSTH-8 349 0.43 1.81 2.71 1.68 1.18

Sanjayan, 2000 1 238 0.05 † 1.93‡ 1.21‡ 1.02

Sanjayan, 2000 2 202 0.05 † 1.39‡ 0.84‡ 0.58

Sanjayan, 2000 3 212 0.05 † 2.70‡ 1.81‡ 1.75

Doh, 2005 OWNS2 253 0.15 † 1.96 1.09 0.69

Doh, 2005 OWNS3 427 0.15 † 3.24‡ 1.76‡ 1.05

Doh, 2005 OWNS4 442 0.14 † 3.75‡ 2.03‡ 1.20

Doh, 2005 OWHS2 483 0.13 † 2.79 1.51 0.90

Doh, 2005 OWHS3 442 0.13 † 3.12‡ 1.69‡ 1.00

Doh, 2005 OWHS4 456 0.09 † 3.34‡ 1.80‡ 1.06

Fragomeni, 1995 1a 162 0.40 1.24 2.85 1.71 1.20

Fragomeni, 1995 2a 232 0.36 1.14 2.67 1.60 1.12

Fragomeni, 1995 3a 100 0.34 1.63 3.35 1.89 1.26

Fragomeni, 1995 4a 199 0.46 2.24 4.51 2.56 1.71

Fragomeni, 1995 5a 201 0.28 1.36 2.74 1.55 1.04

Fragomeni, 1995 6a 163 0.53 1.29 2.40 1.59 1.27

Fragomeni, 1995 7a 111 0.42 1.01 1.78 1.20 0.97

Continued on Next Page
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Researcher Specimen Ultimate Normalized Equation Rational Rational ACI 318-14

Name Axial Ultimate 14-1 Method Method Alternative

Load Axial Load EI = 0.2EcIg Stiffness

Pu Pu/(f ′cAg) +AstIst EI = 0.4EcIg

[kN]

Fragomeni, 1995 8a 158 0.54 1.20 1.88 1.37 1.18

Fragomeni, 1995 9a 148 0.43 1.33 2.80 1.72 1.23

Fragomeni, 1995 10a 230 0.44 1.37 2.88 1.77 1.27

Fragomeni, 1995 1b 187 0.32 1.03 2.82 1.63 1.10

Fragomeni, 1995 2b 264 0.27 0.88 2.54 1.46 0.97

Fragomeni, 1995 3b 168 0.39 1.94 4.86 2.69 1.72

Fragomeni, 1995 4b 217 0.33 1.67 4.19 2.32 1.48

Fragomeni, 1995 5b 269 0.23 1.14 3.00 1.66 1.05

Fragomeni, 1995 6b 178 0.33 0.85 1.98 1.23 0.92

Fragomeni, 1995 7b 132 0.37 0.90 1.79 1.17 0.91

Fragomeni, 1995 8b 233 0.47 1.10 2.05 1.39 1.14

Fragomeni, 1995 9b 151 0.25 0.82 2.26 1.31 0.88

Fragomeni, 1995 10b 265 0.29 0.94 2.63 1.52 1.02

Huang, 2014 ST1 795 0.21 † 3.73 2.14 1.30

Huang, 2014 ST2 804 0.21 † 4.04 2.18 1.34

Huang, 2014 ST3 1274 0.34 † 4.87 2.67 1.42

Huang, 2014 ST4 297 0.08 † 2.22‡ 1.47‡ 1.20

Huang, 2014 ST5 1427 0.29 1.04 3.20 1.94 1.25

Huang, 2014 ST6 1882 0.31 0.90 2.58‡ 1.67‡ 1.19

Huang, 2014 ST7 846 0.23 † 4.22 2.38 1.49

Huang, 2014 ST8 839 0.22 † 3.42 2.16 1.23

Robinson, 2013 3 672 0.25 † 3.43 1.77 0.86

Robinson, 2013 4 725 0.27 † 3.70 1.90 0.93

Robinson, 2013 5 595 0.24 † 3.80 2.11 1.27

Robinson, 2013 6 557 0.23 † 3.56 1.97 1.19

Robinson, 2013 7 871 0.34 1.69 3.99 2.25 1.42

Robinson, 2013 8 858 0.33 1.66 3.93 2.21 1.40

Robinson, 2013 9 692 0.26 † 3.83 2.13 1.30

Robinson, 2013 10 683 0.26 † 3.78 2.10 1.28

Robinson, 2013 11 582 0.23 † 3.65 2.02 1.21

Robinson, 2013 12 597 0.23 † 3.74 2.07 1.24

Robinson, 2013 13 572 0.22 † 3.59 1.99 1.19

Robinson, 2013 14 568 0.22 † 3.56 1.97 1.18

Robinson, 2013 15 322 0.12 † 2.59‡ 1.59‡ 1.20

Robinson, 2013 16 336 0.13 † 2.70‡ 1.66‡ 1.25

†Slenderness h/t exceeds CSA A23.3-14 §14.1.7.1 limit of 25
‡Slenderness h/t exceeds CSA A23.3-14 §10.13.2 limit of 30
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C.1 UCLA RCWalls Selective Walls Database Query Results

C.1.1 Specimen Test Setup Details

Table C.1: Summary of UCLA database query wall experimental test setup details.

GENERAL INFORMATION TESTING SETUP INFORMATION

Lateral Loading Test Setup

Author(s) Specimen Vertical Axial Axial Total No. of Height Unsupported Height of Test Shear

Name Reinforcing Load Load No. of Repeated of Lateral Panel Displacement Configuration‖ Span

Layers Ratio Cycles Cycles Load Height Measurement Ratio

[kN] [%] [mm] [mm] [mm]

Alarcon 2013 W1 1 287 14.98 16.5 2 1750 1600 1750 1 2.50

Alarcon 2013 W2 1 479 24.97 14 2 1750 1600 1750 1 2.50

Alarcon 2013 W3 1 672 35.02 12.5 2 1750 1600 1750 1 2.50

Almeida et al., 2014 TW1 1 303 4.30 15 2 2210 2000 2210 2 3.70

Almeida et al., 2014 TW2 2 590 3.21 8.5 1 2210 2000 2210 2 1.17

Almeida et al., 2014 TW3 2 597 3.41 10 1 2210 2000 2210 2 1.17

Almeida et al., 2014 TW4 1 253 3.31 8 1 2210 2000 2210 2 3.70

Almeida et al., 2014 TW5 2 590 4.85 8.5 1 2210 2000 2210 2 2.72

Altheeb 2016 Wall1 2 190 5.00 28 2 2650 2700 1 2.94

Altheeb 2016 Wall2 2 187 5.00 26 2 2650 2700 1 2.94

Albidah 2016 Wall3 2 230 4.99 2 2650 2700 1 2.94

Carvajal and Pollner 1983 M-2 1 118 8.38 12 1 1550 3100 1550 1 3.10

Carvajal and Pollner 1983 M-3 1 118 8.35 13.5 1 1550 3100 1550 1 3.10

Carvajal and Pollner 1983 M-4 1 118 9.22 6.5 1 1550 3100 1550 1 3.10

Carvajal and Pollner 1983 M-5 1 118 8.21 9.5 1 1550 3100 1550 1 3.10

Carvajal and Pollner 1983 M-6 1 118 11.35 5.5 1 1550 3100 1550 1 3.10

Ireland 2007 W1 2 150 3.10 20 2 1500 1350 1500 1 1.47

Matsui et al., 2014 WF 1 343 8.00 11 2 2500 1985 2 1.50

Yamakawa et al., 1993 RCW-NN 2 126 7.84 1140 1140 1 1.43

Tomazevic et al., 1995 SW00N1 2 140 8.75 3 1785 1400 1450 1 2.37

Tomazevic et al., 1995 SW00N2 2 279 17.50 3 1785 1400 1450 1 2.37

Continued on Next Page

204



Lateral Loading Test Setup

Author(s) Specimen Vertical Axial Axial Total No. of Height Unsupported Height of Test Shear

Name Reinforcing Load Load No. of Repeated of Lateral Panel Displacement Configuration∗∗ Span

Layers Ratio Cycles Cycles Load Height Measurement Ratio

[kN] [%] [mm] [mm] [mm]

Ho 2006 N-1.0 2 500 13.71 9 2 1350 1140 1350 1 1.13

Ho 2006 N-1.5-B 1 500 12.14 7 2 1950 1740 1950 1 1.63

Ho 2006 M-1.0-T 2 500 11.05 12.5 2 1350 1140 1350 1 1.13

Ho and Kuang 2008 U1.5 2 500 13.71 6.5 2 1950 1740 1950 1 1.63

Ho and Kuang 2008 C1.0 1 500 12.14 8 2 1350 1140 1350 1 1.13

Marihuen 2014 W4 1 216 15.02 13 2 1750 1600 1750 1 2.50

Marihuen 2014 W5 1 287 14.96 15 2 1330 1180 1330 1 1.90

Marihuen 2014 W6 2 287 14.96 16.5 2 1750 1600 1750 1 2.50

Marihuen 2014 W7 1 287 14.96 16.5 2 1750 1600 1750 1 2.50

Ogura et al., 2014 NSW4 1 458 15.02 2 2100 2100 1 2.00

Zhang et al., 2010 SW-1 2 550 19.56 59 3 1750 1600 1 2.06

Deng et al., 2012 1 2 950 54.98 14 2 2925 2925 2925 1 3.90

Deng et al., 2012 2 2 605 35.01 14 2 2925 2925 2925 1 3.90

Deng et al., 2012 3 2 1140 54.98 12.5 2 2925 2925 2925 1 3.25

Deng et al., 2012 4 2 725 34.96 13 2 2925 2925 2925 1 3.25

Peng et al., 2013 1 2 605 35.01 2 2925 2925 2925 1 3.25

Peng et al., 2013 2 2 950 54.98 2 2925 2925 2925 1 3.25

Wang et al., 2011 W-1A 2 640 12.66 3 2025 1850 2025 1 1.45

Wang et al., 2011 W-1B 2 640 12.66 26 3 2025 1850 2025 1 1.45

Wang et al., 2015 W-1A 2 640 11.37 21 3 2025 1850 2025 1 1.45

Wang et al., 2015 W-1B 2 640 11.37 3 2025 1850 2025 1 1.45

Lu et al., 2017 C1 2 290 3.59 31 3 2963 2800 2650 1 2.00

Lu et al., 2017 C2 2 290 4.00 31 3 2963 2800 2650 2 4.00

Lu et al., 2017 C3 2 290 3.81 31 3 2963 2800 2650 2 6.00

Dazio et al., 1999 WSH4 1 695 5.66 8 2 4560 1700 4560 1 2.28

Baek et al., 2018 FW2 1 1080 29.09 2 3375 3375 1 2.70

Chun et al., 2013 MW1 2 768 9.30 27.5 3 3700 2800 2800 2 2.51

Zhu and Guo 2013 XJ1 2 600 9.87 9 1 1700 1700 1 1.70
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Lateral Loading Test Setup

Author(s) Specimen Vertical Axial Axial Total No. of Height Unsupported Height of Test Shear

Name Reinforcing Load Load No. of Repeated of Lateral Panel Displacement Configuration∗∗ Span

Layers Ratio Cycles Cycles Load Height Measurement Ratio

[kN] [%] [mm] [mm] [mm]

Oh 1998 HRI-W6 1 828 8.71 21.5 3 3000 2000 3000 1 2.00

Wang et al., 2012 W-1 2 600 5.56 1 2800 2800 1 1.40

Villalobos 2015 W-MC-N 1 890 9.57 24 3 3315 3048 3315 1 2.18

Villalobos 2014 W-60-N 1 890 9.57 27.5 3 3315 3048 3315 1 2.18

Villalobos 2015 W-60-N2 1 890 8.77 22 3 3315 3048 3315 1 2.18

∗∗1 = Lateral Load Only Applied; 2 = Lateral Load and Top Moment Applied
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C.1.2 Specimen Geometry

Table C.2: Summary of UCLA database query wall experimental test specimen geometry.

GENERAL INFORMATION SPECIMEN GEOMETRY

Author(s) Specimen Flanged Clear Length Wall Flange Geometry Gross Aspect Cross-Section

Name Cross-Section Wall Of Web Flange Flange Area Ratio Aspect

Height, Hw Wall, Lw Thickness, tw Length, Lf Thickness, tf Ag Hw/Lw Ratio, Lw/tw

[mm] [mm] [mm] [mm] [mm] [mm] [mm]

Alarcon 2013 W1 No 1600 700 100 70000 2.29 7.0

Alarcon 2013 W2 No 1600 700 100 70000 2.29 7.0

Alarcon 2013 W3 No 1600 700 100 70000 2.29 7.0

Almeida et al., 2014 TW1 Yes 2000 2700 80 440 80 244800 0.74 33.8

Almeida et al., 2014 TW2 Yes 2000 2700 120 440 120 362400 0.74 22.5

Almeida et al., 2014 TW3 Yes 2000 2700 120 440 120 362400 0.74 22.5

Almeida et al., 2014 TW4 Yes 2000 2700 80 440 80 244800 0.74 33.8

Almeida et al., 2014 TW5 Yes 2000 2700 120 440 120 362400 0.74 22.5

Altheeb 2016 Wall1 No 2750 900 120 108000 3.06 7.5

Altheeb 2016 Wall2 No 2750 900 120 108000 3.06 7.5

Albidah 2016 Wall3 No 2750 900 120 108000 3.06 7.5

Carvajal and Pollner 1983 M-2 No 1550 500 100 50000 3.10 5.0

Carvajal and Pollner 1983 M-3 No 1550 500 100 50000 3.10 5.0

Carvajal and Pollner 1983 M-4 No 1550 500 100 50000 3.10 5.0

Carvajal and Pollner 1983 M-5 No 1550 500 100 50000 3.10 5.0

Carvajal and Pollner 1983 M-6 No 1550 500 100 50000 3.10 5.0

Ireland 2007 W1 No 1350 1020 125 127500 1.32 8.2

Matsui et al., 2014 WF No 1600 1600 80 128000 1.00 20.0

Yamakawa et al., 1993 RCW-NN No 950 800 80 64000 1.19 10.0

Tomazevic et al., 1995 SW00N1 No 1400 970 50 48500 1.44 19.4

Tomazevic et al., 1995 SW00N2 No 1400 970 50 48500 1.44 19.4

Ho 2006 N-1.0 No 1200 1200 100 120000 1.00 12.0

Ho 2006 N-1.5-B No 1800 1200 100 120000 1.50 12.0

Ho 2006 M-1.0-T No 1200 1200 100 120000 1.00 12.0
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Author(s) Specimen Flanged Clear Length Wall Flange Geometry Gross Aspect Cross-Section

Name Cross-Section Wall Of Web Flange Flange Area Ratio Aspect

Height, Hw Wall, Lw Thickness, tw Length, Lf Thickness, tf Ag Hw/Lw Ratio, Lw/tw

[mm] [mm] [mm] [mm] [mm] [mm] [mm]

Ho and Kuang 2008 U1.5 No 1800 1200 100 120000 1.50 12.0

Ho and Kuang 2008 C1.0 No 1200 1200 100 120000 1.00 12.0

Marihuen 2014 W4 No 1600 700 75 52500 2.29 9.3

Marihuen 2014 W5 No 1180 700 100 70000 1.69 7.0

Marihuen 2014 W6 No 1600 700 100 70000 2.29 7.0

Marihuen 2014 W7 No 1600 700 100 70000 2.29 7.0

Ogura et al., 2014 NSW4 No 2100 1050 120 126000 2.00 8.8

Zhang et al., 2010 SW-1 No 1600 850 125 106250 1.88 6.8

Deng et al., 2012 1 No 2800 750 160 120000 3.73 4.7

Deng et al., 2012 2 No 2800 750 160 120000 3.73 4.7

Deng et al., 2012 3 No 2800 900 160 144000 3.11 5.6

Deng et al., 2012 4 No 2800 900 160 144000 3.11 5.6

Peng et al., 2013 1 No 2800 750 160 120000 3.73 4.7

Peng et al., 2013 2 No 2800 750 160 120000 3.73 4.7

Wang et al., 2011 W-1A No 1850 1400 160 224000 1.32 8.8

Wang et al., 2011 W-1B No 1850 1400 160 224000 1.32 8.8

Wang et al., 2015 W-1A No 1850 1400 160 224000 1.32 8.8

Wang et al., 2015 W-1B No 1850 1400 160 224000 1.32 8.8

Lu et al., 2017 C1 No 2800 1400 150 210000 2.00 9.3

Lu et al., 2017 C2 No 2800 1400 150 210000 2.00 9.3

Lu et al., 2017 C3 No 2800 1400 150 210000 2.00 9.3

Dazio et al., 1999 WSH4 No 4030 2000 150 300000 2.02 13.3

Baek et al., 2018 FW2 No 3125 1250 180 225000 2.50 6.9

Chun et al., 2013 MW1 No 2800 1600 200 320000 1.75 8.0

Zhu and Guo 2013 XJ1 No 1800 1000 200 200000 1.80 5.0

Oh 1998 HRI-W6 No 2000 1500 200 300000 1.33 7.5

Wang et al., 2012 W-1 No 2800 2000 200 400000 1.40 10.0

Villalobos 2015 W-MC-N No 3658 1524 203 309982 2.40 7.5

Villalobos 2014 W-60-N No 3658 1524 203 309982 2.40 7.5
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Author(s) Specimen Flanged Clear Length Wall Flange Geometry Gross Aspect Cross-Section

Name Cross-Section Wall Of Web Flange Flange Area Ratio Aspect

Height, Hw Wall, Lw Thickness, tw Length, Lf Thickness, tf Ag Hw/Lw Ratio, Lw/tw

[mm] [mm] [mm] [mm] [mm] [mm] [mm]

Villalobos 2015 W-60-N2 No 3658 1524 203 309982 2.40 7.5
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C.1.3 Specimen Concrete and Reinforcing Material Properties

Table C.3: Summary of UCLA database query wall experimental test specimen concrete and reinforcing material properties.

GENERAL INFORMATION CONCRETE AND REINFORCING MATERIALS

Author(s) Specimen Measured Web Vertical Reinforcing Web Horizontal Reinforcing Boundary Vertical Reinforcing

Name Cylinder Reinforcing Yield Ultimate Reinforcing Yield Ultimate Reinforcing Yield Ultimate

Strength Ratio Strength Strength Ratio Strength Strength Ratio Strength Strength

f ′c ρv fy fu ρv fy fu ρv fy fu

[MPa] [%] [MPa] [MPa] [%] [MPa] [MPa] [%] [MPa] [MPa]

Alarcon 2013 W1 27.4 0.74 446 599 0.44 609 668 469 676 3.14

Alarcon 2013 W2 27.4 0.74 446 599 0.44 609 668 469 676 3.14

Alarcon 2013 W3 27.4 0.74 446 599 0.44 609 668 469 676 3.14

Almeida et al., 2014 TW1 28.8 0.15 460 625 0.18 460 625 565 650 2.63

Almeida et al., 2014 TW2 50.7 0.50 460 625 0.36 460 625 0.50

Almeida et al., 2014 TW3 48.3 0.50 460 625 0.36 460 625 0.50

Almeida et al., 2014 TW4 31.2 0.15 460 625 0.18 460 625 512 618 2.63

Almeida et al., 2014 TW5 33.6 0.50 460 625 0.36 460 625 0.50

Altheeb 2016 Wall1 35.19 0.32 500 720 0.33 500 720 0.32

Altheeb 2016 Wall2 34.66 0.73 500 720 0.33 500 720 0.73

Albidah 2016 Wall3 42.71 0.90 500 720 0.33 500 720 0.90

Carvajal and Pollner 1983 M-2 28.15 0.25 589 0.25 589 412 1.49

Carvajal and Pollner 1983 M-3 28.25 0.25 589 0.25 589 412 1.49

Carvajal and Pollner 1983 M-4 25.6 0.25 589 0.25 589 451 0.84

Carvajal and Pollner 1983 M-5 28.74 0.25 589 0.25 589 451 0.84

Carvajal and Pollner 1983 M-6 20.8 0.25 589 0.25 589 451 0.84

Ireland 2007 W1 38 0.42 316 415 0.24 376 460 0.42

Matsui et al., 2014 WF 33.5 0.26 359 474 0.26 359 474 355 516 2.49

Yamakawa et al., 1993 RCW-NN 25.1 0.79 438 446 0.79 438 446 0.79

Tomazevic et al., 1995 SW00N1 32.88 0.24 478 531 0.24 478 531 0.24

Tomazevic et al., 1995 SW00N2 32.88 0.26 478 531 0.24 478 531 0.26

Ho 2006 N-1.0 30.4 0.87 520 615 1.05 520 615 0.87

Ho 2006 N-1.5-B 34.32 0.52 520 615 1.05 520 615 520 615 1.96
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Author(s) Specimen Measured Web Vertical Reinforcing Web Horizontal Reinforcing Boundary Vertical Reinforcing

Name Cylinder Reinforcing Yield Ultimate Reinforcing Yield Ultimate Reinforcing Yield Ultimate

Strength Ratio Strength Strength Ratio Strength Strength Ratio Strength Strength

f ′c ρv fy fu ρv fy fu ρv fy fu

[MPa] [%] [MPa] [MPa] [%] [MPa] [MPa] [%] [MPa] [MPa]

Ho 2006 M-1.0-T 37.7 0.87 520 615 1.05 520 615 0.87

Ho and Kuang 2008 U1.5 30.4 0.87 520 615 1.05 520 615 0.87

Ho and Kuang 2008 C1.0 34.32 0.52 520 615 1.05 520 615 520 615 1.96

Marihuen 2014 W4 27.4 0.99 446 599 0.46 524 576 469 676 3.43

Marihuen 2014 W5 27.4 0.74 446 599 0.44 609 668 469 676 3.14

Marihuen 2014 W6 27.4 1.36 446 599 0.44 609 668 469 676 1.36

Marihuen 2014 W7 27.4 0.74 446 599 0.44 609 668 469 676 3.14

Ogura et al., 2014 NSW4 24.2 0.24 547 484 0.48 547 484 360 527 1.03

Zhang et al., 2010 SW-1 26.46 0.40 392 479 0.43 392 479 0.40

Deng et al., 2012 1 14.4 0.14 259 0.14 259 0.14

Deng et al., 2012 2 14.4 0.14 259 0.14 259 0.14

Deng et al., 2012 3 14.4 0.13 259 0.07 259 0.13

Deng et al., 2012 4 14.4 0.13 259 0.07 259 0.13

Peng et al., 2013 1 14.4 0.10 259 0.14 259 0.10

Peng et al., 2013 2 14.4 0.10 259 0.14 259 0.10

Wang et al., 2011 W-1A 22.56 0.49 362 477 0.49 362 477 0.49

Wang et al., 2011 W-1B 22.56 0.49 362 477 0.49 362 477 0.49

Wang et al., 2015 W-1A 25.12 0.49 575 595 0.49 575 595 0.49

Wang et al., 2015 W-1B 25.12 0.49 575 595 0.49 575 595 0.49

Lu et al., 2017 C1 38.5 0.47 300 409 0.25 301 462 0.47

Lu et al., 2017 C2 34.5 0.47 300 409 0.25 301 462 0.47

Lu et al., 2017 C3 36.2 0.47 300 409 0.25 301 462 0.47

Dazio et al., 1999 WSH4 40.9 0.54 584 714 0.25 519 559 576 675 1.74

Baek et al., 2018 FW2 16.5 0.18 540 0.20 540 555 0.80

Chun et al., 2013 MW1 25.8 0.51 506 624 0.31 506 624 0.51

Zhu and Guo 2013 XJ1 30.4 0.75 492 656 0.28 317 460 0.75

Oh 1998 HRI-W6 31.7 0.32 329 435 0.29 329 435 355 600 1.29

Wang et al., 2012 W-1 27 0.57 335 0.57 335 0.57
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Author(s) Specimen Measured Web Vertical Reinforcing Web Horizontal Reinforcing Boundary Vertical Reinforcing

Name Cylinder Reinforcing Yield Ultimate Reinforcing Yield Ultimate Reinforcing Yield Ultimate

Strength Ratio Strength Strength Ratio Strength Strength Ratio Strength Strength

f ′c ρv fy fu ρv fy fu ρv fy fu

[MPa] [%] [MPa] [MPa] [%] [MPa] [MPa] [%] [MPa] [MPa]

Villalobos 2015 W-MC-N 30 0.41 434 634 0.55 531 683 462 655 4.91

Villalobos 2014 W-60-N 30 0.41 434 634 0.55 531 683 462 655 4.91

Villalobos 2015 W-60-N2 32.75 0.41 434 634 0.55 455 710 469 669 4.91
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C.1.4 Specimen Test Results

Table C.4: Summary of UCLA database query wall experimental test specimen results.

GENERAL INFORMATION TEST SPECIMEN RESULTS

Author(s) Specimen Measured Base Shear and Top Displacement Boundary Vertical Reinforcing

Name Top Drift Failure Neutral Axis

Cracking Yielding Maximum Ultimate Residual Collapse Capacity Mode Depth, c

[mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [%] [mm]

Alarcon 2013 W1
7.2 11.3 31.5 43.1 48.0 48.0

2.46 Concrete Crushing 189
86.5 106.0 144.3 115.4 80.0 0.0

Alarcon 2013 W2
4.0 11.2 31.0 31.0 31.0 31.0

1.77 Concrete Crushing 255
68.0 124.0 161.0 153.5 0.0 0.0

Alarcon 2013 W3
4.2 11.0 24.0 26.3 26.3 26.3

1.50 Concrete Crushing 322
68.0 131.0 165.0 146.5 0.0 0.0

Almeida et al., 2014 TW1
1.0 7.3 16.5 16.5 22.0 22.0

0.75 Lateral Instability 357
77.5 167.5 172.5 138.0 0.0 0.0

Almeida et al., 2014 TW2
1.5 6.0 17.0 20.0 23.0 23.0

0.90 Concrete Crushing 325
400.0 700.0 755.0 604.0 500.0 0.0

Almeida et al., 2014 TW3
2.0 8.0 16.0 21.0 33.0 33.0

0.95 Bar Fracture 341
480.0 713.0 750.0 600.0 280.0 0.0

Almeida et al., 2014 TW4
1.0 7.8 17.0 17.0 17.0 17.0

0.77 Lateral Instability 343
73.0 164.0 173.0 138.0 0.0 0.0

Almeida et al., 2014 TW5
1.0 5.5 16.7 19.2 22.0 22.0

0.87 Concrete Crushing 403
189.0 275.0 307.0 246.0 180.0 0.0

Continued on Next Page
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Author(s) Specimen Measured Base Shear and Top Displacement Boundary Vertical Reinforcing

Name Top Drift Failure Neutral Axis

Cracking Yielding Maximum Ultimate Residual Collapse Capacity Mode Depth, c

[mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [%] [mm]

Altheeb 2016 Wall1
6.0 14.0 39.0 60.0 85.0 124.0

2.22 Bar Fracture 108
44.0 66.0 68.0 63.0 28.0 28.0

Altheeb 2016 Wall2
5.0 17.0 43.0 77.0 95.0 118.0

2.85 Concrete Crushing 152
55.0 88.0 95.0 85.0 16.0 16.0

Albidah 2016 Wall3
5.0 21.5 32.5 58.0 88.0 100.0

2.15 Concrete Crushing 166
77.0 125.0 134.4 107.5 12.0 12.0

Carvajal and Pollner 1983 M-2
2.0 9.0 12.5 64.0

4.13 Bar Buckling 82
19.6 36.5 38.8 34.6

Carvajal and Pollner 1983 M-3
2.0 7.6 9.0 50.0

3.23 Bar Buckling 82
19.6 34.4 36.4 35.8

Carvajal and Pollner 1983 M-4
2.3 7.0 8.0 65.0

4.19 Bar Buckling 87
19.6 29.4 30.3 25.0

Carvajal and Pollner 1983 M-5
2.0 10.0 13.5 51.2

3.30 Bar Buckling 80
11.8 28.0 29.0 23.5

Carvajal and Pollner 1983 M-6
2.0 8.0 9.8 34.0

2.19 Bar Buckling 102
16.2 28.5 31.0 23.4

Ireland 2007 W1
0.8 3.3 15.8 31.0 38.0 45.0

2.07 Bar Fracture 66
46.0 100.0 110.0 88.0 85.0 70.0
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Author(s) Specimen Measured Base Shear and Top Displacement Boundary Vertical Reinforcing

Name Top Drift Failure Neutral Axis

Cracking Yielding Maximum Ultimate Residual Collapse Capacity Mode Depth, c

[mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [%] [mm]

Matsui et al., 2014 WF
1.0 5.7 13.5 19.9 26.8

1.15 Concrete Crushing 241
120.0 213.0 230.0 224.0 95.0

Yamakawa et al., 1993 RCW-NN
2.7 10.3 13.6

1.19 Bar Fracture 169
100.0 112.0 90.0

Tomazevic et al., 1995 SW00N1
0.7 3.6 8.4 19.2

1.32 Bar Fracture 151
25.6 36.8 39.0 29.3

Tomazevic et al., 1995 SW00N2
1.2 3.0 6.7 8.5

0.59 Concrete Crushing 258
40.0 53.7 62.5 60.6

Ho 2006 N-1.0
0.7 4.6 10.0 11.8 16.2

0.87 Concrete Crushing 333
142.0 257.0 359.0 287.0 160.0

Ho 2006 N-1.5-B
2.5 9.0 11.2 17.0 18.6

0.87 Lateral Instability 318
140.0 271.0 288.0 230.4 150.0

Ho 2006 M-1.0-T
0.7 3.6 8.3 14.0 16.8

1.04 Concrete Crushing 291
179.5 297.0 378.0 302.0 215.0

Ho and Kuang 2008 U1.5
1.8 9.3 14.3 19.5 21.3

1.00 Concrete Crushing 333
123.0 252.0 277.0 222.0 172.0

Ho and Kuang 2008 C1.0
1.8 6.9 12.8 14.5 14.5

1.07 Concrete Crushing 318
196.0 362.0 412.0 330.0 215.0
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Author(s) Specimen Measured Base Shear and Top Displacement Boundary Vertical Reinforcing

Name Top Drift Failure Neutral Axis

Cracking Yielding Maximum Ultimate Residual Collapse Capacity Mode Depth, c

[mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [%] [mm]

Marihuen 2014 W4
5.8 12.8 24.5 29.3 31.5 31.5

1.67 Concrete Crushing 199
50.0 90.0 113.0 90.4 0.0 0.0

Marihuen 2014 W5
3.5 9.7 20.4 25.5 25.5 25.5

1.92 Concrete Crushing 189
89.0 167.0 191.0 185.0 0.0 0.0

Marihuen 2014 W6
7.7 13.1 28.2 36.4 36.4 36.4

2.08 Bar Buckling 212
87.5 116.0 138.0 110.0 0.0 0.0

Marihuen 2014 W7
5.4 13.1 30.1 40.0 44.0 47.7

2.29 Bar Buckling 189
72.5 116.0 140.0 129.0 75.0 75.0

Ogura et al., 2014 NSW4
7.0 30.2 42.0 42.0 42.0

2.00 Concrete Crushing 234
153.0 187.0 183.0 0.0 0.0

Zhang et al., 2010 SW-1
0.8 3.8 17.0 35.0

2.19 Bar Buckling 236
30.0 78.0 110.0 90.0

Deng et al., 2012
1 5.0 9.5 23.0 53.0

1.81 Concrete Crushing 509
75.2 91.0 85.0 75.0

Deng et al., 2012
2 3.0 6.5 12.5 36.0

1.23 Concrete Crushing 332
43.6 56.0 59.2 47.0

Deng et al., 2012
3 3.8 9.0 13.0 34.5

1.18 Concrete Crushing 611
83.3 112.0 118.6 94.4
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Author(s) Specimen Measured Base Shear and Top Displacement Boundary Vertical Reinforcing

Name Top Drift Failure Neutral Axis

Cracking Yielding Maximum Ultimate Residual Collapse Capacity Mode Depth, c

[mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [%] [mm]

Deng et al., 2012
4 3.0 13.6 22.0 46.0

1.57 Concrete Crushing 399
48.1 95.0 99.0 79.0

Peng et al., 2013
1 2.5 6.0 10.0 54.0

1.85 Concrete Crushing 332
51.0 60.0 64.0 55.0

Peng et al., 2013
2 3.2 8.0 23.0 55.0

1.88 Concrete Crushing 512
58.0 70.0 74.0 70.0

Wang et al., 2011 W-1A
2.1 7.2 13.2 28.2

1.39 Bar Fracture 317
112.0 224.0 271.1 225.0

Wang et al., 2011 W-1B
2.0 7.4 24.7 30.8

1.52 Bar Fracture 317
100.0 207.0 290.0 244.0

Wang et al., 2015 W-1A
2.5 7.0 17.5 24.1

1.19 Bar Fracture 328
180.0 237.0 399.5 315.0

Wang et al., 2015 W-1B
3.5 10.3 24.6 34.8

1.72 Bar Fracture 328
180.0 321.0 418.4 355.6

Lu et al., 2017 C1
3.5 8.0 40.2 70.0

2.64 Bar Fracture 139
118.8 153.9 173.6 158.0

Lu et al., 2017 C2
2.7 11.1 41.8 70.8

2.64 Bar Fracture 145
58.0 77.9 89.1 80.0
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Author(s) Specimen Measured Base Shear and Top Displacement Boundary Vertical Reinforcing

Name Top Drift Failure Neutral Axis

Cracking Yielding Maximum Ultimate Residual Collapse Capacity Mode Depth, c

[mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [%] [mm]

Lu et al., 2017 C3
4.4 9.5 42.1 71.2

2.81 Bar Fracture 136
36.3 47.6 56.5 51.8

Dazio et al., 1999 WSH4
3.3 27.0 46.5 73.0 77.0

1.60 Bar Buckling 313
196.0 425.0 443.0 354.0 335.0

Baek et al., 2018 FW2
16.5 28.7 60.0 62.0 62.0

1.78 Concrete Crushing 485
215.0 231.0 184.8 0.0 0.0

Chun et al., 2013 MW1
3.8 20.3 40.9 56.0 70.0 70.0

2.00 Concrete Crushing 341
136.0 262.5 282.6 267.2 133.0 133.0

Zhu and Guo 2013 XJ1
4.0 16.0 50.0 80.0

4.71 Concrete Crushing 182
120.0 260.0 305.0 255.0

Oh 1998 HRI-W6
1.6 13.9 31.6 64.4 66.0 67.5

2.15 Bar Buckling 236
167.6 306.7 363.6 290.0 250.0 250.0

Wang et al., 2012 W-1
15.5 17.3 38.8

1.39 Bar Fracture 313
597.0 600.0 532.0

Villalobos 2015 W-MC-N
1.7 18.6 49.7 80.0 80.0 80.0

2.41 Bar Buckling 325
134.0 587.0 719.0 575.0 0.0 0.0

Villalobos 2014 W-60-N
1.7 18.9 49.7 66.3 66.5 99.5

2.00 Bar Buckling 325
187.0 614.0 729.0 584.0 330.0 330.0

Continued on Next Page
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Author(s) Specimen Measured Base Shear and Top Displacement Boundary Vertical Reinforcing

Name Top Drift Failure Neutral Axis

Cracking Yielding Maximum Ultimate Residual Collapse Capacity Mode Depth, c

[mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [mm,kN] [%] [mm]

Villalobos 2015 W-60-N2
2.0 18.9 49.7 66.3 66.3 83.0

2.00 Bar Buckling 325
200.0 614.0 754.0 603.0 400.0 400.0
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C.2 EPFL Test Results for TW2, TW4, and TW5

This appendix includes various supplemental results of the EPFL test specimens TW2, TW4, and TW5.
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C.2.1 Vertical Strains

C.2.1.1 TW2 Tension Strains
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Figure C.1: TW2 observed tension strains at 162 mm inside the extreme fibre for multiple load steps.
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C.2.1.2 TW2 Compression Strains
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Figure C.2: TW2 observed compression strains at 68 mm inside the extreme fibre for multiple load steps.
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C.2.1.3 TW4 Tension Strains

0

200

400

600

800

1000

1200

1400

1600

1800

2000

0 2 4 6 8 10 12

E
le

va
ti
on

 [
m

m
]

LS26
LS32
LS42
LS48

0

100

0 20 40 60 80 100 120

Tension Strain [mm/m]

1800

2000

-70 -60 -50 -40 -30 -20 -10 0

Figure C.3: TW4 observed tension strains at 162 mm inside the extreme fibre for multiple load steps.
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C.2.1.4 TW4 Compression Strains
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Figure C.4: TW4 observed compression strains at the extreme fibre for multiple load steps.
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C.2.1.5 TW5 Tension Strains
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Figure C.5: TW5 observed tension strains at 162 mm inside the extreme fibre for multiple load steps.
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C.2.1.6 TW5 Compression Strains
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Figure C.6: TW5 observed compression strains at 68 mm inside the extreme fibre for multiple load steps.
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C.2.2 Curvatures

C.2.2.1 TW2 Curvature
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Figure C.7: TW2 observed curvature for multiple load steps.
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C.2.2.2 TW4 Curvature
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Figure C.8: TW4 observed curvature for multiple load steps.
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C.2.2.3 TW5 Curvature
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Figure C.9: TW5 observed curvature for multiple load steps.
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C.2.3 Shear Strains

C.2.3.1 TW2 Shear Strains
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Figure C.10: TW2 observed shear strains for multiple load steps.
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C.2.3.2 TW4 Shear Strains
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Figure C.11: TW4 observed shear strains for multiple load steps.
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C.2.3.3 TW5 Shear Strains
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Figure C.12: TW5 observed shear strains for multiple load steps.
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C.3 EPFL Test Setup Influence Results

This section includes figures supporting the study on test setup influence on various parameters.
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C.3.1 NLFE Vertical Strains

C.3.1.1 TW1 NLFE Vertical Strains
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Figure C.13: TW1 predicted vertical strains for the test setup and full height NLFE models.
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C.3.1.2 TW2 NLFE Vertical Strains
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Figure C.14: TW2 predicted vertical strains for the test setup and full height NLFE models.
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C.3.2 NLFE Horizontal Variation of Vertical Strains

C.3.2.1 TW1 NLFE Horizontal Variation of Vertical Strains
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Figure C.15: TW1 predicted horizontal variation of vertical strains for the test setup and full height NLFE
models at the base of the wall panel.
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C.3.2.2 TW2 NLFE Horizontal Variation of Vertical Strains
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Figure C.16: TW2 predicted horizontal variation of vertical strains for the test setup and full height NLFE
models at the base of the wall panel.
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C.3.3 NLFE Average Shear Strains

C.3.3.1 TW1 NLFE Average Shear Strains
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Figure C.17: TW1 predicted average shear strains for the test setup and full height NLFE models.
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C.3.3.2 TW2 NLFE Average Shear Strains
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Figure C.18: TW2 predicted average shear strains for the test setup and full height NLFE models.
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C.4 Development of Proposed Model

This appendix contains various figures associated with the development of the proposed plastic hinge model

based on the EPFL wall specimens.
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C.4.1 Inelastic Curvatures

C.4.1.1 TW2 Test Specimen Inelastic Curvature
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Figure C.19: TW2 test specimen estimated distribution of inelastic curvature for load steps 15 to 19.
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C.4.1.2 TW4 Test Specimen Inelastic Curvature
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Figure C.20: TW4 test specimen estimated distribution of inelastic curvature for load steps 26 to 48.
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C.4.1.3 TW5 Test Specimen Inelastic Curvature
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Figure C.21: TW5 test specimen estimated distribution of inelastic curvature for load steps 32 to 38.
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C.4.1.4 TW1 NLFE Inelastic Curvature
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Figure C.22: TW1 NLFE and test specimen estimated inelastic curvature.
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C.4.1.5 TW2 NLFE Inelastic Curvature
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Figure C.23: TW2 NLFE and test specimen estimated inelastic curvature.

245



C.4.1.6 TW1 NLFE Linearly Varying Inelastic Curvature
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Figure C.24: TW1 NLFE Model of linearly varying inelastic curvature based on equal area and first moment
of area in comparison to length of reinforcement yielding.
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C.4.1.7 TW2 NLFE Linearly Varying Inelastic Curvature
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Figure C.25: TW2 NLFE Model of linearly varying inelastic curvature based on equal area and first moment
of area in comparison to length of reinforcement yielding.
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C.4.1.8 TW4 Linearly Varying Inelastic Curvature
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Figure C.26: TW4 Model of linearly varying inelastic curvature based on equal area and first moment of
area in comparison to length of reinforcement yielding.
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C.4.1.9 TW5 Linearly Varying Inelastic Curvature
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Figure C.27: TW5 Model of linearly varying inelastic curvature based on equal area and first moment of
area in comparison to length of reinforcement yielding.
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