EQUIVALENT ENERGY BASED DESIGN PROCEDURE FOR CONTROLLED

ROCKING-CONCENTRICALLY BRACED FRAMES

by

Vinay Kumar Boddapati

B.Tech., Maharshi Dayanand University, 2013

A THESIS SUBMITTED IN PARTIAL FULFILLMENT OF

THE REQUIREMENTS FOR THE DEGREE OF

MASTER OF APPLIED SCIENCE
in
THE FACULTY OF GRADUATE AND POSTDOCTORAL STUDIES

(Civil Engineering)

THE UNIVERSITY OF BRITISH COLUMBIA

(Vancouver)

August 2016

© Vinay Kumar Boddapati, 2016



Abstract

Conventional seismic force resisting systems (SFRSs) such as moment frames, braced frames
and shear wall systems rely on the use of ductile design philosophy, where structural components
are designed to undergo large inelastic deformations to dissipate the sudden surge of the
earthquake energy. This design philosophy has shown to be very effective in preventing structural
collapse. However, the extensive inelastic deformation usually leads to significant damage to the
structural and non-structural components. Many earthquake reconnaissance reports show that this
design philosophy typically leads to residual deformations which result in hefty financial losses.
In recent years, novel structural systems, which are targeted to achieve higher performance, have
been developed. These structural systems are targeted to resist strong earthquake shaking with
minimal structural/non-structural damages. This allows the structure to remain functional
immediately after the earthquake. Controlled rocking-concentrically braced frame (CR-CBF) is
one such novel system developed to achieve higher performance. CR-CBF relies on the use of
post-tensioning (PT) tendons and supplemental damping devices (ED), to create a controlled-
rocking mechanism at the base of the structure. Since gravity loads alone cannot eliminate the
residual deformations, the PT are introduced in the system to allow self-centering. In addition, ED
are installed in the system to dissipate the sudden surge of seismic energy and control the peak
displacement response of the structure. Both the PT and ED components are designed to be easily
replaceable without affecting the functionality of the structure after a strong earthquake shaking.
A novel seismic design methodology named Equivalent-Energy Design Procedure (EEDP) is
adopted in this study to design the CR-CBF. This design procedure allows the designers to select

different performance objectives at different shaking intensities. Two prototype buildings with
ii



varying heights are designed using EEDP. Detailed numerical models of these prototypes are
developed in OpenSees (2010) to evaluate the seismic performance of CR-CBF. Detailed
performance assessment of the CR-CBFs, in terms of adjusted collapse margin ratio, are evaluated
using the FEMA P695 (2009) methodology. The results presented in this thesis demonstrate that
the proposed CR-CBFs have adequate earthquake safety and they can be designed efficiently using

the proposed EEDP approach.
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Chapter 1: Introduction

1.1 Motivation

The aftermath of events such as the 2011 Canterbury earthquake and 2011 Tohuku earthquake
resulted in a combined direct economic loss of $240 billion USD (Berger et al. 2012). This
translates to 9% and 4% GDP (Gross Domestic Product) for New Zealand and Japan, respectively
(Mahul and White 2012). In recent years, rapid urbanization has led to the concentration of large
population and infrastructure growth in the major cities, which are also seismically active regions.
This situation poses a great seismic risk to life and economy (Bilham 2009). To minimize the
seismic risk and to improve earthquake resiliency, new and innovative earthquake resilient systems

and design methodologies need to be developed.

1.2 Background

Earthquakes feed large energy into the structure. The modern seismic codes recognize that
elastic design of the structures for such large forces may be highly uneconomical. Hence, the
structure are designed in a ductile manner by using force-reduction factor like R in ASCE/SEI 7-
10 (2010) and R; X R, in NBCC (2010). These factors are vaguely selected based on the
engineering judgment. By using these force reduction factors, the maximum seismic design forces
are arbitrarily capped. In the event of strong earthquake shaking, the code-based designs need to
sustain the earthquake energy through inelastic deformation. This design philosophy succeeds in
saving human lives by focusing on collapse prevention under the maximum credible earthquake,
but fails to quantify the post-disaster performance of structures. This often leads to unpredictable

and uncontrolled damage, resulting in hefty financial losses. In some severe cases, the structures
1



maybe uninhabitable and disrupts its service function. In the 1995 Hyogoken-Nanbu earthquake,
about 240,000 buildings were left in a partial state of collapse which clearly indicate the existing
seismic force-resisting systems (SFRS) design is not capable of high speed recovery post disaster

(Architectural Institute of Japan 1998).

1.2.1 Residual Displacements

Iwata et al. (2006) investigated the buildings damaged during the 1995 Hyogoken-Nanbu
earthquake. They attributed the accumulation of high residual deformations in the systems to their
poor performance during the earthquake. Considering the economic feasibility, they also proposed
reparability limits based on residual deformations. In fact, many researchers concur with the fact
that residual deformations should be considered as a crucial design parameter when making project
feasibility decisions (Christopoulos and Pampanin 2004; McCormick et al. 2008; Wang et al.
2008). Most of these studies recommend a residual drift ratio less than 0.5%, which is calculated
based on construction tolerances, functionality and safety of occupants.

Many researchers have even investigated the seismic performance of conventional code-
approved SFRS presented in ANSI/AISC 341-10 (2010) and their propensity to accumulate
residual deformations. Erochko et al. (2010) analyzed various configurations of buildings with
steel moment resisting frames, between two and twelve stories, designed in accordance with the
requirements of ASCE/SEI 7-10 (2010). Nonlinear time history analyses for earthquakes scaled to
DBE seismic hazard level revealed the extent of residual displacements in the structure to be as
high as 1.2%. Tremblay et al. (2008b) showed that median residual drift in buildings with Buckling

Restrained Braced Frames subjected to DBE scaled ground motions can be as high as 1.4%. Figure



1.1 shows the code-intended mode of inelasticity in (a) moment resisting frames and (b)

concentrically braced frames, ultimately resulting in residual deformations.

Lateral Seismic Force

—

Flexural

Yieldi
ielding

(@)
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—

Brace Buckling

Tension Brace
Yielding

(b)

Figure 1.1 Mode of inelasticity in (a) steel moment resisting frame [from Hamburger et al. (2008)] and (b)

steel concentrically braced frame [from (Sabelli 2001; Sabelli et al. 2013)]

Thus, the shortcomings in the performance of structures designed in accordance to the existing
building codes clearly point to the grave need of improved design methodologies, wherein
retention of life safety is a necessary but not sufficient criteria. There is a need to be able to quantify

structural damage at all intensities of earthquakes, thereby limiting the direct economic losses to



the minimum. All these factors motivated researchers to develop the concept of performance-based

seismic engineering.

1.2.2 Performance-Based Seismic Engineering
The Structural Engineering Association Of California published the Vision 2000 report

(SEAOC 1995), which was the earliest attempt to introduce a design framework wherein structural

performance at varying intensity of earthquakes was quantified by relating it to a specific

performance target. The American Society of Civil Engineers readily adopted this design criteria
in their document ASCE/SEI 41-06 (2007). This standard defines the performance targets
corresponding to different intensities of ground shaking as:

(1)  Immediate Occupancy (I0) performance level corresponding to a lower intensity, frequent
earthquake (referred to as Service Level Earthquake or SLE) with a probability of
exceedance 50% in 50 years.

(it) Life Safety (LS) performance level corresponding to a medium intensity, rare earthquake
(referred to as Design Basis Earthquake or DBE) with a probability of exceedance 10% in
50 years.

(iii) Collapse Prevention (CP) performance level corresponding to a severe intensity, very rare
earthquake (referred to as Maximum Considered Earthquake) with a probability of
exceedance 2% in 50 years.

This is clearly demonstrated by a performance-matrix as shown in Figure 1.2. Adopting this
rigorous exercise of designing the structures for a combination of different hazard intensities under
strict performance targets gives the structural designers much confidence in the performance of

the structure throughout its lifetime. Additionally, this approach also caters to the stakeholders’
4



choice of the intended performance of their buildings, in terms of cost of repair, downtime, risk of

collapse or even fatalities, in the design inception stage itself.
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Figure 1.2 Vision 2000 recommended seismic performance matrix [after SEAOC (1995)]

This intrinsic shift in the focus towards a more resilient design through performance-based
seismic design called for novel SFRS which could successfully incorporate the various
performance levels explained so far. In pursuit of such high performance systems, researchers

developed a class of next generation SFRSs called controlled rocking systems.

1.2.3 Controlled Rocking Systems
Controlled Rocking Systems (CRSs) are novel SFRSs that sought to alleviate the deficiencies
pointed out in the conventional SFRSs discussed in Section 1.2.1. Much like the conventional
systems, CRSs also exhibit nonlinear response which limits the peak forces that the structure is

subjected to. However, unlike the conventional systems, CRSs have a greater ability to eliminate



residual deformation at the end of the seismic shaking. CRSs usually comprise of a restoring force
component through a nonlinear gap-opening mechanism and an energy dissipating device acting
in parallel which creates a controlled rocking mechanism at the base of the structure. The result of
their combined response is a flag-shaped hysteresis which results to almost zero deformation when
the external applied force is withdrawn. On the other hand, the conventional SFRS usually elicit a
bilinear plastic response and thus are vulnerable to high residual deformations. Figure 1.3 shows
the difference in the hysteresis for the conventional and CRSs. Previous experimental and
numerical studies by Christopoulos et al. (2002) and Eatherton and Hajjar (2011) have shown that
the CRSs and self-centering systems can have similar or even lesser peak displacements when
compared to that of the conventional SFRS. This shows that the viability of using the CRSs to

minimize damage and reduce the repair cost.
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Figure 1.3 Seismic response of (a) Conventional SFRS and (b) Controlled Rocking SFRS



1.3

Objectives

Controlled rocking mechanism can be achieved by upgrading a variety of conventional SFRSs

such as concrete shear wall, steel moment resisting frame and steel trusses in bridge piers. A

comprehensive literature review of these systems will follow in Chapter 2. This thesis focusses on

a new configuration of CRSs, named steel Controlled Rocking-Concentrically Braced Frames

(CR-CBFs). As the name suggests, CR-CBF is a self-centering CBF which is capable of achieving

superior performance through controlled rocking mechanism. As shown in Figure 1.6, CR-CBF

has three major components:

(i)

(i)

(iii)

Supplemental energy dissipating devices (ED): This is used as the primary structural fuses
which is designed to yield and dissipate excess seismic energy and safeguarding rest of the
structure by limiting the force applied to the structure. In this study, ED is a friction damping
device capable of sustaining multiple cycles of ground shaking without any significant
strength degradation. They are placed at the column bases, where they are easily accessible
for inspection, repair or replacement without any hindrance to building’s functionality.
Vertical un-bonded post-tensioning tendons (PT): These are used to control the load at
which uplift of frame initiates and also provides positive stiffness to the system post uplift.
The PT is largely responsible for providing the restoring force and self-centering ability to
the frame at the low earthquake shaking intensities. The PT can be designed to yield at higher
seismic intensities, so it can act as secondary SFRS and contribute to energy dissipation
along with the ED. After the earthquake, the yielded PT can be repaired by re-tensioning or
replaced.

Braced frame members: These include the beams, columns and braces which shall

essentially remain elastic, even at the highest hazard level. The column bases should be
7



equipped with specially designed bumpers that transfer base shear while allowing column
uplift without any sliding.

PT
(Secondary SFRS)
/

(TYP)

ED
(Primary SFRS)

Figure 1.4 Controlled Rocking- Concentrically Braced Frame (CR-CBF)

To efficiently design such high performance fused structural systems, a robust performance-
based Equivalent Energy-based Design Procedure (EEDP) was developed by Yang et al. (2016).
In this study, EEDP is adopted and modified to design CR-CBFs. Unlike the existing design
methodologies for controlled rocking systems, discussed in Chapter 2, EEDP doesn’t require the
assumption of response modification factors or the fundamental period of the structure. Next, two
prototype office buildings in downtown Berkeley, California, are designed to demonstrate the
application of EEDP. Detailed finite element models are developed in OpenSees (2010) to examine
the seismic performance of these prototypes. These models are then subjected to a suite of ground
motions scaled to different earthquake intensities. Thereafter, the seismic performance of EEDP

designed CR-CBFs are compared to that of the conventional code-designed BRBFs. Finally, to



conclusively validate EEDP for design of CR-CBFs, the earthquake collapse safety is evaluated

using FEMA P695 (2009) methodology, to ensure life safety is retained after a major earthquake.

1.4 Organization of Thesis
This thesis is divided into the following chapters:

Chapter 2 presents detailed literature review that tries to gather all the research developments
pertaining to controlled rocking systems, with a special focus on steel systems. This chapter also

summarizes the existing design methodologies for controlled rocking systems.

Chapter 3 introduces energy based design procedure and summarizes the Performance-Based
Plastic Design (PBPD). Finally, EEDP is explained through its application in the design of CR-

CBFs.

Chapter 4 demonstrates various prototype design of buildings with CR-CBFs, using EEDP.

Subsequently, finite element model development and validations are explained.

Chapter 5 presents the results of the seismic assessment of the model prototypes through
nonlinear dynamic analysis. The chapter discusses the hazards chosen which would be used to
select and scale ground motions used in the analysis. The performance of the CR-CBFs is also

compared with that of the conventional BRBFs.

Chapter 6 presents a brief overview of the FEMA P695 (2009) methodology for collapse safety

assessment and applies it to evaluate the collapse performance of CR-CBFs.



Chapter 7 presents the summary of research findings, important conclusions and scope for

future studies.
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Chapter 2: Literature Review of Rocking Systems

This section presents a comprehensive literature review of the research work undertaken related
to the development of rocking systems. Section 2.1 and 2.2 discuss the mechanics of rocking
structures through the various existing analytical models. Section 2.3 deals with the
implementation and development of controlled rocking systems using different construction
materials (steel, concrete, etc.) and SFRS (shear wall, frame, etc.). Section 2.4 highlights the
various buildings which employ controlling rocking mechanism as a system to resist lateral loads.
Section 2.5 discusses the various existing design procedures for controlled rocking frames. Finally,
Section 2.6 summarizes the literature review, highlighting the need for an alternative design

methodology for CR-CBF.

2.1 Early Studies of Rocking Structures

The concept of rocking has intrigued the scientific community for decades. All the modern
studies dealing with the mechanics of rocking structures derive their inspiration from the
pioneering study by Housner (1963). During the Chilean Earthquake in 1960, a number of tall and
slender structures survived the impact, while other more stable looking structures incurred severe
damage. Housner conducted a study of these ‘inverted pendulum’ type rigid blocks, subjected to
free- and forced- vibration (rectangular and half-sine pulse excitations) as well as earthquake
excitations, showing their inherent complex non-linear behavior which is quite different from
linear elastic structures. Piecewise second-order differential equations of motion, for rigid rocking
block, shown in Figure 2.1, were derived for the rotational degree of freedom using Newton’s

Second Law of Motion:
11
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[2.1]
where I, is the moment of inertia of the rocking block, 8 is the rocking angle, m is the mass, g is
the acceleration due to gravity, R is the distance from rocking edge to the center of mass and « is
the slenderness coefficient.

Solution of Equation [2.1] for free-vibration motion with initial conditions 8 = 6, and § = 0
at t = 0 was then used to derive a simplified expression for amplitude dependent time-period of
these rocking blocks. This is represented by Equation [2.2]. For energy dissipation during rocking,
a stereo-mechanical impact framework was assumed in which the impact of the base with the
foundation is instantaneous, inelastic (no bounce) and used conservation of momentum principle

to modify the angular velocity after the impact. A coefficient of restitution, » was evaluated as

shown by Equation [2.3].:

4 1
=————cosh™!|{ ———— .
T ——TA cos (1 - 90/a> [2.2]
2 2
r= ll — mR 1- cosZa)l [2.3]
I

Housner (1963) concluded by pointing out that the propensity of a slender block to overturn is
inversely proportional to the square root of its size, due to scale effect. Hence, this explained why

relatively taller structures were able to survive strong ground motion.

12



Figure 2.1 Housner’s rigid rocking block [after Housner (1963)]

The theory established by Housner (1963) was extended further by Priestley et al. (1978). They
recognized that provisions in the New Zealand seismic design code NZS 4203:1976 (S.A.N.Z
1976) implicitly resulted in rocking of part or all of the structure, which can be of advantage in
some situations. An equivalent linear SDOF viscous representation of the rocking structure was
proposed. This was derived by equating the free vibration decay of rocking block from Housner’s
work with that of a linear viscous damped oscillator. An empirical formula was proposed to
estimate the equivalent viscous damping ratio of the rocking block (), as a function of (r) from
Equation [2.3]. This is represented by Equation [2.4]. The maximum rocking displacement was
then estimated using displacement response spectra. Priestley et al. (1978) also performed limited
shake-table testing to successfully verify both Housner’s equations as well as the theory proposed
bythem. This methodology has been adopted in FEMA 356 document: Prestandard and
Commentary for the Seismic Rehabilitation of Buildings (FEMA 2000).

p =—0.341n(r) [2.4]
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However, Makris and Konstantinidis (2003) later point out flaws in the basic assumptions of
the study by Priestley et al. (1978). The study shows how a linear SDOF oscillator (regular
pendulum) and a rocking block (inverted pendulum) are dynamically different and thus the
response of one system cannot provide a measure of response of the other system. Therefore, the
FEMA procedure assumes simplification of rocking structure to a SDOF oscillator with a constant
fundamental period and constant viscous damping, which is flawed and needs to be modified. In
addition to the response spectrum, this study proposes the use of rocking spectrum shown in Figure
2.2 stating that “rocking spectrum reflects kinematic characteristics of ground motion that are not

identifiable by response spectrum”.
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Figure 2.2 Rocking spectrum [plots from Makris and Konstantinidis (2003)]

Aslam et al. (1980) developed a numerical model to predict the rocking and overturning
behavior of a rigid rocking block when subjected to a combination of vertical and horizontal
ground accelerations. The validity of the mathematical model was bolstered by conducting free-
vibration and forced-vibration experimental tests on physical prototype. Various blocks with

different aspect ratios were then analyzed using the model to study the effect of varying different

14



parameters (boundary condition, coefficient of restitution at impact, ground motion characteristics,
etc.) on the rocking behavior. Finally, this study also investigated the effect of vertically
prestressing the block to the foundation. It was observed that the block overturned in the absence
of the vertical restraint when subjected to a strong earthquake excitation (Pacoima Dam S16E).
However, the vertical prestressing rod prevented overturning of the block by complimenting the
self-weight in providing restoring force. The prestressing rod was attached to the ground at the
center with the end condition assumed to be hinged. It was also assumed that the rod shall remain
elastic, with an initial prestressing force equal to 40% of the block weight and stiffness of 40% of
the block weight per inch. Hence, this study was the earliest attempt at exploring the benefits of

vertical prestressing in controlling the dynamic response of rocking blocks to prevent overturning.

2.2 Flexible Rocking Structures

Although the investigation of rigid rocking systems was successful, this idealization ignored
two crucial considerations: 1) structural flexibility and 2) soil-structure interaction. Numerous
studies later realized that these factors had a considerable bearing on the dynamic response of
structures in the event of severe ground shaking. Rutenberg et al. (1980) studied the evidences of
partial uplifting of the Veterans Hospital Building 41 during the San Fernando earthquake. The
original building was designed for lateral loads of only 10% of the building weight, while the
earthquake was strong enough to probably induce lateral loads of more than 50% of building
weight. However, the building only experienced minor structural damage, indicating no significant
inelastic behavior in the crucial structural components. Rutenberg et al. (1980) performed
nonlinear dynamic analysis on models with the nonlinearity occurring due to partial uplift of the

structure and soil-structure interaction. The findings of this study indicated that the structure
15



experienced lower shear forces and moments due to the beneficial effects of soil-structure
interaction. The first attempt at investigating the dynamic behavior of flexible rocking structures
was the experimental study by Muto et al. (1960) on a single mass attached through a flexural
member to a rigid and flexible foundation. They investigated the criteria for overturning under
dynamic loads. It was determined that the amplitude of ground motion required to overturn the
model is proportional to the ratio of width of base to the height of the structure. They also proposed
a ‘law of similarity’ by which the observations from the model could be extended to the actual
structures. In the context of multi-storey frames, Clough and Huckelbridge (1977) tested a three-
storey frame, as shown in Figure 2.3. The column was untied at the base and framed into the
foundation base through a pin, with guiding rollers which allowed vertical translation of the
column. The bases of the columns were perfectly cushioned with impact pads made of neoprene
and steel plates. Tests were conducted to study the variation in the response of a conventional
fixed-base frame from a rocking frame. The results confirmed greater displacements but much
lesser accelerations and member forces in case of the rocking frames. The influence of stiffness of
the neoprene pads and inclusion of vertical ground motions was seen to be negligible on the global

response.
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Figure 2.3 Three-storey rocking frame prototype [from Clough and Huckelbridge (1977)]

Expanding on the work of Muto et al. (1960), Meek (1975) used the models to reveal the
beneficial effect of foundation tipping in reducing the transverse displacements in the structure.
Later, Meek (1978) also investigated braced core multi-storey buildings and concluded that tipping
greatly reduces the base shear and moment, offering a favorable design. Yim and Chopra (1985)
studied multi-storey structures on two different types of foundation, i.e. two-spring type and
multiple-spring Winkler type. The authors developed a simplified procedure for reasonably
estimating the maximum earthquake induced forces and deformations in the structure using
earthquake response spectrum. This was followed by a similar study by Psycharis (1991) in which
the effect of base uplift on the maximum response of a SDOF structure was explored. The study
presented an empirical formulation for estimating the maximum earthquake deformation for

flexible structures on rigid foundation, using classical response spectrum. The formulation could
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be extended for the case of flexible foundation also, under certain considerations based on classical
soil-structure interaction theory. Figure 2.4 shows the systems considered in the study. When
compared with the procedure of Yim and Chopra (1985), this method was much more efficient,

especially in short period ranges.
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Figure 2.4 Systems used for investigation, with rigid foundation (left) and flexible foundation (right) [after

Psycharis (1991)]

More recently, Acikgoz and DeJong (2012) and Oliveto et al. (2003) examined the overturning
stability of flexible rocking structures by accounting for large displacements in their formulation
of the governing equations of motion. The interaction of structural elasticity and rocking response
yielded a complex dynamic response. To avoid intricacy in geometry, researchers avoided
Newtonian Mechanics and employed Lagrange’s Formulation to form the governing equations of
motion. The whole motion of the structure comprised of two phases, (i) full contact phase and (ii)
rocking phase. As shown in Figure 2.5, the analytical model has a mass m, stiffness k, viscous
damping coefficient ¢ and the Lagrangian parameters are R and . The governing equations of

motion that were derived are as follows.
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where i, is the horizontal ground acceleration, w,, = /k/m is the natural frequency of the

structure and ¢ = ¢/2Vk - m is the damping factor.
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Figure 2.5 Analytical model of flexible rocking structure [after Acikgoz and DeJong (2012)]

As shown in Figure 2.5, all the mass of the structure has been assumed to be concentrated at the
top while formulating the governing equations of motion. Subsequently, this model was subjected
to further studies wherein researchers pointed to the inaccuracy of its results when compared with
the experimental findings. Ma (2010a) in his doctoral research refined the former model by
accounting for mass at the base as well, which was a better simulation of experimental results.

Recently, Truniger et al. (2014) re-explored this model and further generalized it by also including

19



mass of the column, by treating it as a continuous dynamic system. Figure 2.6 shows the different

flexible rocking structural models.

Figure 2.6 Different models of flexible rocking structure; (a) Acikgoz and DeJong (2012); (b) Ma (2010a); (c)

Truniger et al. (2014)

2.3 Controlled Rocking System
2.3.1 Early Developments

Beck and Skinner (1974) conducted the earliest feasibility study of controlled rocking systems.
As shown in Figure 2.7, an A-shaped reinforced concrete bridge pier was designed, with columns
allowed to “step” in order to limit stresses below yield values and enhance its seismic resistance.
A numerical model of a 200 feet tall pier was developed and nonlinear time history analysis was
conducted using 1940 El Centro earthquake record. It was observed that for nominal viscous
damping of about 3%, the peak displacement was considerably higher than an elastic fixed base
structure. However, including the effects of supplemental energy-absorbing devices reduced the

peak displacement, but still being slightly higher than the corresponding fixed-base structure.
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Figure 2.7 “Stepping” reinforced concrete bridge pier [from Beck and Skinner (1974)]

Kelly and Tsztoo (1977) further examined the three storey uplifting frame proposed by Clough
and Huckelbridge (1977), to study the effect of adding additional energy dissipating devices in
them. Rectangular mild steel bars were employed which were subjected to plastic torsion when
the frame uplifted from the foundation. Shaking table tests of the different variants of the frame,
i.e. fixed-base, uplifting frame without additional energy dissipating devices and uplifting frame
with the new energy dissipating devices were conducted. For one ground motion, the uplifting
frame with the devices reduced the peak displacements to be similar to the fixed base frame, while
limiting the internal forces in the structure as well. However, for another ground motion, the peak
displacements of the uplifting frame with the devices was observed to be considerably higher than
the other two variants. Hence, these tests were inconclusive about the effect of the inclusion of

these devices.
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2.3.2 Controlled Rocking Precast Concrete Wall

The Precast Seismic Structural Systems (PRESSS) Research Program was initiated as a joint
research collaboration between US and Japan to conduct extensive experimental testing of precast
concrete construction in seismic zones (Priestley 1991). The research aimed at developing design
guidelines, connection detailing and technology that would foster acceptance of precast concrete
construction for seismic applications. The traditional “strong connection” concept which ensured
monolithic action between the precast components was difficult to achieve owing to the intricate
detailing required. Hence, Priestley et al. (2000) explored four alternative types of ductile
connections, which not only localized damage to the connections but were cheaper to repair after
the earthquake as well. The different ductile frame systems tested were (a) Hybrid post-tensioned
connection, (b) Pre-tensioned connection, (c) Tension-compression yielding gap connection and
(d) Tension-compression yielding connection. The culmination of the 10-year long research
program was a large scale testing of a 60 percent scale prototype of a five storey precast concrete
building (shown in Figure 2.8) under simulated ground motions. The building design employed
Direct Displacement Based Design procedure (Priestley et al. 2007), for a chosen target drift of
2% under design seismic intensity according to UBC (Uniform Building Code). The results were

favorable with minimal damage, even at drifts reaching as high as 4.5%.
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Figure 2.8 Elevation view of the 5 storey prototype [from Priestley et al. (2000)]

Wada et al. (2009) proposed a rocking wall system as a viable retrofit solution for reinforced
concrete frames in Japan. As shown in Figure 2.9, the design scheme required strong rocking walls
to be attached to the moment frames to control the displacement profile and thus suppress other
unwanted failure modes like weak stories at intermediate stories. The rocking walls were pinned
at the base to accommodate higher rocking displacements and supplemental steel dampers were
installed to enhance the energy dissipating capacity of the building. To demonstrate the efficacy
of this retrofit scheme, the seismic performance of the building before and after the retrofit was
compared by conducting extensive nonlinear time history analyses. These analyses concluded that
the retrofit technique was successful in predicting the mode of failure with much more certainty,

hence leading to a performance-driven seismic design.
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Figure 2.9 Moment frame with rocking wall [after Wada et al. (2009)]

2.3.3 Controlled Rocking Bridge Pier

Mander and Cheng (1997) explored the benefits of controlled rocking in bridge piers made up
of modular (precast) beam and column elements. The individual columns were intentionally
allowed to rock at the top and bottom edges, by discontinuing the vertical reinforcement bars in
them. The only source of energy dissipation sought to control the peak displacement was the
energy lost due to impact at the end of each rocking cycle. This energy loss was converted to an
equivalent viscous damping based on Housner (1963). Vertical post tensioning was introduced to
increase the lateral strength and also to provide additional energy dissipation on yielding. Figure
2.10 shows the sketch of the bridge pier column and its ideal force-deformation response. The
authors summed up all these recommendations in a displacement-based design methodology called
‘Damage Avoidance Design (DAD)’. To validate the proposed methodology, a full scale precast
concrete bridge column was designed and tested. Static tests confirmed the model verified the
established kinematics of the rocking column, i.e. force-deformation response. Cyclic tests with
large displacement demands were imposed and no damage to the column or foundation was

observed.
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Figure 2.10 Sketch of rocking bridge column and ideal force-deformation response [from Mander and Cheng
(1997)]

More recently, Pollino and Bruneau (2007) presented a similar solution for retrofitting steel
bridges. The truss piers were designed to allow rocking about its foundation, while displacement-
based passive energy dissipaters such as buckling restrained braces were placed at uplifting
locations to provide additional energy dissipation while controlling the peak response of the pier.

The bridge relied completely on its self-weight to provide the required restoring force to ensure
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self-centering was retained. Subsequently, a capacity-based design procedure for such structures
was proposed. This design procedure aims to achieve a controlled ductile response through
incorporation of several performance constraints like self-centering, demands on BRB and
maximum force demands on the remaining structure. In a follow-up study, Pollino and Bruneau
(2008) investigated the consequences of impact and uplift on the dynamic response of the pier.
Simple linear-elastic mass-spring models were developed in the pursuit of quantification of the
excitement of vertical modes of vibration which would amplify the axial force demand on the non-
ductile elements. Methods to predict these dynamic amplification factors were proposed which

were suitably verified by nonlinear time history analyses.

2.3.4 Controlled Rocking Shear Wall
Ajrab et al. (2004) proposed and implemented the concept of rocking shear walls for wall-frame
structures. The rocking shear walls were designed using DAD (Mander and Cheng 1997), but with
supplemental energy dissipation devices also installed. This study investigated the effect of various
parameters on the structural performance and concluded that draped configurations of PT tendons
are more effective than straight configurations to improve the inter-storey drift profile and beam-
column rotations. Figure 2.11 represents the six storey prototype that was used to verify the design

guidelines and also study the sensitivity of the different parameters on the overall response.
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Figure 2.11 Finite element model of the wall-frame prototype [from Ajrab et al. (2004)]

Ozaki et al. (2010) exploited the controlled rocking mechanism to improve the seismic
performance of steel plate shear walls. They developed a novel rocking multi-storied shear wall
system with hold down fasteners which acted as energy dissipaters while the shear wall panels
rocked. Statically loaded experiments were conducted to characterize the seismic performance of
the different fuse specimens used. The fuse panels with butterfly shape and rhomboid slits were
seen to have greater energy absorbing capacity than the ones with rectangular shape and
rectangular slits. Furthermore, analytical models of the rocking shear wall system were developed
and investigated using nonlinear time history analysis which demonstrated the successful reduction

of drift angle and negligible residual drift in case of this novel system.
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2.3.5 Controlled Rocking Steel Frame

2.3.5.1  Self-Centering Concentrically Braced Frame

Bolstered by the successful implementation of controlled rocking mechanism to various seismic
force resisting systems, researchers started focusing on its application in steel frame systems. The
study by Ricles et al. (2001) is considered the earliest attempts to incorporate the benefits of
controlled rocking into steel moment frames. The research initially intended to develop new
moment connections to tackle the brittle failure of connections in the pre-1994 Northridge
earthquake moment frames. The new connection did not require field welding and utilized high
strength steel post-tensioned strands placed horizontally along the beam. Friction at the contact
surfaces provided shear resistance and the yielding of the seat-angles contributed to the energy
dissipation at the connection while gap-opening mechanism occurred at the beam-column
interface. Figure 2.12 shows the proposed connection called the PT steel connection. A
corresponding numerical model of the connection was developed and analyzed to verify if it
simulates the experimental results accurately. Finally, to confirm its application in buildings, a six
storey prototype building was modeled with the new PT steel connections. Nonlinear time history
analyses yielded promising results wherein the lateral displacements and storey shears were

considerably reduced when compared with the former welded connections.
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Figure 2.12 Proposed PT steel moment connection [from Ricles et al. (2001)]

After witnessing the failure of CBFs and BRBFs to restore normal functioning of the structure
after the earthquake, a large research collaboration between Lehigh, Princeton and Purdue
Universities gave way to an improved CBF with self-centering capability and called it a self-
centering concentrically braced frame (SC-CBF) (Roke et al. 2006). The expected lateral force-
deformation response of this system was presented using static equilibrium equations. This gave
the intended limit states which later assisted in developing a performance-based design of such
systems. As shown in Figure 2.13 the various limit states are: tension column decompression,
yielding of PT members, yielding of frame members and finally failure of frame members. Various
configurations of SC-CBFs have been identified with different locations and amount of PT and
presence of energy dissipation devices. Analytical models based on a preliminary design using the
performance limits already defined were investigated to verify if they comply with the set targets.

Further investigation by Sause et al. (2006) identified the flaw in the design procedure which
led to undesirable response of the SC-CBF and thus failed to achieve the performance objectives.

They demonstrated through dynamic analysis that the total overturning moment from all the modes
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could be effectively represented by the first mode response alone. However, this was not the case
with the base shear. The total base shear from all modes did not depend on the first mode response
and hence required the contribution of higher modes as well. The study recommended the use of

energy dissipaters all along the height of the frame to reduce the higher mode effects.
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Figure 2.13 Proposed limit states, performance levels and seismic hazard intensities [after Roke et al. (2006)]

The latest study by Sause et al. (2014) validated the performance of SC-CBF through extensive
hybrid simulations of a four storey 60% scaled prototype. The test structure showed desirable
performance under DBE level earthquakes with the maximum peak drift of 1.4%. The structure
was essentially damage-free with only minor wear of the replaceable brass shim plates. However,
MCE level earthquakes had a maximum peak drift of 3.9% and led to the yielding of PT elements.
After the PT bars yielded, some of its prestress was lost which could influence the response of the
structure in case it is not re-tensioned. The study further continued the tests with yielded PT to
quantify the structural response in the face of aftershocks immediately following the main
earthquake. DBE level aftershock ground motion was applied to the structure with partial yielded
PT which still showed desirable performance without any significant amplifications of drift. A

consecutive aftershock ground motion was again applied to this structure with further additional
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yielding of PT to observe the structural response in the case of complete loss of prestress in the
PT. The structural response was still positive with no signs of significant damage or drift

amplifications.

2.3.5.2 Base Plate Yielding System

Midorikawa et al. (2002) proposed a novel system called Base Plate Yielding (BPY) system,
which comprised of a weak base plate at the bottom of the steel column that yielded on being
subjected to a severe earthquake allowing the column to uplift and rock. The hysteretic behavior
of the base plate also contributed to the energy dissipation capacity of the system. No supplemental
PT system was required as the gravity load of the frame alone was responsible to retain self-
centering of the frame. Figure 2.14 shows the schematic BPY system with a close view of the
components of the weak base plate. An analytical model of a five-storey one bay frame was
developed for three different criteria of the base; conventional fixed-base, simple rocking base and
weak base plate. Dynamic analysis indicated the superior performance of BPY systems in terms

of storey shear and roof displacements when compared to fixed-base and simple rocking structures.

Constraining steel

Figure 2.14 Base Plate Yielding (BPY) system [from Midorikawa et al. (2006)]
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In a follow-up study, Midorikawa et al. (2003) carried out extensive shake table tests of the
three models described previously and compared. The study indicated that the base shear and
storey shear of BPY system was considerably lesser than the fixed-base counterpart. Even under
extremely high input accelerations, the maximum roof displacement of the BPY system was lesser
than that of the simple rocking frame while being almost comparable to the fixed-base system also.
These results were verified again by a similar shake table study by Midorikawa et al. (2006),
wherein a half scale prototype of a three-storey braced frame with yielding base plate was
investigated. When compared with a fixed-base frame, the column base shear of the BPY system
was seen to be reduced to almost 50%, but still having comparable roof displacements. This was
attributed to the energy dissipation due to the yielding base plate. Also, the vertical impact forces
in a BPY system was seen to be negligible and can conveniently be ignored while computing the
column axial forces.

In a separate study, Azuhata et al. (2006) investigated and proposed that seismic performance
of BPY systems can be improved by attaching conventional and adaptive viscous dampers at the
column base besides yielding base plates. Adaptive viscous dampers allow for adjusting the
damping coefficient based on the sign of vertical velocity at the uplifting part, so that they do not
restrain the structure from uplifting but dissipate the seismic energy when the structure is landing.
Numerical analyses of a building frame subjected to 1995 Kobe NS ground motion were carried
out to demonstrate the efficiency of these added dampers. The analyses show that the adaptive
dampers prove to be more efficient compared to the conventional dampers in controlling the
displacement response of the structure without significantly increasing the overturning moment in

the structure.
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2.3.5.3  Viscously Damped Rocking Braced Frame

Tremblay et al. (2008a) examined an innovative braced frame shown in Figure 2.15, designed
to rock at its base when subjected to severe ground shaking. The column bases are equipped with
vertically oriented viscous dampers which control the maximum response by dissipating seismic
energy, while reducing the impact forces induced by columns hitting the foundation. The study
investigated the seismic response of the frame through analytical and experimental work. The
system was able to limit the base overturning moment and lateral forces experienced while
sustaining design ground motions without considerable damage. However, the results also
indicated that as the building height increased, the axial force demand in the first storey braces
amplified due to the influence of higher modes.

Bracing
member

Column
//_

Column
base plate

Shear Fluid
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Figure 2.15 Viscously damped rocking braced frame [from Tremblay et al. (2008a)]

2.3.5.4 Controlled Rocking Frame with replaceable energy-dissipating fuses

As a joint research collaboration between University of Illinois at Urbana-Champaign, Stanford
University and E-Defense Shaking Table Facility in Miki, Japan, Hajjar et al. (2008) proposed a
novel controlled rocking frame as shown in Figure 2.16. The frame consisted of three major

components; frame members that were intended to stay elastic throughout the seismic activity, PT
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tendons contributing to self-centering of the system and replaceable energy dissipating elements
that act as fuses against the sudden surge of input seismic energy. The project comprised of several
phases which included conceptual design, component development and validation of these novel
self-centering systems through comprehensive experimental and analytical studies. An ancillary
study by Hall et al. (2010) investigated the sensitivity of some particular design variables on the

response on the controlled rocking frame. The selected design variables are as follows.
(i) Geometric Parameter = Frame Width/Fuse Width

. _ Overturning Resistance
(i) Strength Parameter = / Design Overturning Moment

(iif)  Self — Centering Parameter = Post — tenstoning Resistance/Fuse Resistance

One of the most important finding of this study was that the fuse was central and essential
component that greatly influenced overall global behavior. The authors thus recommend to use
fuses that have stable hysteresis over multiple cycles of seismic excitation and also possess fairly
high shear deformation capacity.

This study was followed by a series of experimental testing of selected configurations of
yielding shear plates with slits to act as fuses shown in Figure 2.17 (Ma et al. 2010a). This study
tested a total of eleven steel shear plate fuse specimens, out of which five had slits dividing the
plate into rectangular links and the remaining six had diamond-shaped slits creating butterfly-
shaped links. Quasi-static cyclic testing revealed that the butterfly-link shear plate performed
comparatively better, with the thin-plate and thick-plate fuses sustaining about 35% and 37% shear
deformation until fracture. The shear plates with rectangular slits, on the other hand, showed stable

hysteresis up to 5% shear deformation, after which severe pinching due to lateral-torsional

buckling was observed.
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Figure 2.16 Controlled rocking with replaceable energy dissipating fuses [from Hajjar et al. (2008)]
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Figure 2.17 Fuse configurations [from Ma et al. (2010a)]

Eatherton et al. (2010) conducted quasi-static cyclic and hybrid simulation tests on half-scale
single and dual controlled rocking frame configurations. The configuration where the initial
pretension in the PT and fuse yield strength were considered equal, the frame performed
exceptionally well with negligible residual displacement for a maximum roof drift of 3% which
was more than the code-prescribed value considered for MCE level earthquakes. Hybrid

simulations included investigating the system dynamic response and assisted in defining critical

35



limit states for the different components of the controlled rocking frame. In a companion paper,
Ma et al. (2010b) presented the results of large (two-thirds) scale dynamic shaking table tests of
the controlled rocking frame prototypes. The system performance was reliable when subjected to
MCE level drift ratios of almost 3%. There was no damage observed in any of the components and
the system successfully self-centered post the ground shaking. These tests confirmed the viability
of these systems in achieving virtually damage-free state, even in the face of severe ground
shaking. Numerical models were developed which were able to simulate the test results with great

accuracy.

2.4  Existing Applications of Controlled Rocking Systems

One of the earliest structures to be built with the intension of incorporating rocking mechanism
against lateral loads was the South Rangitikei Rail Bridge of New Zealand, which was completed
in 1981. As shown in Figure 2.18, the piers in the transverse direction of this viaduct bridge were
designed to deliberately rock by detaching them from the supports and introducing hysteretic

dampers to provide additional damping.

Figure 2.18 South Rangitikei Rail Bridge with a close up of the rocking piers [from Ma (2010a)]
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Another major application of rocking in bridges was the retrofit scheme for the North approach
of the Lions’ Bridge in Vancouver, Canada (Dowdell and Hamersley 2000). It was observed that
the spectral accelerations of 1/475-year earthquakes were high enough to induce pull-out of the
columns from the concrete foundation and cause rocking. Hence, the designers proposed a retrofit
scheme where the force-limiting benefits of rocking mechanism were used to provide a robust and
cost-effective design alternative.

Kilmore Street Medical Centre in Christchurch, New Zealand was built using coupled steel
rocking frames as shown in Figure 2.19 (Latham et al. 2013). The frames used macalloy post
tensioning bar systems and a combination of hysteretic and viscous dampers at the base and at

upper locations to couple the frames.
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Figure 2.19 Kilmore Street Medical Centre [from Latham et al. (2013)]

2.5 Existing Design Methodologies for Controlled Rocking Steel Frames
Most of the design methodologies for controlled rocking frames that exist comprise of three

main tasks:
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(1) Compute the minimum rocking base shear and corresponding base overturning moment
using any available method like the equivalent static force procedure.

(i) Proportion the fuse yield strength and initial PT force and design them accordingly.

(iii)  Capacity design of frame members for the maximum force exerted by the PT and fuse.

The first two tasks are generic with minor variations in the different design methodologies
discussed here. As shown already, higher modes influence the rocking response to a considerable
extent and hence need to be accounted for in the capacity design strategy to accurately estimate
the force demands in the system. This section summarizes the various design procedures developed
for controlled rocking steel frames, with a special focus on their respective capacity design
strategies.

Roke et al. (2009) presented a probability-based design framework to conservatively estimate
the force demands on the members of a SC-CBF. Nonlinear dynamic analysis revealed that the
member capacities safely exceeded the design demands due to higher modes introduced by rocking
response. Following steps summarize the member design procedure.

(1)  Modal decomposition of a linear elastic fixed-base SC-CBF model is conducted. From this,
the first-mode lateral force distribution is obtained.

(i) This first-mode lateral force distribution is then scaled up to the level corresponding to PT
yielding and applied to the model to determine the first mode member force demands.

(iii) For higher mode contribution, the lateral force distribution for each of the desired mode is
determined using corresponding values of pseudo-acceleration from design response
spectrum. The member modal-force demand, 7, ,, (where a is the member and n is the mode
number), is quantified from a linear elastic analysis using the lateral force distribution for its

corresponding mode.
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(iv) The modal force demand obtained in (iii) is then amplified using load factor, y,, obtained
from probabilistic analysis of the results of nonlinear analyses. y,, is taken as 1.15 for the
first mode and 2.0 for the remaining modes.

(v)  Thefinal design force demand on the member, 7, gesign is COMputed by combining the modal
force demands using the Complete Quadratic Combination (CQC) method (der Kiureghian
1981) by suitably accounting for the correlation between the modal responses of the SC-
CBF. This is given by the following equation:

N 0.5

N
Ta,design = Z Z Pij (Vira,i)(yjra, j) [2.8]

i=1j=1
Where N is the number of modes considered and the coefficient p;; accounts for the

correlation between modal responses and is given by:

Pij = {ozé i ;j [2.9]

Eatherton and Hajjar (2010) observed that designing the controlled rocking frames in
accordance with the ASCE code guidelines with inverted triangular lateral load profile, was
inefficient and yielded undesirable response. The higher modes were seen to be dominant in the
frame which caused unpredictable amplification of column force demands as high as 5 times and
brace axial force demands as high as 12 times. Hence, they formulated a capacity design approach
wherein the frame members were designed for the worst case among multiple lateral load profiles
as shown in Figure 2.20. These member force demands were then amplified by suitable
amplification factors to account for the dynamic effects and higher modes. These amplification
factors were obtained from extensive nonlinear time history analysis and were defined as the ratio

of axial force demand to the design axial force. This capacity design procedure was proven to be
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successful in estimating the force demands in the columns, but still underestimated the force
demands in the braces by a factor of 2.7 at the MCE seismic level.

(a) Inverted Triangular (b) Upward Triangular (c) Reversed Linear
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Figure 2.20 Proposed lateral load profiles [after Eatherton and Hajjar (2010)]

Ma (2010Db) proposed a comparatively robust design methodology that was consistent with the
current seismic code force-based design and also encompassed elements of DDBD (Priestley et al.
2007). The procedure starts off by estimating the design rocking base shear and base overturning
moment assuming a force-reduction factor (R) of 8, corresponding to that of an EBF. This system
strength is then allocated to the PT and fuse components assuming a relevant self-centering
parameter value. Once the individual component strengths are determined and designed
accordingly, the system pushover relationship is established. A target displacement based on rigid
rocking motion of the frame is assumed and secant stiffness based on the system pushover is
estimated. A calibration factor A = 1.8 is used to amplify the system stiffness recognizing the
inherent nature of rocking frames to be stiffer during earthquake. The resultant amplified or
effective stiffness is then used to estimate the effective fundamental period of the structure. The
peak spectral-displacement is read off the 5% damped displacement spectrum. This is compared
with the initial target displacement assumed to see if it is within acceptable tolerance level.

Otherwise, this exercise is iterated until the final displacement is reasonably close to the target.
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Once the frame drift prediction is achieved, next step is to predict the manifestation of the lateral
loads in the frame as observed in the shake table tests. The peak storey shear distribution is

approximated through an empirical formulation represented as:

M
Vinax = I_l;,n;;lx [2-10]
e
1.1xV,
Veop =— = [2.11]

where Mj, 4, represented the maximum base overturning moment corresponding to the maximum
forces that could develop in the PT and fuse, H,rswas taken to be equal to frame width and n

represented the number of stories. Equations [2.10] and [2.11] show that the design shear envelope

could be approximated as a linear function of the height of the frame as shown in Figure 2.21.
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Figure 2.21 Storey shear distribution envelope [after Ma (2010b)]

In pursuit of a modern performance-based design for controlled rocking steel frames, Wiebe
and Christopoulos (2013) developed a framework that could efficiently design steel frames by
accurate prediction of frame member force demands due to higher modes. Besides this, novel
mechanisms were introduced which could reduce the influence of higher modes and were directly
incorporated into the design procedure. Through analytical models, the designed frames were
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shown to conform to the displacement targets chosen as performance levels at two different
seismic intensities. The first step of the design process is to proportion the base rocking joint by
appropriately selecting amount and location of PT and fuse. This step includes calculation of
minimum rocking base shear of an equivalent SDOF system using the force-reduction factor (R)
from the charts generated by the study through nonlinear dynamic analyses. The remaining
hysteretic parameters of the intended flag-shaped hysteresis are also assumed. Similar to the other
methodologies, the obtained system strength is equated to the contributions of the PT and fuse to
assist their designs. The second step of the design process is critical and involves combining the
modal contributions of storey shear and overturning moment envelopes (V,,qx and M,q5).
Empirical equations representing these modal contributions, as a function of overstrength base

overturning moment resistance (M, ;,45); height of each storey above the base (z); total height of

the frame H; tributary seismic mass Wm'b/ g and the 5% damped spectral accelerations at one-third

and one-fifth of the fundamental periods of the structure (S,(T;/3) and S,(T;/5)), are given by:

o2~

W.... 7
Vamax(2) = 01265[a:S,(T1/3)] gb) [cos .49 (%)

Storey [2.13]

+ o.217|
Shear:

Vamax(2) = 0.0297[a,54(T1/5)] () |cos 7.73 (2)
g [2.14]

- 0.1283|
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Ml,max(z) = Mb,max [1 - ; (%) + % (%)2] [2-15]

My o (2) = 0.0282[;S, (T, /3)] (W"“’>H|sin4.49 (3)
,max ~a g H

Overturning 2 [2.16]
+0.976 ()|
Moment: H
Wi z
Mj max(2) = 0.00384[a;S,(T1/5)] ( Z”’) Hlsin7.73 (<)
[2.17]
VA
~0.991 (ﬁ)|

Provisions for two supplemental mechanisms to suppress the response of higher modes that
were proposed included introducing multiple rocking joint and the use of Self-Centering Energy
Dissipative (SCED) brace initially developed by Christopoulos et al. (2008). The beneficial effects
of these mechanisms were validated through nonlinear dynamic analysis.

The most recent study by Pollino (2015) considered a rocking braced frame (RBF) with a
combination of displacement-dependent steel yielding device and velocity dependent viscous
damper that could virtually eliminate the need for PT and still show propensity for self-centering.
The design procedure for RBFs requires establishing its nonlinear static force-deformation
behavior with the contributions of all its components. Then the effective time period at design
displacement and total equivalent damping of the RBF system in the primary rocking mode is
computed. This information assists in estimating the peak RBF displacements using response
spectrum analysis. Finally, the capacity design procedure for frame member demands requires the

Square Root of Sum of Squares (SRSS) modal combination of the force demand from the primary
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rocking mechanism and the force demands from higher modes. It has been noted that the higher

mode brace forces can be as high as 2-3 times the force computed from the rocking mode only.

2.6 Summary

This chapter discussed how allowing the structures to rock about the foundation leads to
reduced internal forces in the structure, while providing stability against overturning in the event
of strong earthquakes. This theory led to the development of controlled rocking systems with post-
tensioned elements and supplemental damping devices. These systems are able to achieve reliable
performance with self-centering, for greater seismic resilience. A few performance-based design
methodologies were proposed for such systems. However, all the design methodologies discussed
thus far either require complex modal analysis or the estimation of the structural time period or the
force-reduction factor for calculating the design forces for the structure. Hence, there is a need of
an alternative design procedure, which is simple yet robust and can efficiently design such novel
SFRSs. To promote its implementation in the structural design office, the proposed design

procedure should be computationally inexpensive, performance-based and non-iterative.
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Chapter 3: Equivalent Energy Design Procedure (EEDP)

This chapter discusses an alternative design procedure for CR-CBFs, called Equivalent Energy-
based Design Procedure (EEDP). Section 3.1 briefly introduces the development of energy-based
design methodologies. Then, Section 3.2 comprehensively explains EEDP and its design steps

through the application in CR-CBFs.

3.1 Development of Energy-based Design Methodologies

For the past 70 years that seismic provisions have been incorporated in the various building
codes, a force-based design approach has been adopted which ensures suitable strength in the
building to resist the action of the earthquakes. The obtained member sizes which satisfy strength
requirement are then evaluated to check if they comply with the drift limits. If not, the exercise
needs to be repeated until both strength and drift limits are satisfied. However, it was later realized
that this may not be the best strategy to achieve optimum performance, which is not directly
proportional to strength (Priestley 2000). The advent of ‘Performance Based Earthquake
Engineering’ required design procedures to incorporate performance objectives rather than
strength to ensure minimized damage and greater seismic resilience. It was widely recognized that
‘structural displacements’ serve as the direct damage indicators in the structure and hence can be
critical to the analysis of performance. Therefore, conforming to the pre-determined displacement
targets became central to all the design methodologies that were developed. Energy-based design
procedures seek to address these flaws in the force-based design procedure, with robust

formulations that may lead to efficient structural designs.
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Energy-based design concepts have been around for five decades. It was first introduced by
Housner (1956) at the First World Conference on Earthquake Engineering. He described the
energy fed into the structure by the earthquake as E;, a part of which is dissipated through damping,

E;, while the remaining is stored in the structure in the form of kinetic and strain energy, Ej and

E, respectively. The strain energy can be further split into elastic strain energy, E, and hysteretic
energy, Ej, depending on whether the elastic limit is exceeded or not. This concept was further
elaborated by Uang and Bertero (1988) who represented this as an energy balance equation as:
E;=E¢ +E, +E, = Eg + Ex + E; + E, [3.1]
Goel and Chao (2008) pointed out that using the energy balanced Equation [3.1] can be
cumbersome and often delays the design process in practice. Using Housner’s concepts, they
developed a practical design procedure called Performance Based Plastic Design (PBPD) which
was efficient and accounted for the inelastic structural behavior directly. The method required a
pre-selected target drift and an admissible yield mechanism to completely define the performance
objectives to be achieved through controlled damage within the structure. Choosing the target drift
prior to design process ensured that the design process was non-iterative. One of the key
advantages of this method was that it didn’t require employing coefficients like force-reduction
factor (R), or the deflection amplification factor (C;). Also, PBPD completely eliminated the need
of complex nonlinear time-history analyses during the design phase. This method has been
successfully applied to many of the code pre-qualified SFRSs like MRFs, CBFs, EBFs and special

truss moment frames (STMF).
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3.2 Equivalent Energy Design Procedure (EEDP) and its application in CR-CBF

Yang et al. (2016) improved the PBPD methodology to design novel high-performance fused
SFRSs such as CR-CBFs to achieve different performance objectives at different shaking
intensities. They named this design method Equivalent Energy-based Design Procedure (EEDP).
Extensive nonlinear analyses on novel systems like spine fused frames, fused truss moment frames,
have been developed and validated using this methodology. This section explains the basic
derivation of EEDP and the steps involved in the design procedure that can be used to design CR-

CBF.

3.2.1 Rocking Mechanism of CR-CBF

In order to properly design the CR-CBF using EEDP, a plastic (rocking) mechanism is needed.
To simplify the design procedure, a separate gravity load resisting system is developed. Hence,
the CR-CBF can be designed without considering the gravity loads. Figure 3.1(a) shows the
deformed configuration of CR-CBF when the frame is not rocking and Figure 3.1(b) shows the
deformed configuration of CR-CBF when the frame uplifts and rocks about the rocking toe. In
these figures, A indicates the system roof drift ratio (RDR) and F is the external force acting on
the center of mass m. The global mechanism for CR-CBF is a series combination of two separate
mechanisms; frame deformation (Frame+PT) and energy dissipation mechanism of (ED) through

rocking at the base of frame.

47



Rocking toe

Rocking toe

1

\
I %KPT Kor g | [y T
X 7 -

Post-tensioned

,_
—

Tendons (PT) TTT 7T 7777 7777777777777
L, Energy Dissipating «—— «
Device (ED) dpr = dgp
(&) No rocking mechanism (b) Rocking mechanism

Figure 3.1 Two degrees-of-freedom representation of a CR-CBF

FRAME+PT- Figure 3.2(a) shows the force-deformation response of the frame members. It
indicates that the frame is designed to remain elastic with a lateral stiffness K. Figure 3.2(b) shows
the component force-deformation response of the PT. The PT tendons have an axial stiffness, Kpr,
and are initially pre-tensioned to a force Fpr o. dpr represents the lever arm of PT from the rocking
toe. The frame and PT act in series to provide a nonlinear restoring force component through gap
opening mechanism at the base. In order to initiate rocking, the overturning moment needs to
exceed the resisting moment provided by Fpro. The external force corresponding to the
overturning moment is called minimum rocking base shear, F;, which is calculated by Equation
[3.2]. Prior to uplifting, the frame behavior dictates the system response of (Frame+PT) because
the PT is not engaged. The RDR which corresponds to F; is A; and can be calculated by Equation
[3.3]. As F continues to increase after uplift, the PT starts to elongate which increases the frame
flexibility since Kp is practically assumed to be less than K;. The system is nonlinear but still

elastic at this stage. The post-uplift stiffness of the system, K,, is the series combination of the
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stiffness of frame and PT and can be calculated by Equation [3.4]. It should be noted that Kp; is
the local stiffness of the PT and needs to be transformed to the global coordinates. Eventually, F,,
calculated by Equation [3.5] is reached at yielding of PT (denoted by Fpr,). Ignoring strain
hardening and other second-order effects in the PT after yielding, the (Frame+PT) system loses its
load bearing capacity after reaching F, and becomes perfectly plastic. The RDR corresponding
to F, is A, and is calculated by Equation [3.6]. Figure 3.2(c) shows the final (Frame+PT) system

force-deformation response with the design parameters defined thus far.

Fpro X dpr
=T [3.2)
A= 1 3.3
= [3.3]
-1
1 1
Ky = | —— [34]
K dpr
Ker (FF)
Fpry X dpr
= 2 3.5
= [35]
n="2"00 [3.6]
2= K, H 1 :
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Global force-deformation response of (Frame+PT)

ED- Figure 3.3 shows the ED local force-deformation response. It is assumed that ED has a
rigid and perfectly plastic response. The design slip load for ED is Fgp. ED doesn’t have stiffness
contribution to the system and is intended to dissipate the earthquake energy as soon as column

uplift occurs. dgp represents the lever arm of ED from the rocking toe.
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Figure 3.3 Local force-deformation response of ED

FRAME+PT+ED- Finally, all the components of a CR-CBF act together to give a final trilinear

force-deformation relationship as shown in Figure 3.4. This is modified from the trilinear response
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of the (Frame+PT) system to incorporate ED. The modified minimum rocking base shear, F,, is

calculated by Equation [3.7]. The ultimate strength, Fp, is calculated by Equation [3.9]. These
parameters include the effects of ED. Similarly, the RDRs are modified with the addition of ED,

i.e., A; increases to A, and A, increases to A,, which are calculated by Equation [3.8] and

Equation [3.10] respectively. Finally, A, is the ultimate RDR.

F, = Fpro X dPT:I‘ Fgp X dgp [3.7]
A= iy(l_ Zl + A, [3.8]
F, = Fpry X dPTI;' Fgp X dgp [3.9]
A= 1;122_ ZZ + A, [3.10]
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Figure 3.4 System force-deformation response of CR-CBF
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3.2.2  Overview of EEDP for CR-CBF

EEDP is a non-iterative, performance-based design procedure which is targeted to achieve
multiple performance objectives at different seismic hazard intensities. Unlike the existing design
methodologies for controlled rocking frames, EEDP doesn’t require intricate modal analysis nor
estimation of fundamental period of structure or force-modification factors for the calculation of
design base shears. Figure 3.5 shows the concept of EEDP. The solid line represents the equivalent
nonlinear single degree-of-freedom (ENLSDOF) system of CR-CBF. The dashed line represents
the equivalent linear single degree-of-freedom (ELSDOF) system. EEDP relates the energy stored
in the ELSDOF system (elastic energy, E,) to the energy dissipated by the ENLSDOF system
(elastic strain energy, E, and hysteretic energy, E;). In the figure, the ordinate represents base
shear, F, which is calculated by multiplying pseudo acceleration, S,, by the structural mass, m.
The abscissa represents RDR, A, which is obtained by normalizing the roof displacement by the
structural height, H. Equation [3.11] shows the relationship between RDR and spectral
displacement of an ELSDOF system. F, signifies the corresponding base shear.

A= (CoSa)/H [3.11]
where C, is the coefficient that is used to modify S; of an ELSDOF system to the roof displacement
of a multiple DOF system (ASCE/SEI 41-06 2007).

EEDP determines the response of the ENLSDOF system using five keys design parameters. E,
and F, are the yielding and ultimate base shears of the ENLSDOF system, respectively. A, and A,
are the RDRs of the ENLSDOF system which correspond to the base shears F, and F,,
respectively. A,, is the ultimate RDR. The trilinear force-deformation response of a CR-CBF

allows it to have a specific desired progression of limit states chosen for this thesis, as shown in
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Figure 3.6. Each of these limit states is associated to a discrete performance objective at a

designated seismic hazard intensity.

(i)

(i)

(iii)

At the low seismic shaking intensity, also known as the Service Level Earthquake (SLE),
the CR-CBF is expected to remain elastic and damage-free, which achieves the Immediate
Occupancy (10) performance objective.

At the medium seismic shaking intensity, also known as Design Basis Earthquake (DBE),
the primary SFRS (ED) are expected to yield as soon as the frame uplifts and protect the
remaining structure. With only the ED devices yielded, the system is considered to achieve
Life Safety (LS). The ED are structural fuses in CR-CBF, which are designed to dissipate
the sudden surge of earthquake energy. The strategic location of ED assists in their efficient
inspection and repair after the earthquake, without affecting the functionality of the building.
At the high seismic shaking intensity, also known as Maximum Credible Earthquake (MCE),
the secondary SFRS (Frame+PT) is designed with PT to yield to prevent the structure from
collapse. Hence, Collapse Prevention (CP) performance objective is achieved. After the
earthquake, the yielded PT can be suitably repaired either by re-tensioning or replacing. It
should be noted, that at the CP performance level, only the ED devices and the PT are
yielded, while the remaining frame members shall remain elastic. This ensures low structural

damage levels leading to quicker post-earthquake rehabilitation process.
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Figure 3.6 Limit states and performance levels of a CR-CBF

The following steps are involved in implementing EEDP methodology in a design office.

(i)  Select performance objectives under different seismic hazard intensities.



(i)  Select yielding RDR A, to compute F, and T.
(iii) Select plastic RDR A, to compute y, and F,.
(iv) Calculate y;, and ultimate RDR A,,.

(v) Distribute design base shears between primary and secondary SFRSs.

(vi) Select yielding mechanisms and design structural members.

3.2.2.1  Select Performance Objectives under different Seismic Hazard Intensities

The first step of EEDP is to select different performance objectives for the structure under
different seismic hazard intensities. The three different hazard intensities (SLE, DBE and MCE)
can be based on regional seismic codes or from probabilistic seismic hazard analysis. For this
study, the performance objectives for CR-CBFs corresponding to the chosen target seismic hazard

intensities have already been explained in Figure 3.6.

3.2.2.2  Select Yielding RDR A,, to Compute F, and T

Structural and non-structural components within the prototype can tolerate a specific amount
of lateral roof drift ratio before experiencing damage (or uplift in this case). The designer needs to
select this parameter, called the yielding roof drift ratio or A,.. The goal of this step is to ensure
that EEDP designed CR-CBF prototype behaves like an elastic fixed-base CBF when subjected to
earthquakes with intensities lower or equals to SLE. In other words, it is expected that the system
will experience a median roof drift ratio close to the selected A,, when subjected to ground motions
at SLE hazard level. Once the shaking intensity exceed the SLE shaking, the CBF is designed to

uplift, while the ED starts to dissipate the earthquake energy. Once SLE hazard curve and A,, have
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been identified, the yielding base shear, E,, can be identified from the intersection of SLE hazard

curve and A,. It should be noted that, at this intersection, the fundamental period, T, can be

~ /(Aym/co
T =2m F;;T [3-12]

3.2.2.3  Select Plastic RDR A, to Compute y, and F,

calculated using the following equation.

The next step of EEDP is to select the second yielding point on the trilinear force-deformation
relationship, called the plastic roof drift ratio or A,,. When the prototype is excited by ground
motions of intensities equal to DBE, only the primary SFRS (ED) should yield. While the median
roof drift ratio should be close to the selected A,. Once DBE hazard level is exceeded, the
secondary SFRS (Frame+PT) are designed to be engaged, where the PT are designed to yield.
EEDP relates the energy stored by the ELSDOF system between the SLE and DBE hazard
intensities, AE4, to the energy dissipated by the ENLSDOF system, AE 1, as shown in Equation
[3.13]. To account for the difference in these energies, an energy modification factor, y,, is used.

AEg; = AEym1 X ¥ [3.13]

H H
where AEg, = Py (Fsie + Fppe)(Appe — Dsip); AEny1 = B

elastic base shear of the ELSDOF system at SLE shaking intensity; Fpzg is the elastic base shear
of the ELSDOF system at DBE shaking intensity; A,y is the roof drift ratio of the ELSDOF

system at SLE shaking intensity; Apgg IS the roof drift ratio of the ELSDOF system at DBE shaking

intensity.
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Yo is the energy modification factor of the ENLSDOF system from A,, to 4,,. As a result of

comprehensive nonlinear dynamic time-history analyses, several charts have been generated which

provide the value of y, for different structural periods T and choice of y,(obtained by normalizing

the choice of A,, by the already chosen A,, in Step 2). These plots have been reproduced in Figure

3.7.
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Figure 3.7 Energy modification factor y,, [plots from Yang et al. (2016)]

In this step, equating work-energy equation gives the ENLSDOF system ultimate base shear, F,,

as represented by Equation [3.14].

2 X AEg,

E,=—- 3.14
g VaH(Ap _Ay) g 314
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3.2.2.4  Calculate y, and Ultimate RDR A,

To fully define the trilinear backbone, ultimate drift ratio A, is computed corresponding to
MCE hazard level. In EEDP, the CR-CBF system is assumed to be perfectly plastic after A, and
should not experience any strength degradation prior to reaching A,.. The system should exhibit
median RDR close to the computed A,, when subjected to ground motions at MCE hazard level.
Similar to the previous step, the energy dissipated by the ENLSDOF system, AEy,,, is a fraction
¥, Of the energy stored by the ELSDOF system, AEy,, between DBE and MCE as represented by
Equation [3.15].

AEp, = AEnyz X Vb [3.15]
where AEg, = %(FDBE + Fucr) Buce — Dpsr); AEnmz = B,H(Ay — A,); Fycg is the elastic
base shear of the ELSDOF system at MCE shaking intensity; Aycg is the RDR of the ELSDOF
system at MCE shaking intensity.

Y» is the energy modification factor of the ENLSDOF system from A, to A,,. Similar to y,,

charts have also been generated for y;, and have been reproduced in Figure 3.8.
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Figure 3.8 Energy modification factor y,, [plots from Yang et al. (2016)]

In this step of EEDP, designers can look up y;, and use Equation [3.16] to calculate A,,.

AE
Ay = —=+A4, [3.16]
ybHFp

3.2.25 Distribute Base Shears between Primary and Secondary SFRSs

Once the complete force-deformation response of the ENLSDOF system is established by
EEDP, it needs to be distributed among the primary and secondary SFRSs. As already discussed
previously, the response of CR-CBF depends on the combined responses of ED and (Frame+PT).
Hence, the system strength defined by EEDP thus far needs to be distributed into both these sub-
systems to estimate their design yielding strengths. To ensure optimum performance of the
structure while retaining the self-centering capability of the frame under the SLE, the restoring
moment due to PT should be greater than or equal to the moment due to ED (Chancellor et al.
2014; Eatherton et al. 2010; Wiebe and Christopoulos 2013). This is represented by Equation
[3.17]. Then, substituting the maximum value of (Fzp X dgp) from Equation [3.7] in [3.17], the
design slip load of ED can be computed by Equation [3.18].

Fpro X dpr = Fgp X dgp [3.17]
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F, x H
2 X dgp

Fpp = [3.18]

With the value of Fzp known, the value of initial pre-tensioning force Fpr o can be calculated
from Equation [3.7], as shown by Equation [3.19]. Finally, the design yield load of the PT can be
computed by using the value of Fy, from Equation [3.18] and substituting it in Equation [3.9].

This is represented by Equation [3.20].

_ (Fy X H) = (Fgp X dgp)

Fpro = i [3.19]
E, Xx H) — (Fgp X dgp)
Fpry = ( p ) deED ED [3.20]

3.2.2.6  Select Yielding Mechanisms and Design Structural Members

The last step of the EEDP process is to select a plastic mechanism and to design the yielding
members (ED and PT) using admissible yielding mechanisms and capacity design of the remaining
non-yielding members. Since the mechanisms are defined for multiple DOF system, the design
base shears need to be distributed across the height of the structure. As pointed out by several
researchers, one of the primary concerns in designing systems like CR-CBFs is their propensity to
excite higher modes which jeopardises the force-limiting mechanism offered by controlled
rocking. Hence, the capacity design of frame members using code-based vertical distribution of
base shear has proven to be inefficient in capturing the influence of higher modes. To tackle this
deficiency, the vertical distribution of design base shears in the structure is assumed to be based
on Equation [3.22], by Chao et al. (2007). They performed a series of nonlinear dynamic analyses
on different steel moment frames using 21 ground motions from the SAC (SEAOC, ATC, CUREe)

Los Angeles region (FEMA-355C 2000). They proposed a new distribution of base shear across
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the height of the multi-degree of freedom (MDOF) system. This distribution was quite different
from the conventional code-based distribution which was derived based on elastic mode shapes.
The proposed shear distribution account for the inelastic force demand across the height of the

structure and the influence of higher modes more accurately:

n 3 \0.75T 7072
g =i _ Lj=1Wily [3.21]
V, wy,h,

where B; represents the normalized storey shear distribution with respect to top storey shear, V,;
w; and h; are the weight and height of j™ storey respectively; w,, and h,, are the weight and height

of top storey respectively. Using this, the lateral force distribution across the height of the structure

can be obtained as:

Fy =Y, [3.22]
where
wo R 0.75T 02
A= (B — B )( nn ) [3.23]
l L i+1 7=1 Wj hj

Once all the yielding members have been designed, the remaining structure is capacity designed
under the influence of the expected strength of the yielding components, after suitably accounting

for any material strain hardening.

3.2.2.6.1  Seismic Demand on ED
Using the yielding mechanism shown in Figure 3.6 and the vertical base shear distribution from
Equation [3.22], energy equilibrium is established by equating the external work done by the base

shear on the deformed mechanism to the internal work done by the ED. The solution of the
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equation yields the seismic demand on the ED, as shown by Equation [3.24]. This is simply

calculated from Equation [3.18] by substituting F,, with its vertical distribution.

o (i X E, xh)
ED 2. dED
where h; is the height of the it" storey above the base.

[3.24]

3.2.2.6.2  Seismic Demand on PT

The seismic demand on the PT is calculated similar to that of the ED. The initial pre-tensioning
force, Fprqy, IS computed by substituting the base shear in Equations [3.19] with its vertical
distribution and the value of Fg,, from Equation [3.24] . Finally, the maximum demand on the PT,
Fpr .y, is computed by substituting the base shear in Equation [3.20] with its vertical distribution
and the value of Fg, from Equation [3.24]. Fpr and Fpr,, are given by Equations [3.25] and
[3.26], respectively.

?:1(/1i X E, X hi) — (Fgp X dgp)

Fpro = [3.25]
dpr
™ (A }XE, xh;)— (Fgp Xd
FPT,y — l—1( l 4 dl) ( ED ED) [326]
PT

With the demands on both the ED and PT known, the required configurations of the friction
dampers and PT tendons can be estimated. Thus, the design of both the primary and secondary

SFRS is accomplished at this step.

3.2.2.6.3  Capacity Design of Frame Members
The CR-CBF shall be designed such that the frame members shall never yield. This is achieved
by capacity design of the frame elements under the maximum expected forces exerted by the

yielding elements. Any of the capacity design approaches that have been explained in the previous
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chapter can be used here. Figure 3.9 shows a preliminary 3-storey CR-CBF configuration and the
free body diagrams (FBDs) of the joints. Based on the FBD in Figure 3.9(b), the force Fpr nay IS

transferred as a shear and moment in the 3" storey beam:

Vf,beamS = FPT,max [3.27]
(2 X Fprmax)L
M peams = PZ max [3.28]

Figure 3.9(c) shows the FBD of joint B and is used to calculate the axial compressive force in

the 3" storey braces. This is summarized as shown in Equation [3.29].

RB — FPT,max [329]
2 X sinf sinf

Cf ,brace3 =

Figure 3.9(d) shows the FBD of joint D. It can be seen that the 2" storey braces shall be
designed to carry the same load as the 3' storey braces. The 2" storey beam acts as a tension tie

and the design axial tensile force can be computed as:

Crbracez = Crpraces [3.30]

Tf,beamz = (Cf,brace3 + Cf,bracez)cosg [3.31]
Figure 3.9(e) shows the FBD of joint G. As clearly indicated by the load path, the 1% storey beam

isn’t expected to take any load. The 1% braces shall be designed to carry the same load as the 2"

storey braces.

Ctpracer = Cfpracez [3.32]

Finally, the base level beam shall resist the horizontal component of the 1% storey brace axial

compression force, as shown in Figure 3.9(f).

Tf,beamO = (Cf,braceB)COSH [3.30]
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Once the design forces for beams and braces are computed, the last step is to estimate the

columns design forces. The self-weight of the structure is very small compared to the large design

forces and hence can be safely neglected while designing the columns. The columns are continuous

over all the levels and shall resist the force PT in axial compression:

FPT,max FPT,max
A 4 v
C
A B
)
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]
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Cf,columns = FPT,max [3.31]
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Figure 3.9 (a) Preliminary 3-storey CR-CBF configuration, (b) FBD of upper portion of frame, (c) FBD of

joint B, (d) FBD of joint D, (¢) FBD of joint G and (f) FBD of joint |
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Finally, once all the frame member design force demands are determined, appropriate wide-
flange sections are chosen to satisfy the requirements of ANSI/AISC 360-10 (2010). For flexural
members, compact sections are selected which meet the criteria shown in Equation [3.32]. For
these sections, only the limit states of yielding and lateral-torsional buckling are considered for
calculating the nominal flexural strength. For compression members, the limit states of flexural
buckling, torsional and flexural-torsional buckling are considered for calculating the nominal

compressive strength, based on their slenderness ratio.

b E h E
~ <038 |— and < <3.76 |— [3.32]
2t; F, "L, F,

Where by: flange width; t: flange thickness; E: modulus of elasticity; FE,: minimum yield

stress of steel; h.: height of web and t,,: web width.
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Chapter 4: Prototype Design and Numerical Modelling

The focus of this chapter is to apply the EEDP methodology as presented in Chapter 3 to two
prototype buildings with CR-CBFs of varying heights to validate the methodology can be
efficiently used to design the CR-CBFs. Section 4.1 briefly summarizes the prototype building
geometry and loading summary. Section 4.2 summarizes the procedure for selection of seismicity
and hazard intensities for the chosen building prototypes. Section 4.3 presents the design
calculations for both the prototypes. Finally, Section 4.4 presents the development and calibration

of numerical models.

4.1 Description of the Prototype Buildings

The prototype buildings being discussed here are adopted from the ATC-76 project (NIST
2010). This model was evaluated using the FEMA P695 (2009) methodology to quantify the
building seismic performance factors. A 3-storey and 6-storey variant of the prototype building
are considered. Figure 4.1 shows the floor plan and the elevation of the considered prototypes.
Only the CR-CBF, which is the SFRS, is presented here. Table 4.1 summarizes the gravity loads
used for the seismic design of the structure. The seismic weight of the roof is 1447 kips and that

of all other floor is 2270 kips per floor.
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Figure 4.1 (a) Floor plan and (b) Elevation of the 3-storey and 6-storey CR-CBF prototypes
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Table 4.1 Gravity loads for CR-CBF prototypes

Category Gravity Load (psf)

Roof Loading

Roofing and Insulation 7
Metal deck and Concrete filling 47
Steel framing and Fireproofing 8
Ceiling 3
Mechanical/Electrical 2
- TtotAL | & |

Floor Loading

Metal deck and Concrete filling 47
Steel framing and Fireproofing 13
Partition walls 20
Ceiling 3
Mechanical/Electrical 2

—  TotaL | & |

This thesis assumes that the CR-CBF is decoupled from the gravity framing surrounding the
SFRS. All the gravity load shall be transferred by a separate gravity system. Details of the gravity
frame design is not presented in this research. Previous research such as the one presented by
Eatherton and Hajjar (2010) can be used. In this configuration, shear plates were installed to

connect the beam to the rocking frame and bending along their weak axis, this allows the transfer
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of shear forces while allowing uninterrupted uplifting motion of the controlled rocking frame. In
another configuration, the shear plates were replaced by yoke with sliders, which also served the
same purpose. Preventing the SFRS from carrying any gravity load also ensured that the impacts

did not excite any vertical modes leading to unwarranted damage of its components.

SHEAR PLATES
TRANSFER SHEAR

COLLECTOR
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BUT ALLOW TWO PARALLEL
VERTICAL MOTION LINES
BLOCK OUTIN
SLABALLOWS
ROCKING FRAME
MOVEMENT

oupHRAGH —S = /ﬂ
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ROLLERS ON BOTH

SIDES IN A YOKE

CONFIGURATION
BLOCK OUT IN =
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ROCKING FRAME s
MOVEMENT a1 <™
L

Figure 4.2 Proposed connections between gravity frame and controlled rocking frame[from Eatherton and

Hajjar (2010)]

4.2 Seismicity and Hazard Selection for the Prototype Site
The prototype buildings are assumed to be located in Berkeley, California, United States. The
proximity of the Hayward Fault to the site makes it a region of high seismicity. Table 4.2

summarizes the parameters used to define the design acceleration spectrum corresponding to DBE
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hazard level according to ASCE/SEI 7-10 (2010). The MCE and SLE hazard level spectra are then
linearly scaled from DBE using scale factors of 1.5 and 0.25, respectively. All the three design
spectra are shown in Figure 4.3. The corresponding probability of exceedance is 2% in 50 years

for MCE, 10% in 50 years for DBE and 70% in 50 years for SLE.

Table 4.2 Parameters to define design acceleration spectrum

Parameter Value

———
Ss, MCE level 5% damped spectral acceleration at short periods | 2.307 g

S1, MCE level 5% damped spectral acceleration at a period of 1 sec | 0.958 g

Soil Class C

Fa, short-period site coefficient 1.0

Fv, long-period site coefficient 1.3
Ty, long-period transition period 8 sec

Sps, DBE level 5% damped spectral acceleration at short periods | 1.538 g

Sp1, DBE level 5% damped spectral acceleration at a period of 1 sec | 0.830 g
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Figure 4.3 Design acceleration spectra for Berkeley, USA

4.3 Prototype Design Summary

This section briefly summarizes the CR-CBF designs that were developed according to the
design methodology discussed in Chapter 3. Detailed calculations for the prototype designs are
presented in the Appendix. As indicated previously, the CR-CBFs are not designed to carry any
gravity load, hence the bay width of the both the prototype frames is reduced to 27 feet in order to
fit between the gravity columns of the building. The storey height of both the prototypes is 15 feet.
For primary SFRS, ED shall comprise of friction dampers installed at column bases on both ends
of the frame. As a part of the secondary SFRS, PT shall be placed along the column lines and
extend over the full height of both the prototypes. Unbonded mono-strand post-tensioning system
are used for the 3-storey prototype, while post-tensioning bars shall be used for the 6-storey
prototype. The properties of the post tensioning system are summarized in Table 4.3, as given by

the manufacturer (DSI 2006).
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3-storey

Table 4.3 Post-tensioning parameters [from DSI (2006)]

Strand

0.0087

28000 ksi 243 ksi

270 ksi

6-storey

Bar

0.004

29700 ksi 120 ksi

150 ksi

43.1 3-Storey Prototype

The 3-storey prototype has a total height of 45 feet and a bay width of 27 feet. Hence, dpy

and dgp are equal to 45 feet and 27 feet, respectively. Table 4.4 shows the parameters required by

EEDP to design this frame. The building has two CR-CBFs in each orthogonal direction. Hence,

the seismic weight W per frame in each direction is 2994 Kips. Figure 4.4 represents the force-

deformation backbone of the system, computed using the parameters of Table 4.4. Figure 4.5

shows the final layout. Detailed calculations are presented in the Appendix A.

Table 4.4 EEDP design parameters for 3-storey prototype

w 2994 Kips Given

Co 1.30 From ASCE/SEI 41-06 (2007)
A, 0.15% User defined

E, 0.3845*W From Figure 4.4

A, 0.90% User defined

T 0.4 sec From Equation [3.12]
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Parameter Value Remark

Ya 1.25 From Figure 3.7
E, 0.5421*W From Equation [3.14]
Vb 1.15 From Figure 3.8
A, 1.83% From Equation [3.16]
25
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Figure 4.4 EEDP force-deformation backbone of 3-storey CR-CBF prototype
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Figure 4.5 Final layout of 3-storey CR-CBF prototype

4.3.2 6-Storey Prototype

The 6-storey prototype has a total height of 90 feet and a bay width of 27 feet. Hence, dpy
and dgp are equal to 90 feet and 27 feet, respectively. Table 4.5 shows the parameters required by
EEDP to design this frame. The building has two CR-CBFs in each orthogonal direction. Hence,
the seismic weight W per frame in each direction is 6400 kips. Figure 4.6 represents the force-
deformation backbone of the system, computed using the parameters of Table 4.5. Figure 4.7
shows the final layout of the prototype with the chosen sections satisfying the requirements of
ANSI/AISC 360-10 (2010), designed using EEDP. Detailed calculations are presented in the

Appendix B.

74



Pseudo-acceleration, Sa (g)

Figure 4.6 EEDP force-deformation backbone of 6-storey CR-CBF prototype

Table 4.5 EEDP design parameters for 6-storey prototype

Parameter | Value Remark
P —
w 6400 Kips Given
Co 1.42 | From ASCE/SEI 41-06 (2007)
A, 0.22% User defined
E, 0.2525*W From Figure 4.4
A, 0.92% User defined
T 0.8 sec From Equation [3.12]
Ya 1.85 From Figure 3.7
E, 0.3872*W From Equation [3.14]
Vb 2.1 From Figure 3.8
A, 1.61% From Equation [3.16]
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Figure 4.7 Final layout of 6-storey CR-CBF prototype

4.4  Numerical Modelling of the Prototypes

This section describes the details of the development and calibration of the finite element
models of the prototypes designed in the previous sections. These models are developed using
OpensSees (2010). In this section, firstly, an overview of the numerical model is presented with the
approach undertaken to simulate each component of the CR-CBF. Subsequently, the time period
of the model is compared against that estimated by the EEDP to ensure comparable structural

stiffness of both the design phase and modelling phase.
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4.4.1 Overview of the Model

Figure 4.8 shows the CR-CBF model with suitable descriptions of the elements modelled
therein. All the wide-flange sections are assumed to be (ASTM A992/ A992M-11 2015) steel
material and are modelled with f,,= 50 ksi. Expected yield strength R, f,,= 55 ksi is used to account
for any possible overstrength factors (ANSI/AISC 341-10 2010). All the beams and columns are
modelled using “elastic beam-column” elements. The brace members are modelled using elastic
“truss” elements. All these members are assumed to be pin-connected. Corotational transformation
is applied to account for large geometric transformation. The PT tendons are modelled as nonlinear
corotational truss elements. The material model for PT strands is based on quasi-static tests
conducted on controlled rocking frames by Eatherton and Hajjar (2010). In these tests, the PT
tendons were observed to attain ultimate stress values at approximately 1% strain. After the
ultimate stress value is reached, the PT tendons start to show loss of strength up to 5% strain, at
which the stress becomes zero. Similarly, the material model for PT bars is based on experimental
testing on DYWIDAG tension coupons by Horan (2002). The average value of ultimate strain and
fracture strain were approximately 0.9% and 7.5% respectively. A “hysteretic”” material with the
parameters from these experimental tests along with those given in Table 4.3 are used to define
the stress-strain backbone. A “steel 02” or “Giuffré-Menegotto-Pinto” (Filippou et al. 1983)
material with a very large yielding stress is implemented in series with the “hysteretic” material to
impart the required prestressing force to the PT system. In addition to this, a “rigid” material with
no load bearing capacity in compression is added in series to the primary PT material, to avoid the
tendons from buckling under compression when the PT yields and loses its pretension
significantly. The friction dampers (ED) are modelled using zero-length elements with a primary

“elastic perfectly plastic” material. It has default modulus of elasticity of that of steel and suitable
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yield strength corresponding to the ED design slip load. The friction dampers do not show any
significant strength deterioration even after repeated hysteretic cycles. However, based on the
assumption in a similar study by Ma (2010b), the friction dampers shall lose all their load-bearing
capacity as soon as RDR exceeds 10% , which also indicates global structural collapse. This RDR
serves as the ultimate limit state for the surrounding gravity system and represents a severe life-
threatening situation requiring immediate evacuation. This loss in strength is steep and may be due
to the damper plates losing complete contact to generate any frictional force. A “minmax’ material
is used to define a maximum allowable strain to the primary material implemented for the ED.
Finally, base connections (bumpers) are modelled using zero-length “gap” elements in vertical and
horizontal direction. Both these elements are modelled by “elastic no-tension” material. High
compression stiffness of 10000 Kip/in. is used for the vertical elements, this value is obtained from
the shake table tests of a controlled rocking frame conducted by Eatherton and Hajjar (2010). The
stiffness of the horizontal elements in compression is 44550 kip/in. which is obtained based on the
stiffness of the shear bumpers (Midorikawa et al., 2006). These elements together simulate the
contact points between the frame and the foundation and are responsible for transferring the base
shear to the frame, while preventing the sliding motion and thus allow unconstrained rocking
motion. All of the seismic mass is lumped at the frame nodes. Rayleigh damping of 5% at the first

two modes are used.
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Figure 4.8 Schematic representation of finite element model of CR-CBF

4.4.2

EEDP and OpenSees model. The results show that the first mode vibration period calculated using

Comparison of Design and Model Time Period

Table 4.6 shows the comparison of the vibration periods of both the prototypes calculated using

EEDP is within 15% of the predicted model. This shows the period prediction as presented in

Equation [3.12] is very robust.

Table 4.6 Comparison of design and model time period

Building

P ——
0.36 1.11

3-storey

EEDP

0.4

Finite Element | Ratio

6-storey

0.8

0.72 1.14
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Chapter 5: Seismic Performance Assessment of CR-CBF

This chapter presents the results of the nonlinear time history analysis using a suite of ground
motions of varying hazard intensities. The goal of this exercise is to confirm that the prototypes
can successfully achieve the set performance targets and thus justify that EEDP can be used
efficiently to design CR-CBF at different shaking intensities. Section 5.1 demonstrates the
procedure of the selection and scaling of ground motions used in this study. Section 5.2 presents
the seismic response of the 3-storey and 6-storey prototypes subjected to these scaled ground
motions. Section 5.3 shows the comparison of the structural response of CR-CBF with that of a

conventional Buckling Restraint Brace Frame (BRBF).

5.1 Selection and Scaling of Ground Motions

The initial step prior to execution of nonlinear dynamic analysis is the appropriate selection and
scaling of the ground motions. This selection depends primarily on the location of the prototype
buildings and the predominant source of earthquake hazard. The prototype building presented in
this study is assumed to be located in Berkeley, California, United States. The seismic hazard at
this site is dominated by the Hayward strike-slip fault which has a potential of generating
magnitude M,,= 7 earthquakes (UCB 2003). To find the appropriate ground motions for the site,
the ground motions records were selected from PEER Strong Motion Database (PEER, 2010) with
magnitude M,, between 6.5 and 7.5, distance to the fault within 10 miles and shear wave velocity
at 30 meters below grade (Vs30) between 1200 ft./sec and 2500 ft./sec (which is classified as
Class C soil in ASCE/SEI 7-10 (2010) ). The ground motions are then amplitude scaled using the

guidelines of ASCE/SEI 7-10 (2010), where the mean of the scaled ground motions are selected
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not to fall below the target spectrum by 10% within the period range of 0.2T — 1.5T. The smaller

value in the period range is defined to accounts for the higher mode effect, while the larger value

is defined to account for period lengthening. To avoid over scaling of the ground motions, the scale

factors are limited between 0.1 and 5. Table 5.1 presents the summary of the ground motions

selected for this study. Figure 5.1 shows the ground motion scaling used for the three selected

hazards for both prototype models.

Table 5.1 List of ground motions with their scaling factors

Scale factor

Scale factor

G.M. Name Year | Magnitude | NGA# | Station (3-storey) (6-storey)
SLE | DBE | MCE | SLE | DBE | MCE
Friuli, Italy 1976 6.5 125 Tolmezzo 0.2 1.0 1.4 0.5 1.8 2.7
Gazli, USSR 1976 6.8 126 Karakyr 0.5 2.1 3.2 0.3 1.2 1.8
Tabas, Iran 1978 7.35 139 Dayhook 0.4 1.7 2.6 0.5 2.1 3.1
. Coyote
Morgan Hill 1984 6.19 451 Lake Dam 04 1.7 2.6 0.2 1.0 14
Morgan Hill | 1985 |  6.19 459 | Cilroy 05 | 19 | 29 | 05 | 20 | 30
: Array : : : : : :
Nahanna, Canada | 1985 6.76 495 Site 1 0.3 1.3 1.9 0.4 1.7 2.5
Nahanna, Canada | 1989 6.76 496 Site 2 0.5 1.9 2.8 0.6 2.5 3.8
Loma Prieta 1989 6.93 741 BRAN 0.4 1.7 2.6 0.3 1.1 1.7
Loma Prieta 1989 6.93 753 Corralitos 0.4 1.8 2.7 0.3 1.2 1.8
. Saratoga-
Loma Prieta 1992 6.93 802 Aloha Ave 0.3 1.0 1.5 0.6 2.3 3.5
. Cape
Cape Mendocino | 1992 7.01 825 Mendocino 0.6 24 3.6 0.2 0.9 1.3
Landers 1992 7.28 879 Lucerne 0.3 1.4 2.1 0.6 2.3 3.5
Northridge 1994 6.69 1013 LA Dam 0.6 2.6 3.9 0.4 1.6 2.3
Nishi-

Kobe, Japan 1995 6.9 1111 Akashi 0.2 1.0 1.5 0.6 2.4 3.6
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Sepulveda
Northridge 1994 6.69 1004 VA 0.3 1.1 1.7 0.3 1.0 15
Hospital
Northridge 1994 6.69 989 LA Dam 0.5 2.2 3.3 0.5 2.2 3.3
Chi-Chi, Taiwan | 1999 7.62 1182 CHY006 0.2 0.7 1.1 0.4 1.6 2.5
: Jensen
Northridge 1994 6.5 983 Filter Plant 0.4 1.7 25 0.4 1.6 2.3
Chi-Chi, Taiwan | 1999 7.62 1512 TCUO78 0.4 1.6 24 0.5 2.0 3.0
Hector Mine 1999 7.13 1787 Hector 0.7 2.9 4.3 0.5 2.1 3.1
; T tO 1 57,: < Individual spectrn U 11 IO bl= — Individual specirm '1 :O ’)T to 1 57; - Wndividual spectnn

0.2 0.4

02 0.4

X 0.6 0.6
Period [sec] Period [sec] Period [sec]
(i) Scaled to MCE (ii) Scaled to DBE (iii) Scaled to SLE
(@)

= e e 4.5 1.4 Cryrmn e ey
: = Target spectrum = Targel spectrum w— Target spectrum
H == Mean spectrum 4 n H == Mean spectrum 12 == Mean spectrum
H Individual spectn ‘: T t 1 87 Individual spectry ) - Individual spectn

02rto15r " s 02T O LST | Q2T o 157 =
3

525
& o 0.6
150
04
o/
& —— 05 A — 02
] L i :
o 02 04 06 08 1 12 14 16 I % 62 04 06 08 1 12 11 16 1 %02 04 06 o8 1 12 14 16 1
Period [sec] Period [sec] Period [sec]
(i) Scaled to MCE (ii) Scaled to DBE (iii) Scaled to SLE
(b)

Figure 5.1 Response spectra of scaled ground motions for (a) 3-storey and (b) 6-storey prototype
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5.2 Seismic Response of 3-storey and 6-storey Prototype Buildings

This section discusses the results of the nonlinear time-history analyses of the 3-storey and 6-
storey prototype buildings, using the scaled ground motions presented in Table 5.1. Section 5.2.1,
shows the plots of the peak forces in the yielding components. Section 5.2.2 evaluates the ability
of EEDP to design prototype buildings to achieve the desired structural response. Section 5.2.3

investigates the residual displacements of the prototype buildings designed using EEDP.

5.2.1 Peak Forces inthe ED and PT

Figures 5.2a and 5.2b show the median peak forces in both the yielding components (PT and
ED) normalized by their respective design yield force. The results show that at the SLE hazard
intensity, both the PT and ED are far below yielding. In fact, the peak PT force is at the intial pre-
stressed force. This shows that these elements still behave elastically. This confirms that both
prototype models are able to achieve the 10 target performance as intended. For the DBE hazard
intensity, PT for both models are precluded from yielding, while the ED reached the peak design
force. This shows that both the prototypes are able to achieve the LS performance target. Lastly,
for the MCE hazard intensity, both the PT and ED reached to its design yielding forces. It should
be noted that PT and ED is assumed to keep its strength after yielding, in other words, do not show
any strength deterioration/failure. Hence, the CR-CBF can achieve the CP performance level.
Another important consideration for rocking frames is the phenomenon of Global Uplift, wherein
the downward force in the PT (following loss of prestress due to yielding) is no longer able to
overcome the upward force in the ED. This phenomenon leads to complete uplift of the frame and
rotation about the ED without any action of PT. However, it is seldom seen in CR-CBFs, since the

ED is placed at both corners of the frame, which prevents the occurrence of this phenomenon.
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Figure 5.2 Normalized median forces in (PT) and (ED) due to various seismic hazard intensities

5.2.2 Peak Displacements

In this section, the peak displacements in the 3-storey and 6-storey prototype buildings are
investigated and compared with the displacement targets chosen at the onset of the EEDP
procedure. Figures 5.3, 5.4 and 5.5 show the peak displacements, normalized by the building
height, for both the prototypes under SLE, DBE and MCE seismic hazard intensities, respectively.
Figure 5.6 shows the medians of peak interstorey drift ratios (ISDR), for both the prototypes under
all the three seismic hazard intensities. It also shows the medians of peak base rotation under
different seismic hazard intensities by vertical lines at the base. The peak displacement envelopes
have an approximately linear profile, which reaffirms that the seismic response of these systems
is dominated by the rigid-body rocking motion. As evident in Figure 5.6, the lateral stiffness of
the frames also contributes to these displacements making them slightly greater than their

corresponding base-rocking displacements.
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Figure 5.6 Peak median ISDR and base rotation in (a) 3-storey and (b) 6-storey prototype under all three

seismic hazard intensities

Figure 5.7 shows the comparison of the median RDRs obtained from the time history analysis
and compared against the target RDRs initially selected. At the SLE hazard level, the median roof
drift ratios of the 3- and 6-storey prototypes are approximately 0.15% and 0.22%, respectively.
These values are very close to the targets (A,). At the DBE hazard level, the median roof drift
ratios are about 0.83% and 0.74% for the 3- and 6-storey prototypes, respectively. Finally, at the
MCE hazard level, the median roof drift ratios are about 1.50% and 1.23% for the 3- and 6-storey
prototypes, respectively. These values are lesser than the targets (Ap) and (4,), shown in Figure

5.7, to indicate that the CR-CBFs designed by EEDP have conservative displacements.
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Figure 5.7 Comparison of median and target roof drift ratios of (a) 3-storey and (b) 6-storey prototype under

various seismic hazard intensities

5.2.3 Residual Displacements

CR-CBFs are resilient SFRSs which are designed to have minimal residual deformation. Figure
5.8 shows the interstorey residual drift ratios (IRDRs) of the 3-storey and 6-storey prototype
buildings at MCE hazard level. Referring to the previous research by McCormick et al. (2008), the
value of permissible residual drift ratio is assumed to be 0.5%. The maximum median IRDR for
the 3-storey prototype is observed at the roof with a value of 0.02%. Although two ground motions
elicit IRDRs greater than the permissible limits for the 6-storey prototype, the median IRDRs are
still safely within the permissible limit. The maximum median IRDR for the 6-storey prototype
occurs at the fifth storey, with a value of 0.07%. These residual displacements can be easily
removed by replacing the yielding components of the CR-CBF system, thereby expediting the

post-earthquake re-occupation of the building, without affecting its functionality.
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5.3 Comparison of Seismic Performance of CR-CBF with BRBF

To promote the application of CR-CBF in areas of high seismic activities, the seismic response
of these systems is compared with a BRBF. Section 5.3.1 summarizes the BRBF prototype
geometry and design strategy. Section 5.3.2 presents the comparative results of nonlinear dynamic

analyses,

5.3.1 Description of BRBF Prototype Geometry and Design

The BRBF prototypes considered in this study have a conventional chevron-braced
concentrically braced configuration. For direct comparison, the geometric detailing of the BRBFs,
such as storey height, bay width, seismic weight, etc., are assumed to be exactly the same as the
CR-CBFs. Just like the CR-CBFs, both the three and six-storey BRBFs are assumed to be located
in Berkeley, California. Hence, the hazards chosen for the analysis and design of these systems are
also the same and can be obtained from Section 4.2. The seismic design procedure adopted for the
BRBF prototypes is based on the conventional building code ASCE/SEI 7-10 (2010). Figure 5.9

shows the final design layout of the 3-storey and 6-storey BRBF prototypes. The BRBs are shown
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Figure 5.9 Final design layout of 3-storey and 6-storey BRBF prototypes

5.3.2  Seismic Response of Systems
The numerical models of the BRBF prototypes are generated using the same modeling approach
as the CR-CBFs, as described in Section 4.4. The model time periods of both the 3-storey and 6-
storey prototypes are very close to the design time periods of the CR-CBFs, i.e. 0.4 sec for 3-storey
and 0.8 sec for 6-storey. Hence, the seismic response of these models are evaluated using nonlinear

dynamic analyses using the same suite of ground motions, given in Table 5.1. The following
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sections present the results of the analyses for the BRBF prototypes and compare them with the

corresponding structural response parameters of the CR-CBFs.

5.3.2.1 Peak Displacements

Similar to the CR-CBFs, the peak floor displacements of the BRBF prototypes are normalized
by their respective building heights. Figure 5.9 shows the median values of the normalized peak
floor displacements for ground motions presented in Table 5.1. The result shows that the median
peak displacements in the 6-storey BRBF (Figure 5.10) are quite comparable to the median peak
displacements of its CR-CBF (Figures 5.3, 5.4 and 5.5). But the median peak displacements in the
3-storey BRBF are slightly lower than its CR-CBF counterpart, particularly for DBE and MCE
hazard intensities. However, major part of the displacements in CR-CBFs is due to rigid body
rocking motion and not due to lateral deformations in the frame. In other words, the seismic
response of CR-CBFs is due to geometric nonlinearity and not due to material nonlinearity. Hence,
these greater displacements do not directly translate into any major structural damage in these
systems. In fact, as already stated, one of the key advantages of using CR-CBFs is to preclude
yielding and damage to the frame members at all seismic hazard intensities. On the other hand,
both the BRBF prototypes exhibit significant yielding of the frame members. This would result in

greater repair costs and downtime which adversely affect the building performance.
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Figure 5.10 Median of peak displacements in (a) 3-storey and (b) 6-storey BRBF prototypes under all three

seismic hazard intensities

5.3.2.2 Peak Accelerations

The analysis of peak floor accelerations reveals the performance of non-structural performance
and the estimation of diaphragm loads for design of collector beams for SFRSs. Figure 5.11 shows
the comparison of median values of the peak floor accelerations between CR-CBF and BRBF
prototypes, for all the 20 ground motions corresponding to each hazard intensity. In the case of 3-
storey prototypes, the median peak floor acceleration of the BRBF system is generally higher
(approximately 40% higher at the top storey) than that of the corresponding CR-CBF system. On
the other hand, in the case of 6-storey prototypes, the variability of median peak floor accelerations
across the height for both the systems is inconsistent. The observed trend is that the accelerations
at the bottom three storeys of the CR-CBF prototype are higher than that of the BRBF prototype
and vice-versa for the top three storeys. From these results, it is rather tough to establish a
generalized conclusion about the comparison of floor accelerations in both the systems. More
prototype designs of varying heights and configurations need to be considered for better

understanding of this aspect.
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Figure 5.11 Comparison of median of peak floor accelerations in (a) 3-storey and (b) 6-storey CR-CBF and

BRBF prototypes under all three seismic hazard intensities

5.3.2.3 Residual Displacements

The evaluation of residual displacements in the structure reveals the extent of damage
accumulation through vyielding of structural components. Figure 5.12 shows the comparison
between median IRDRs of the 3-storey and 6-storey CR-CBF and BRBF prototype buildings at
MCE hazard level. Around the mid-height of the structures, the 3-storey BRBF prototype shows
IRDR as high as 0.39%, while the 6-storey BRBF prototype shows a maximum of 0.31%. These
values are considerably higher than the IRDRs in CR-CBFs. Although within the maximum
permissible limit of 0.5%, the significant amount of residual displacements in these buildings
heavily compromise the safety of occupants and the structural functionality of the buildings.
Hence, BRBFs are highly vulnerable to damage and accumulation of residual displacements,

which may require hefty repair works after a strong earthquake.
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Chapter 6: Collapse Margin of Safety Assessment of CR-CBF

In this chapter, the collapse margin of safety for CR-CBF system is assessed using the FEMA
P695 (2009) procedure. The goal of this exercise is to ascertain that the system retains sufficient
margin of safety against collapse under the MCE hazard level. Section 6.1 briefly discusses the
FEMA P695 (2009) methodology which includes the various steps to be undertaken for
comprehensive collapse margin of safety against collapse. Section 6.2 presents the results of the

collapse safety assessment for the 3-storey and 6-storey CR-CBF prototypes.

6.1 Overview of Collapse Safety Assessment Methodology

The Applied Technology Council (ATC), under the direction of Federal Emergency
Management Agency (FEMA), developed the FEMA P695 (2009) procedure. The primary
objective of this methodology is to reliably quantify the global seismic performance factors
(response modification coefficient, R, system overstrength factor, Q, and deflection amplification
factor, C;) to be used in the seismic design of structures, resulting in a very low probability of
collapse under severe (MCE) ground motions.

According to the methodology, the collapse margin of safety assessment of a structural system
comprises of six major tasks as shown in Figure 6.1. They are:
(i) Develop system concept: The procedure calls for a thoroughly defined concept for the SFRS,

including the material of construction, mechanisms of inelastic energy dissipation, system

configuration and intended range of applications.
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(it) Design provisions and structural behavior: The procedure initiates by gathering all the
relevant seismic design provisions that were employed in the design and detail of the SFRS
and its components. These may include seismic provisions of ASCE/SEI 7-10 (2010) or other
applicable building codes. The design requirements also include system test data, including
information on material properties, nonlinear responses and force-deformation backbones. The
structural system behavior is characterized through the use of “archetypes”. These structural
archetypes only include limited yet vital parameters and configurations of the SFRS, whose
performance directly reflects the collapse risk of the system. They may include building height,
fundamental period, framing bay widths, connection detailing, hazard intensity, etc. These are
classified into separate performance-groups, which sufficiently represent the possible

variations in system behavior within the structural archetype.

(iii) Develop nonlinear models: The structural archetypes define a range of intended structural
applications and behavioral modes. Corresponding nonlinear numerical models are generated
which include all possible strength deterioration mechanisms that could lead to collapse. The
nonlinear models of the components should be calibrated using material test data to verify its
ability to simulate the expected nonlinear behavior. The numerical models should be able to

simulate all significant number of collapse modes possible in the structure.

(iv) Assess collapse performance: Collapse safety assessment is performed by implementing both
nonlinear static (pushover) and nonlinear dynamic (time history) analyses. The pushover
analysis is used to statistically estimate the seismic performance factors as shown in Figure

6.2. The vertical axis represents 5% damped spectral acceleration values and the horizontal
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axis represents the corresponding spectral displacement values for various fundamental
periods. As shown in the figure, the FEMA P695 methodology defines these performance
factors by relating them with MCE hazard spectra. Response modification coefficient, R, is
defined as the ratio of spectral acceleration that would be developed in an equivalent linearly
elastic system for DBE hazard intensity, to the design spectral acceleration. This can be related
to the MCE spectral acceleration, S, and seismic response coefficient, C; as represented by
Equation [6.1]. The factor 1.5 in the Equation is consistent with the ASCE/SEI 7-10 guidelines,
where DBE hazard intensity is two-thirds of MCE hazard intensity.

S
R = MT
1.5 % C,

[6.1]

The overstrength parameter, €, is defined as the ratio of the maximum strength of the yielded

system, S,,,4x, t0 the design spectral acceleration or the seismic response coefficient, Cs.

S
() = 2max [6.2]

Deflection amplification factor, C,, is defined as the ratio of DBE spectral displacement of
the yielded system to the spectral displacement of the linearly elastic system corresponding to
design seismic coefficient, Cs. C; can be related to MCE spectral displacement of the linearly
elastic system, SD,,r, and MCE spectral displacement of the yielding system using equal

displacement rule, as given by:

= 6.3
1.5xcd><1.5xR SDyr [6.3]
or Cd =R [64]

Nonlinear dynamic analysis is performed on the archetypes using a pre-defined suite of
ground motions to evaluate the median collapse capacity of each archetype. Using this value, a
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collapse fragility curve is generated which relates probability of collapse to spectral

acceleration.

(v) Evaluate collapse margin: For nonlinear collapse simulations, the methodology defines
collapse level ground motions as the intensity at which at least half of the ground motions
cause structural collapse, either through a sideway collapse mechanism or exceeding any
critical limit state. As shown in Figure 6.2, the system collapse safety margin, or the collapse
margin ratio (CMR) is defined as the ratio of the median spectral acceleration of the collapse
intensity, Sc;  (or corresponding spectral displacement, SD-;), to the MCE spectral
acceleration, Sy, (or corresponding spectral displacement, SD,,;), at the fundamental period
of the SFRS.

Ser _ SD
CMR =" =—=
SMT SDMT

[6.5]

An adjusted collapse margin ratio (ACMR) is then calculated to account for the influence of
spectral shape, using spectral shape factor (SSF), given by:
ACMR = SSF x CMR [6.6]
To ensure the probability of collapse at Sy, is less than 10%, the value of ACMR needs to
exceed a threshold value, ACMR; . This threshold value is determined by taking into account
different sources of uncertainties like ground motion record-to-record, design requirements,

test data and modeling technique.

(vi) Documentation and Peer review: The results of each of the steps in the process need to be

thoroughly documented for the review and approval by an independent panel of peer reviewers.
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Documentation should be comprehensive and include all the details of seismic design rules,
range of applicability of the system, selection of structural system archetypes, results of
performance evaluation and so on. Consultation with a team of experts for peer review is an
indispensable part of the process at every step. The peer reviewers are responsible for assessing
and commenting on the approach taken by the structural development team regarding quality
of test data, development of system archetypes, nonlinear analysis strategy and the final

selection of seismic performance factors.

R

—'l Establish Design Provisions I——l Characterize Structural Behavior |

| Develop Archetype Models I

Assess Collapse Performance Metric of Archetype Models

PEER REVIEW

Evaluate Collapse
Margin

| System Passes Assessment |

Figure 6.1 FEMA P695 (ATC 63) collapse safety assessment procedure (after Deierlein et al. (2008))
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Figure 6.2 Seismic performance factors (from FEMA P695 (2009))

6.2 Evaluation of Collapse Safety for CR-CBF Prototypes

In this thesis, only the key aspects of the FEMA P695 (2009) methodology are implemented.
Steps (i), (ii), (iv) and (v) are implemented fully. However, the system archetypes developed here
constitute only a subset of the different archetypes required in step (iii). More archetypes and
performance groups are needed for a comprehensive representation of system behavior. Step (vi)
is out of scope for this study and is not implemented here. Despite lacking these steps, the limited
version of the methodology implemented in this study suffices the purpose of investigating the
system collapse safety performance.

The possible modes of structural collapse in a CR-CBF are: (i) Overturning of the rocking frame
due to fracture of the designated yielding components, i.e. PT and ED; (ii) Excessive yielding or
fracture of any other CBF member; (iii) Failure of bumpers at the base leading to failure at the

rocking base; (iv) Failure of collector beams and subsequent failure of the gravity system
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components attached to the SFRS. Firstly, the analysis of gravity system is out of scope of this
study, and secondly, the study explicitly assumes the preclusion of damage or failure of the CBF
members and base connections. As already assumed in Section 4.4, the criterion for structural
collapse is assumed to be 10% RDR for both the prototypes. Hence, the collapse of CR-CBF is
assumed exclusively to be due to mode (i) as soon as the RDR exceeds 10%. This assumption
simplifies the modeling procedure but can be subjected to further verification to ascertain its
general validity. The collapse analysis of CR-CBF requires almost identical numerical models as
explained in Section 4.4. Since the yielding of frame members is precluded from this study, their
material model shall remain elastic. Only the material models for PT and ED need to include the
effects of strength degradation and subsequent fracture.

As explained in Section 6.1, the first step in the collapse-safety evaluation is to perform
nonlinear static analysis using the numerical model. Figure 6.3 shows the pushover curve
generated for both the 3-storey and 6-storey CR-CBF prototypes. According to FEMA P695
(2009), the period-based ductility, ur, is defined as the ratio of RDR,, and RDR,,, which is 12 for
the 3-storey prototype and 13 for 6-storey prototype. For both the prototypes, it can be clearly seen
that both PT and ED do not yield prior to the performance objectives selected during the EEDP
design phase as listed in Tables 4.4 and 4.5. In other words, EEDP designed CR-CBF prototypes

practically achieve the stipulated performance objectives.
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Figure 6.3 Pushover curves for (a) 3-storey and (b) 6-storey CR-CBF prototypes

The second step of the procedure is to perform incremental dynamic analysis (IDA)
(Vamvatsikos and Cornell 2002). Two suites of ground motions are selected from PEER (2010);
far-field and near-field as defined by FEMA P695 (2009). The methodology doesn’t require the
inclusion of near-field ground motion records for the collapse assessment. However, considering
the high seismic risk for the prototype site in Berkeley, California, this study also considers the
near-field ground motions for collapse assessment. The far-field suite includes twenty-two
component pairs of horizontal ground motions from sites that are greater than or equal to 10 km
from fault rupture. In this study, they are from twelve different earthquakes and are listed in Table
6.1. The near-field suite includes twenty-eight component pairs of horizontal ground motions from
sites that are less than 10 km from fault rupture. In this study, they are six different ground motions
and are listed in Table 6.2. Earthquakes of all fault types and pulse are considered. Only large-
magnitude events greater than 6.0 are included in the record suites. To perform IDA, all these
records shall be amplitude-scaled to match the MCE hazard intensity, using the procedure
described in Section 5.1. During IDA, the records are scaled as a suite such that their median
increases incrementally from 2% to 600% of the MCE intensity. For the 3-storey and 6-storey CR-

CBF prototypes, the IDA curves of the individual ground motions as well the median IDA curve
103



of all the motions is given in Figure 6.4. RDR is selected as the demand measure (DM), and the
ordinate is median spectral acceleration at the structural fundamental period as the ground motion
intensity measure (IM). As stated already, the displacement criterion for structural collapse during
IDA is assumed to be 10% RDR. Another important consideration during IDA is ignoring the
apparent structural resurrection at a higher seismic intensity after already showing collapse at a
previously lower seismic intensity. Hence to conservatively estimate the lowest IM triggering
structural collapse, the portion of IDA curve above the first flatline is ignored (Vamvatsikos and

Cornell 2002).

Table 6.1 List of Far-Field ground motions (FEMA P695 2009)

NSr'n'\g.er NGa'\n/1|e Year | Magnitude | NGA# Record
—————————————————————————————————————————————
s Femanco | 1971|681 | ST —enyonmn
| e Tuero| o | 100 | mevALRE L
| 0| om | e | AT
| e | L] 860 | 33 —ComicorT
10 prow | 1999] 6% | 785 | ooy
L Landers 1002|725 | aos | ANDERS JOSO0
5 | Lancers 1002 | 728 | ser | LANDERS Mvos
ST 0| 7e2 | e | CHCMLGRYION
5 Tawen | 999|792 | 1198 —Gciivo
O T | 7e0 | v | SHISHLTCO
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G.M. G.M. :
Number Name Year | Magnitude | NGA# Record
P ———m—mm———————_
23 Chi-Chi, CHICHI_TCU106 E
24 Taiwan 1999 7.62 1533 CHICHI_TCU106 N
25 Chi-Chi, CHICHI _TCU116 E
26 Taiwan 1999 7.62 1541 CHICHI _TCU116 N
27 Manyjil, MANJIL_ABBAR_L
28 Iran 1990 731 1633 MANJIL ABBAR T
29 Cape CAPEMEND LFS270
30 Mendocino 1992 701 3750 CAPEMEND LFS360
31 Chuetsu- CHUETSU_ 65004EW
32| oki, Japan | 2007 | 880 | 484l enETSU 65004NS
33 Chuetsu- CHUETSU_65006EW
34 | oki,Japan | 2907 | 680 | 4843 I ETSU 65006NS
35 Chuetsu- CHUETSU_65013EW
36 oki, Japan 2007 6.80 4850 CHUETSU 65013NS
37 Iwate, IWATE_MYGO05EW
38 Japan 2008 6.90 5664 IWATE_MYGO05NS
39 Iwate, IWATE_54026EW
40 Japan 2008 6.90 5783 IWATE_54026NS
41 Iwate, IWATE_55461EW
42 Japan 2008 6.90 5806 IWATE_55461NS
43 Darfield, DARFIELD SPFSN17E
44 New 2010 7.00 6971 DARFIELD SPESN73W
Zealand -
Table 6.2 List of Near-Field ground motions (FEMA P695 2009)
G.M. :
N G.M. Name | Year | Magnitude | NGA# Record
umber

ITALY A BAG000

% Irpinia, Italy | 1980 6.90 285 ITALY A _BAG270
4 Mendbno | 1992|701 | 828\ —Caoenn-peTosn
G T 7o | mm | CHCHLGHOIN
e aan | 1999|762 | 1198 i Ciivos
10 Tawen | 1999|762 | 1489 G or o
L gon [ | 7w | o | OHOHTCUn
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NSﬁql\gér G.M. Name | Year | Magnitude | NGA# Record

HATIL1121 o O B B I e —
T | Tawen (1999|762 | 1483 —CRcni-raaea
T | Tawan (1999|762 | 144 —CRcn-rER
O e | Cim
SO e S
SO e e S
e e e ea | gl
O | e e i
SO e || Gl
L e e e Sl
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T s a0 | | SRS s
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54 IWATE_IWTH24NS
55 IWATE_44B71EW
56 Iwate, Japan | 2008 6.90 5813 IWATE_44B71NS
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Figure 6.4 IDA curves for (a) 3-storey and (b) 6-storey CR-CBF prototypes

The third step of the FEMA P695 (2009) methodology requires the construction of collapse
fragility curve from the IDA results. The collapse fragility curve represents the conditional
probability of exceeding the collapse RDR limit state (10% for CR-CBF) for a given IM. The plot
employs the curve fitting technique proposed by Ibarra and Krawinkler (2005). For each IDA curve
shown in Figure 6.4, the spectral acceleration at collapse is obtained. Then the mean and standard

deviation of the acceleration data are lognormally distributed to construct a collapse fragility curve

as shown in Figure 6.5.
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Figure 6.5 Collapse fragility curves for (a) 3-storey and (b) 6-storey CR-CBF prototypes

The final step of the FEMA P695 (2009) methodology is to determine whether ACMR of the
CR-CBF prototypes is greater than the threshold limit ACMR; . Firstly, the value of Sy for the
3-storey and 6-storey prototypes can be read off from collapse fragility curves given in Figure 6.5.
Hence, S, is 5.56g and 5.11g for 3-storey and 6-storey prototype, respectively. At the CR-CBF
prototype fundamental period T (0.4 sec for 3-storey and 0.8 sec for 6-storey), Sy, is determined
as 2.31g and 1.56q for the 3-storey and 6-storey prototype, respectively (ASCE/SEI 7-10 2010).
Using Equation [6.5], the value of CMR is calculated to be 2.41 and 3.27 for the 3-storey and 6-
storey prototype, respectively. Next, SSF for the CR-CBF prototypes is determined using T and u
from Table 7-1b (FEMA P695 2009), which is 1.33 and 1.41 for 3-storey and 6-storey prototypes,
respectively. Then, ACMR is calculated using Equation [6.6] and is 3.20 and 4.61 for 3-storey and
6-storey prototypes, respectively.

In order to determine the acceptable values of ACMR for 10% probability of collapse
or ACMR,, the total system collapse uncertainty, Sror, Of the CR-CBF prototypes is required.

Equation [6.7] is used to calculate B using uncertainty due to record-to-record variability in
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ground motions (Brrr), quality ratings of design requirement (Bpr), test data (Brp) and numerical

model (BypL)-

Bror = \/.BRTRZ + Bor” + Brp” + Bupt” [6.6]
Hence, Bror is computed to be 0.726 for both the CR-CBF prototypes; where Szrr=0.40 for ur
greater than 3; Spr = Brp = Bupi= 0.35 for fair quality rating to be conservative (FEMA P695
2009). Using the value of Sror, the accepted values of ACMR for 10% probability of
collapse, ACMR; o, is determined as 2.53 for both the prototypes (FEMA P695 2009). Since the
calculated values of ACMR are greater than the corresponding values of ACMR;q,, the CR-CBF

is proven to have an acceptable collapse performance.
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Chapter 7: Conclusion

This chapter summarizes the results, findings and potential areas for further research. Section
7.1 presents an overall summary of all the preceding chapters of this thesis. The methodology used,
results of numerical analyses and keys findings in the evaluation of the seismic performance of
CR-CBFs are also presented here. Based on this improved knowledge of CR-CBFs, Section 7.2

explores certain areas which would require further research.

7.1 Summary

Current code-based conventional SRFSs are designed to dissipate the earthquake energy
through inelastic deformation which have proven to be inefficient and expensive to repair. With
the advent of performance-based earthquake engineering, higher performance targets are being
pursued to ensure improved performance and greater seismic resilience. This calls for novel
seismic resilient structures. In this thesis, one such resilient structural system called CR-CBF is
explored. To promote the use of such high performance systems, the robust and efficient EEDP
methodology is employed to facilitate the design of this system. Unlike existing design
methodologies, EEDP doesn’t require the estimation of force-modification factors. EEDP is
formulated to achieve multiple performance objectives at different hazard intensities. More
importantly, it allows designers to size a structure that achieves the desired seismic performance
without iterations.

In order to validate that the EEDP can be used to efficiently design CR-CBFs, two prototype
office buildings were designs. Robust numerical models were built to simulate the physical

response of these prototypes. Seismic performance of these models were analysed using nonlinear
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dynamic analysis and the results show that the prototypes meet the performance targets selected.
All the damage was concentrated in the yielding components, while the remaining components are
protected. The median peak displacements in the structure were within the selected targets. To
verify that these systems do not retain significant residual deformations, the structural response at
the end of MCE ground motions was examined. The IRDR for both the prototypes was well within
the maximum permissible limit. To further demonstrate the advantages of the using CR-CBFs,
their seismic performance was compared with that of conventional code-based BRBF design.
Nonlinear dynamic analysis of the BRBFs revealed extensive yielding of critical frame members
and higher residual deformations in them, which can lead to hefty repair costs and considerable
downtime.

Finally, to demonstrate that CR-CBFs have adequate collapse safety against earthquakes
equivalent to the conventional SFRSs, FEMA P695 (2009) methodology is implemented. Both the
prototypes show adequate margin of safety against collapse and further bolster confidence in these

systems.

7.2 Future Research Needs

During the course of this thesis, several intriguing research questions were identified which
would require further investigation. This would surely reinforce confidence in CR-CBFs which
show great promise in mitigating socio-economic losses associated with structural damage due to
earthquakes. These topics for future research are thus summarized here.
(i)  This thesis focused on using only friction dampers as ED. However, several other devices

such as self-centering braces, viscous dampers, metallic yielding dampers, etc. can be
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(i)

(iii)

(iv)

(v)

considered as alternative energy dissipating elements. This entails additional laboratory

testing of these elements subjected to asymmetric rocking motion.

Alternative configurations of CR-CBFs with different locations of PT and ED can be studied.
A parametric study could reveal the most economical configuration for a particular building

height being considered.

More prototype designs for buildings greater than 6 storeys need to be undertaken to validate
the efficiency of EEDP in their design. Since rocking systems are influenced by higher mode
effects, it needs to be verified that EEDP designed prototypes fulfil the requirement of

keeping the frame members elastic while meeting the other performance objectives.

The next step in designing such systems could be to allow controlled yielding of frame
members and investigating its influence on the overall structural performance. The steel
members have inherent ductility which could be utilized to increase the deformation capacity
of the structure. However, structural residual deformations need to be examined closely to

ensure they doesn’t hamper the building functionality.

Further analytical and experimental study is required to determine the potential connections

between the gravity system and CR-CBF to transfer the seismic forces as assumed in this

thesis.
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(vi) Financial loss analysis and life-cycle cost analysis for these systems can be beneficial to
understand the financial impact of different hazard levels on the structural system. It can also

cater to structural engineers and owners to make crucial risk management decisions.

(vii) While comparing CR-CBFs to BRBFs, certain specific structural performance parameters
like peak displacements, peak accelerations and residual displacements have been discussed
in this thesis. However, in order to compare the overall benefits and cost effectiveness, other
key parameters that could be explored are material usage, initial and life-cycle costs, level

of knowledge and expertise required for design and construction, etc.
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Appendices

Appendix A Design Calculations for 3-Storey Prototype

This section of the Appendix shows the detailed calculations of the EEDP design of 3-storey
prototype discussed in Chapter- 4. The floor plan, elevations and the loading conditions for the
building have been given in Chapter- 4. As already discussed, the CR-CBF is a SFRS which is
responsible for resisting only the lateral inertial loads due to earthquakes. Hence, the CR-CBF
shall be connected to the gravity framing surrounding it in such a way that the gravity load is not
transferred to it. This requires reducing the bay width of the CR-CBF to 27 feet (324 inches), so
that it fits between the gravity columns. The primary SFRS or ED consists of friction device
installed at both the column bases. The secondary SFRS or PT consists of unbonded mono-strand
PT system. The EEDP design procedure of the 3-storey prototype CR-CBF consists of the

following steps.

A.1  Select Performance Objectives under different Seismic Hazard Intensities

In Section 4.2, the different seismic hazards (MCE, DBE and SLE) and their corresponding
spectral acceleration spectra have been computed using ASCE/SEI 7-10 (2010), assuming the
location of the prototype to be Berkeley, California and Soil Class ‘C’. Different performance
levels based on displacement-based limit states have been assumed in Section 3.2, corresponding

to each seismic hazard intensity.
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A.2  Select Yielding RDR A, to Compute F, and T

For the 3-storey prototype, the yielding roof drift ratio A,, is chosen to be 0.15%. Using this
value and the SLE hazard as shown in Figure 4.4, the value of yielding base shear F, is computed
to be 0.3845 W, where W is the tributary seismic weight of the prototype (equal to 2994 kips).
The fundamental time period T of the structure is computed using Equation [3.12] and is equal

to 0.4 sec. The value of C, is estimated to be equal to 1.3 (ASCE/SEI 41-06 2007).

A3  Select Plastic RDR A, to Compute y, and F,

A value of 0.9% is chosen to represent the plastic RDR, A, that defines the second yielding

point. For T = 0.4 sec and u,, = AP/A = 6, the appropriate plot from Figure 3.7 is referred for
y

the value of the energy modification factor y,,. Hence, y, is equal to 1.25. In Equation [3.13], the
value of AEg;and AEy,,, are computed as 7022.3 kip.in and 5617.8 kip. in, respectively. Thus,

substituting the known values of y,, AEg, A, H, A, and F, in Equation [3.14], the value of

ultimate base shear F, is computed and is equal to 0.5421 W.

A.4  Calculate y;, and Ultimate RDR A,

The final step to completely define the trilinear force-deformation backbone is the estimation
of y, and A,. For the value of the energy modification factor y,,, the appropriate plot from Figure
3.8 is referred, using the known values of T and p,,. Hence, this value is equal to 1.15. In Equation
[3.15], the value of AEp, and AEy,, are computed as9373.3 kip.in and 8150.7 kip.in,

respectively. Thus, substituting the known values of y,,, AEg,, A,, H and V, in Equation [3.16],
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the value of ultimate RDR A,, is computed and is equal to 1.83%. At the end of this exercise, the
final trilinear force-deformation backbone of the prototype is completely defined and is shown in

Figure 4.4.

A5 Distribute Design Base Shears between Primary and Secondary SFRSs
The structural design process starts with the distribution of the system strength into the primary

and secondary sub-systems. From Equations [3.18-3.20], the values of Fgp, Fpro and Fpr,, are

calculated as 0.32 W, 0.32 W and 0.58 W respectively.

A.6  Select Yielding Mechanisms and Design Structural Members

This step deals with the design of yielding and non-yielding structural components of CR-CBF.
Firstly, the required strength of the yielding components (ED and PT) are determined by
establishing energy equilibrium using the appropriate mechanism. Based on the vertical
distribution of base shear given by Equation [3.22], work-energy equation for the ED is formed.
As discussed in Section 3.2.2.6.1, the seismic force demand on the ED or Fg is computed by
solving Equations [3.24]. Table A.1 shows the calculations for the computation of Fgj,. Here, the
value of F, = 1151 kips and dgp = 324 in. Hence, the required slip load of the friction device
ED or Fgp, is approximately 719 kips. A slightly lower value is however preferred, to enhance the
self-centering capability of the system. Hence, the required slip load or Fyp is assumed to

be 700 kips.
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Table A.1 Calculations for computing ED force demand for 3-storey prototype

Storey | h; (in) | w; (kips) | w;h; Z wih; | B; A; | AiFyhi | Fgp (kips)
3 540 723.5 390690 | 390690 1.0 0.43 | 267262
2 360 1135 408600 | 799290 | 1.9057 | 0.39 | 161600
719
1 180 1135 204300 | 1003590 | 2.339 | 0.18 | 37292
|
> 2994 | 1.0 | 466154

Next, initial pre-tensioning force in the PT (Fpr) is to be determined. As discussed in Section

3.2.26.2, Fpro is computed by solving Equations [3.25]. Here, the value of E, =
1151 kips, Fgp = 700 kips, dgp = 324 in and dpy = 324 in. Hence, Fpr( is calculated and is

equal to 734 kips. The next step is to determine the seismic force demand on PT or Fpr,, similar

to that of the ED. As discussed in Section 3.2.2.6.2, Fpr,, is computed by solving Equation [3.26].

Table A.2 shows the calculations for the computation of Fpr,,. Here, the value of F, = 1625 kips.

Hence, the required yield load of the PT or Fpr ,, is approximately 1325 kips. Since unbonded

mono-strand PT system is used, the required area of PT is: FPT’Y/Gy = 1325 kip5/243 si =

5.4 sq.in. Hence, 25# strands of 0.6” with a prestress of 50% of the ultimate tensile strength are used, such

that Fpr o = (25)(0.217)(270)(0.5) = 740 kips.
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Table A.2 Calculations for computing PT force demand for 3-storey prototype

Storey hi (ln) w; (kipS) wihi Z wihi ﬁi A‘i a—inhi FPT,y (klpS)
3 540 723.5 390690 | 390690 1.0 0.43 | 377325
2 360 1135 408600 | 799290 | 1.9057 | 0.39 | 228150
1325
1 180 1135 204300 | 1003590 | 2.339 | 0.18 | 52650
Y |
> 2994 | 1.0 | 658125

So far, the yielding components of the CR-CBF have been designed. The final step of the design

procedure is to capacity design the frame members to remain elastic under the maximum expected

loads of PT, thereby concentrating all the damage at desired locations only. The capacity design

procedure adopted in this thesis has been explained in Section 3.2.2.6.3. Using FBDs to establish

force equilibrium at various joints in the frame, design forces for each structural component is

estimated. Table A.3 summarizes the calculation of braces, beams and columns design forces and

the wide flange sections chosen to satisfy them in accordance with the requirements of ANSI/AISC

360-10 (2010). Although the beam at 1% floor level doesn’t carry any load, section for the storey

below is used.
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Table A.3 Summary of capacity design for 3-storey prototype

1783 Compression 20.18 W14x283
1783 Compression 20.18 W14x283
1783 Compression 20.18 W14x283

1325 Shear and Flexure 27 W27x539
2386 Tension 27 W14x283

0 -- 27 W14x159
1193 Tension 27 W14x159

1325 Compression 15 W14x193
1325 Compression 15 W14x193
1325 Compression 15 W14x193
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Appendix B Design Calculations for 6-Storey Prototype

This section of the Appendix shows the detailed calculations of the EEDP design of 6-storey
prototype discussed in Chapter- 4. The floor plan, elevations and the loading conditions for the
building have been given in Chapter- 4. As already discussed, the CR-CBF is a SFRS which is
responsible for resisting only the lateral inertial loads due to earthquakes. Hence, the CR-CBF
shall be connected to the gravity framing surrounding it in such a way that the gravity load is not
transferred to it. This requires reducing the bay width of the CR-CBF to 27 feet (324 inches), so
that it fits between the gravity columns. The primary SFRS or ED consists of friction device
installed at both the column bases. The secondary SFRS or PT consists of post-tensioning bars.

The EEDP design procedure of the 6-storey prototype CR-CBF consists of the following steps.

B.1  Select Performance Objectives under different Seismic Hazard Intensities

In Section 4.2, the different seismic hazards (MCE, DBE and SLE) and their corresponding
spectral acceleration spectra have been computed using ASCE/SEI 7-10 ASCE/SEI 7-10 (2010),
assuming the location of the prototype to be Berkeley, California and Soil Class ‘C’. Different
performance levels based on displacement-based limit states have been assumed in Section 3.2,

corresponding to each seismic hazard intensity.

B.2  Select Yielding RDR A, to Compute F, and T
For the 6-storey prototype, the yielding RDR A,, is chosen to be 0.22%. Using this value and
the SLE hazard as shown in Figure 4.4, the value of yielding base shear F, is computed to

be 0.2525 W, where W is the tributary seismic weight of the prototype (equal to 6400 kips). The
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fundamental time period T of the structure is computed using Equation [3.12] and is equal

to 0.8 sec. The value of C, is estimated to be equal to 1.42 (ASCE/SEI 41-06 2007).

B.3  Select Plastic RDR A, to Compute y, and F,,

A value of 0.92% is chosen to represent the plastic RDR, A,, that defines the second yielding

. A . . .
point. For T = 0.8 sec and u, = p/A = 4.2, the appropriate plot from Figure 3.7 is referred for
y

the value of the energy modification factor y,. Hence, y, is found to be equal to 1.85. In Equation
[3.13], the value of AEg;and AEy,;; are computed as 28630 kip.in and 15475.7 kip. in,

respectively. Thus, substituting the known values of y,, AEg, A,, H, A, and F, in Equation

[3.14], the value of ultimate base shear F, is computed and is equal to 0.3872 W',

B.4  Calculate y, and Ultimate RDR A,

The final step to completely define the trilinear force-deformation backbone is the estimation
of y,, and A,,. For the value of the energy modification factor y,,, the appropriate plot from Figure
3.8 is referred, using the known values of T and u,,. Hence, this value is equal to 2.1. In Equation
[3.15], the value of AEg, and AEy,, are computed as 38780 kip.in and 18466.7 kip. in,
respectively. Thus, substituting the known values of y,, AEg,, A,, H and Vj, in Equation [3.16],
the value of ultimate RDR A,, is computed and is equal to 1.61%. At the end of this exercise, the
final trilinear force-deformation backbone of the prototype is completely defined and is shown in

Figure 4.4.
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B.5 Distribute Design Base Shears between Primary and Secondary SFRSs
The structural design process starts with the distribution of the system strength into the primary

and secondary sub-systems. From Equations [3.18-3.20], the values of Fgp, Fpro and Fpr,, are

calculated as 0.42 W, 0.42 W and 0.87 W respectively.

B.6  Select Yielding Mechanisms and Design Structural Members

This step deals with the design of yielding and non-yielding structural components of CR-CBF.
Firstly, the required strength of the yielding components (ED and PT) are determined by
establishing energy equilibrium using the appropriate mechanism. Based on the vertical
distribution of base shear given by Equation [3.22], work-energy equation for the ED is formed.
As discussed in Section 3.2.2.6.1, the seismic force demand on the ED or Fyp is computed by
solving Equations [3.24]. Table B.1 shows the calculations for the computation of Fgp. Here, the
value of F, = 1616 kips and dgp = 324 in. Hence, the required slip load of the friction device
ED or Fgp is approximately 1993 kips. A slightly lower value is however preferred, to enhance
the self-centering capability of the system. Hence, the required slip load or Fg is assumed to

be 1950 kips.
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Table B.1 Calculations for computing ED force demand for 6-storey prototype

Storey | h; (in) | w; (kips) | w;h; Zwihi Bi | A4 | AiFyh; | Fgp (kips)

6 1080 723.5 781380 | 781380 | 1.0 | 0.29 | 506131

5 900 1135 1021500 | 1802880 | 1.93 | 0.27 | 392688

4 720 1135 817200 | 2620080 | 2.58 | 0.19 | 221069

3 540 1135 612900 | 3232980 | 3.05 | 0.13 | 113443 1993

2 360 1135 408600 | 3641580 | 3.34 | 0.08 | 46541

1 180 1135 204300 | 3845880 | 3.49 | 0.04 | 11635

> --- 6400 --- --- --- | 1.0 | 1291507

Next, initial pre-tensioning force in the PT (FPT,O) is to be determined. As discussed in Section
3.2.2.6.2, Fpro is computed by solving Equations [3.25]. Here, the value of F, =
1616 kips, Fgp = 1950 kips, dgp = 324 in and dpr = 324 in. Hence, Fpr is calculated and
is equal to 2009 kips. The next step is to determine the seismic force demand on PT or Fpr,,
similar to that of the ED. As discussed in Section 3.2.2.6.2, Fpr ,, is computed by solving Equation
[3.26]. Table B.2 shows the calculations for the computation of Fpr,,. Here, the value of F, =

2478 kips. Hence, the required yield load of the PT or Fpr,, is approximately 4118 kips. Since

- : . F -
post-tensioning bars are used, the required area of PT is: PT’Y/Gy=413O klps/lzo s =

34.3 sq. in. Hence, 13# bars of 1.75” with a prestress of 40% of the ultimate tensile strength are used, such

that Fpr o = (13)(2.62)(150)(0.4) = 2040 kips.
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Table B.2 Calculations for computing PT force demand for 6-storey prototype

Storey | h; (in) | w; (kips) | w;h; Z wih; | Bi | 4; | A;Fph; | Fpry (kips)
6 1080 723.5 781380 | 781380 | 1.0 | 0.29 | 776109
5 900 1135 1021500 | 1802880 | 1.93 | 0.27 | 602154
4 720 1135 817200 | 2620080 | 2.58 | 0.19 | 338990
3 540 1135 612900 | 3232980 | 3.05 | 0.13 | 173955 4130
2 360 1135 408600 | 3641580 | 3.34 | 0.08 | 71366
1 180 1135 204300 | 3845880 | 3.49 | 0.04 | 17841

So far, the yielding components of the CR-CBF have been designed. The final step of the design

procedure is to capacity design the frame members to remain elastic under the maximum expected

loads on PT, thereby concentrating all the damage at desired locations only. The capacity design

procedure adopted in this thesis has been explained in Section 3.2.2.6.3. Using FBDs to establish

force equilibrium at various joints in the frame, design forces for each structural component is

estimated. Table B.3 summarizes the calculation of braces, beams and columns design forces and

the wide flange sections chosen to satisfy them in accordance with the requirements of ANSI/AISC

360-10 (2010). Although the beams at the odd floor levels don’t carry any load, sections for the

storey above/below with lower design loads are used.
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Table B.3 Summary of capacity design for 6-storey prototype

5544 Compression 20.18 W14x550
5544 Compression 20.18 W14x550
5544 Compression 20.18 W14x550
5544 Compression 20.18 W14x550
5544 Compression 20.18 W14x550
5544 Compression 20.18 W14x550

3710 Tension 27 W14x455
0 -- 27 W14x455
7420 Tension 27 W14x808
0 -- 27 W14x455
7420 Tension 27 W14x808
0 -- 27 W14x455
3710 Tension 27 W14x455
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4120 Compression 15 W14x398
4120 Compression 15 W14x398
4120 Compression 15 W14x398
4120 Compression 15 W14x550
4120 Compression 15 W14x550
4120 Compression 15 W14x550
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